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Abstract 

Design of piles subject to ground settlement requires evaluation of three limit states including the 

geotechnical ultimate limit state (ULS), the structural ULS, and serviceability limit state (SLS). 

The structural ULS and SLS can be evaluated by performing a neutral plane analysis to calculate 

pile settlement and the maximum force in the pile under serviceability loads. The resistance 

distribution and tip stiffness of the pile are required input for a neutral plane analysis. The 

theoretical approach for evaluating the geotechnical ULS can differ for various design codes. The 

Canadian Highway Bridge Design Code (CHBDC) neglects negative skin friction when assessing 

the geotechnical ULS. The AASHTO LRFD Bridge Design Specifications includes drag force as 

an additional load on the pile and neglects shaft resistance where negative skin friction exists. Both 

codes are specified in Manitoba, and it is unclear how this discrepancy in codes affects bridge 

foundation design. A test pile program was developed to test the underlying theory behind 

evaluating the geotechnical ULS for the two bridge design codes and to quantify impacts on 

foundation design. The study was also designed to improve estimates of resistance distribution and 

tip stiffness of piles using dynamic testing with CAPWAP analysis and piezocone testing. 

Instrumented test piles were installed through a compressible clay layer to a hard end bearing 

stratum, then subjected to ground settlement by construction of a surrounding embankment. The 

capacity of the piles was measured during installation with dynamic testing and after experiencing 

ground settlement with static load testing. A load transfer model was calibrated to observations 

from the static load tests to model the pile capacity, settlement, and drag force for varying 

serviceability loads and distributions of negative skin friction. The results show that negative skin 

friction did not detrimentally affect the pile capacity. It was found that estimates of resistance 

distribution and pile tip stiffness using CAPWAP analysis were improved by considering residual 

stresses and setup.  It is concluded that the geotechnical ULS calculations according to the 

AASHTO LRFD Bridge Design Specifications can result in more conservative foundation designs, 

requiring more piles, than compared to the CHBDC. 
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1.0 Introduction 

1.1 Background 

1.1.1 Downdrag in Bridge Foundation Design 

Driven steel H-piles are a common deep foundation type used in the Winnipeg, Manitoba region 

for heavy structures including bridges (Belbas 2013). Pile foundations for bridge abutments 

experience unique loading conditions because construction of approach fills can cause large 

settlement of the soil in which piles are installed. This downward movement of soil relative to a 

pile causes downward shearing on the pile. The downward shear stress acting on the pile is referred 

to as “negative skin friction”, the accumulation of force in the pile from negative skin friction is 

referred to as “drag force”, and pile settlement caused by ground settlement is referred to as 

“downdrag” (Fellenius 2021a). Cases of structural collapse of bridges or excessive structure 

settlement have been documented as a result of downdrag and drag force (Davisson 1993). In local 

practice, there exists uncertainty in how to incorporate drag force and downdrag in limit states 

design, partly due to conflicting requirements of the various bridge design codes in North America.  

The three limit states to be evaluated for axially loaded piles include: 1) the geotechnical ultimate 

limit state (ULS) or geotechnical capacity; 2) the serviceability limit state (SLS) or pile settlement; 

and 3) the structural ULS or structural capacity. Drag force and downdrag must be considered in 

the design of piles subject to ground settlement to ensure adequate safety and performance. The 

Unified Design Method (Fellenius 1984, 1998, 2021a) adequately addresses these limit states and 

the effects of ground settlement by implementing a “neutral plane analysis” to calculate pile 

settlement and drag force. The Unified Design Method and neutral plane analysis considers the 

force distribution in a pile in static equilibrium under sustained dead load and a particular ground 

settlement distribution. Shear stresses along the shaft act in the positive or negative direction 

depending on relative displacement between pile and soil settlement. The compressive force at the 

top of the pile is equal to the dead load, and the axial force increases with depth due to negative 

skin friction to a neutral plane where soil and pile settlement are equal. Below the neutral plane, 

the axial pile force decreases as load is transferred to the soil in positive shaft resistance. The 

maximum force in the pile occurs at the neutral plane. The downward movement of the pile tip 

into the ground results in a compressive force at the tip. Continuity is required between the pile tip 
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force and stiffness of the soil/rock below the tip which is often described by a tip resistance vs tip 

movement (q-z) curve. A transition zone exists above and below the neutral plane where shaft 

shear stress is partially mobilized, but not fully mobilized, because of small relative displacement 

between the soil and pile. The pile settlement is equal to the sum of the tip penetration plus the 

elastic shortening of the pile. The neutral plane analysis can be used to calculate pile settlement 

for SLS design and the maximum force in the pile to evaluate the structural ULS. 

The Unified Design Method does not consider drag force or negative skin friction when evaluating 

the geotechnical ULS of a pile. When a pile is loaded to its geotechnical axial capacity, the 

downward movement of the pile causes a reversal of negative skin friction and positive shaft 

resistance will act along the length of the pile shaft (Bozozuk 1981, Canadian Geotechnical Society 

2006). The Canadian Foundation Engineering Manual (Canadian Geotechnical Society 2006) 

states that the negative skin friction should not be included in analyzing geotechnical capacity, 

though it should be considered in evaluating pile settlement and structural capacity at the neutral 

plane. 

Bridges in Manitoba are designed in accordance with the Canadian Highway Bridge Design Code 

(Canadian Standards Association 2019) or the AASHTO LRFD Bridge Design Specifications 

(AASHTO 2020) (Skaftfeld 2014). These two codes have a fundamentally different theoretical 

approach for assessing the geotechnical ULS (referred to as strength limit state in the AASHTO 

LRFD Bridge Design Specifications) for piles subject to ground settlement. The Canadian 

Highway Bridge Design Code does not consider negative skin friction for that limit state. The 

AASHTO LRFD Bridge Design Specifications includes the drag force as an additional load and 

neglects shaft resistance in the settling ground that contributes to negative skin friction. The 

discrepancies between the two design codes can lead to inconsistent practice and uncertainty 

regarding the effects of ground settlement on pile performance and design. Therefore, there is a 

need for improved understanding of how settling ground affects the performance of deep 

foundations and how negative skin friction should be incorporated into limit states design. 
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1.1.2 Measuring Pile Resistance and Capacity 

Design of piles subject to ground settlement requires additional information regarding pile 

behaviour than strictly a pile capacity. The distribution of shaft resistance with depth and the tip 

stiffness (q-z curve) are important aspects of pile behaviour for performing a neutral plane analysis 

to calculate pile settlement and drag force (Fellenius 2021a). Therefore, it is important to design 

investigation programs and load testing programs to collect adequate data to estimate the resistance 

distribution and tip stiffness. 

Dynamic pile testing with a Pile Driving Analyzer (PDA) has become more common in Winnipeg 

in recent years. Dynamic pile testing has many applications to aid in pile design and construction, 

measuring capacity being the main one (Likins and Rausche 2004). The pile capacity and the 

distribution of the resistance along the shaft and tip can be evaluated using the signal-matching 

program, CAse Pile Wave Analysis Program (CAPWAP) (Likins 2015). CAPWAP also provides 

simulated load-movement curves for the pile top and tip under static load testing. This additional 

data from dynamic testing with CAPWAP analysis provides significantly more benefit for 

designing piles subject to ground settlement versus strictly verifying capacities. 

The potential for setup and presence of residual stresses prior to dynamic testing are important 

considerations when interpreting CAPWAP results. The capacity and resistance distribution can 

change with time, referred to as “setup” when capacity increases occurs with time and “relaxation” 

for a decrease with time (Canadian Geotechnical Society 2006, Bullock 2008). Potential changes 

in the resistance distribution with time are a necessary consideration for assessing the long-term 

serviceability conditions of a pile. Bullock (2008) provided a number of recommendations to 

assess the time-dependent trend of setup or relaxation for driven piles including performing early 

restrikes with dynamic testing after initial driving. The interpretation of CAPWAP analyses are 

also complicated by the presence of residual stresses prior to the dynamic test. The residual stresses 

from the pile installation and subsequent soil reconsolidation are not captured from PDA testing 

(Fellenius 2002a). The resistance distribution along the pile as determined using CAPWAP is not 

accurate unless it is corrected for the residual loads in the pile (Fellenius 2002a). The CAPWAP 

results report the mobilized resistance from the test only, and does not consider residual stresses 

prior to the test. This results in an over estimation of the shaft resistance and an under estimation 
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of the tip resistance. Fellenius (2002a) proposed a method to estimate residual stresses from 

CAPWAP results and to correct the resistance distribution for the residual stresses. All driven piles 

will have residual stresses from the installation process and the residual stresses can be significant 

if the pile is driven to a very hard end bearing layer (Briaud and Tucker 1997). 

The Cone Penetration Test (CPT) and piezocone test (CPTu) is another tool that can be used for 

estimating pile capacities and resistance distribution (Mayne 2015). Numerous methods have been 

developed for estimating shaft and tip resistance for various pile and soil types. All CPT and CPTu 

methods for pile capacity are based on empirical correlations for the pile type and ground 

conditions for which they were derived (Fellenius 2021a). There are no documented case histories 

correlating CPT or CPTu methods to the capacity or resistance distribution of driven steel H-piles 

installed in typical ground conditions for the Winnipeg region. Any correlation of CPT/CPTu data 

to load test data is dependent on the interpretation of load test results and whether residual stresses 

were considered in interpreting the resistance distribution of the pile.  

Measuring residual strains after the pile driving process would result in improved interpretation of 

actual stresses in a pile during load testing or serviceability conditions. Vibrating wire strain 

gauges are a preferred technology for measuring strain in driven piles because they have proven 

long-term stability and durability, they can have long cables length without adverse affects on 

measurements, and they are functional in conditions with excessive moisture which would short 

circuit electrical gauges (Paikowsky and Hajduk 2004). It is challenging to accurately measure 

residual strains with vibrating wire strain gauges however. Difficulties arise from (i) bending in 

the pile requires diametrically opposite readings, (ii) strain gauges can be overstressed resulting in 

a change in the calibration, (iii) dynamic loading can cause a relaxation of locked-in manufacturing 

strains from uneven cooling during the manufacturing process of steel, and (iv) temperature effects 

from installing the pile in cooler ground (Fellenius 2002b). Overcoming these challenging can 

result in improved interpretation of the resistance distribution and tip stiffness (q-z curve) of piles 

from load testing. 
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1.2 Gaps in Knowledge 

The following key gaps in knowledge were identified in the field of piles subject to ground 

settlement: 

 The design and cost implications of designing bridge foundations in accordance to 

Canadian Highway Bridge Design Code versus AASHTO LRFD Bridge Design 

Specifications for piles subject to ground settlement. 

 Local case studies measuring the effects of ground settlement on pile performance 

including pile settlement, drag force, and pile capacity. 

 Procedures for observing and correcting for potential shifts of the no-load or zero reading 

of vibrating wire strain gauges on driven piles, necessary for interpreting residual stresses 

after pile driving. 

 Procedures for estimating the tip stiffness from dynamic testing with CAPWAP analysis 

in consideration of setup and residual stresses.  

 Local correlations for CPT/CPTu methods for estimating pile shaft resistance of driven 

steel H-piles in the Winnipeg region. 

1.3 Goal and Objectives 

The overarching goal of the research was to advance engineering practice in Manitoba for design 

of piles subject to ground settlement and improving efficiency of bridge foundations. To address 

this goal, the research included the following objectives: 

1. To quantify the potential difference in foundation designs and cost implications when 

following the AASHTO LRFD Bridge Design Specifications versus the Canadian 

Highway Bridge Design Code for piles subject to ground settlement. 

2. To develop procedures for measuring residual strains in driven piles using vibrating wire 

strain gauges in consideration of potential shifts in strain from the relaxation of locked-in 

manufacturing strain and temperature effects. 
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3. To observe and quantify effects of ground settlement on pile capacity, pile settlement, and 

drag force for a driven steel H-pile in Winnipeg, Manitoba. 

4. To compare the capacity, resistance distribution, and tip stiffness of a single pile as 

determined from a static load test versus dynamic testing with CAPWAP analysis. 

5. To quantify setup and rate of change of pile capacity for a driven steel H-pile for local 

ground conditions in Winnipeg. 

6. To develop and evaluate procedures for estimating the pile tip q-z curve and resistance 

distribution from dynamic testing with CAPWAP analysis in consideration of setup and 

residual stresses. 

7. To develop correlations and compare existing CPT/CPTu methods to estimate shaft 

resistance of driven steel H-piles for local ground conditions in Winnipeg. 

1.4 General Methodology 

A full-scale test pile program was designed to address the research goal and objectives. A study 

site was selected to the west of Winnipeg, Manitoba with typical ground conditions for the region 

consisting of glaciolacustrine silty clay overlying a dense, silt dominant till. Testing was performed 

on two instrumented steel HP 310x94 piles.  

The pile instrumentation program was designed to observe for potential bending, shifts in strain 

readings due to relaxation of locked-in manufacturing strains, and temperature effects from 

installing piles into cooler ground. Strain gauge readings were used to interpret residual stresses 

from pile driving, long-term drag forces, and the resistance distribution during load testing. 

The instrumented piles were driven to be end bearing in the dense till layer. Dynamic testing was 

performed during initial driving of the test piles and for a series of restrikes to measure the pile 

capacity and setup trend. An embankment was constructed surrounding the piles to induce ground 

settlement. The piles were monitored for over one year to observe downdrag and drag forces. 

Lastly, static load tests were performed to measure the capacity and resistance distribution of the 

piles that were experiencing negative skin friction. 



7 

1.5 Thesis Structure 

This thesis is prepared as a grouped manuscript style thesis and consists of nine chapters. Chapters 

2, 5, 6, 7, and 8 have been submitted as manuscripts to the Canadian Geotechnical Journal. Chapter 

2 has been published and Chapter 5 has been accepted for publication. Chapters 6, 7, and 8 are 

being reviewed at the time of publication of this thesis. 

Chapter 1 introduces the research topic including a background in the research area, gaps in 

knowledge, the research goal and objectives, and a brief description of the research methodology. 

Chapter 2 provides context for the practical implications of this research with a comparison of the 

AASHTO LRFD Bridge Design Specifications and Canadian Highway Bridge Design Code for 

piles subject to ground settlement.  Fellenius ( 2021b) published a discussion in the Canadian 

Geotechnical Journal regarding the manuscript presented in Chapter 2. Section 2.6.1 provides a 

reply to Dr. Fellenius’ discussion paper. 

A description of the test pile program is provided in Chapters 3 and 4. Chapter 3 provides a detailed 

description of the site characterization for the selected study site. Chapter 4 describes the test pile 

program methodology including descriptions of the geotechnical instrumentation, pile 

instrumentation, pile installation, embankment construction, and static load testing. 

Results and discussion on the test pile program are provided in Chapters 5 through 8. Chapter 5 

provides findings on interpreting residual stresses in driven piles using vibrating wire strain 

gauges. Chapter 6 describes the observations of ground settlement and negative skin friction on 

pile performance. These observations are used to test the underlying theory behind the two bridge 

design codes and compare the implications for pile design. Chapter 7 provides dynamic testing 

results and recommendations for estimating pile tip stiffness and the shaft resistance distribution 

from CAPWAP analysis. Chapter 8 provides a comparison of the measured shaft resistance 

distribution to various existing CPT and CPTu methods. 

Chapter 9 provides a conclusion to the thesis and includes a discussion relating the manuscript 

chapters to each other and to the overarching goal of the research, a summary of contributions to 
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knowledge in the field of piles subject to ground settlement, and recommendations for future 

research. 
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Connecting Section 

Chapter 1 provided an introduction to the thesis. It included a background on the research area of 

piles subject to ground settlement, gaps in knowledge, the research goal and objectives, a brief 

description of the research methodology, and an outline of the thesis structure. It was identified in 

Chapter 1 that the Canadian Highway Bridge Design Code and AASHTO LRFD Bridge Design 

Specifications have a different theoretical approach for evaluating the geotechnical ULS of a pile 

experiencing negative skin friction. 

The next chapter, Chapter 2, compares the two bridge design codes in more detail. Potential 

differences in pile design are compared based on the two design codes for several simplified 

scenarios of piles installed through a compressible, settling soil layer into a non-settling soil layer. 
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2.0 Comparison of Canadian Highway Bridge Design Code and AASHTO 

LRFD Bridge Design Specifications regarding Pile Design subject to 

Negative Skin Friction 

Abstract 

Negative skin friction acting on piles has long been included in the design of bridge foundations 

subject to ground settlement. However, currently there are inconsistencies in how negative skin 

friction and drag force are incorporated into the calculation of the geotechnical ultimate limit state 

(ULS), partly due to differences in the design codes. The latest editions of the Canadian Highway 

Bridge Design Code and AASHTO LRFD Bridge Design Specifications are compared with the 

analysis of a hypothetical steel H-pile, driven through a settling clay layer into a dense, nonsettling 

layer. The results show that foundation designs can be significantly more conservative and costly 

when adhering to the AASHTO code because this code includes the drag force in the geotechnical 

ULS. It is concluded that adhering to the CHBDC can result in a reduced foundation system by 

considering the actual force distribution in the pile.  

2.1 Introduction 

The settlement of ground around pile foundations causes negative skin friction to develop, 

resulting in increased compressive loading in the pile and pile settlement (Fellenius 1984; Fellenius 

1998; Briaud and Tucker 1997). When the effects of negative skin friction are neglected or 

inadequately analyzed, failure or excessive settlement can occur. Davisson (1993) summarized 

seven case histories where excessive pile settlement or collapse of structures occurred due to 

settling ground and associated downdrag or drag force applied to the deep foundation elements. 

For three of these cases, the piles were identified as having failed structurally. These performance 

and safety concerns related to ground settlement need to be considered for bridge abutments as 

placement of fill around abutments for approach embankments can result in large soil settlements.  

The terminology used to describe the effects of ground settlement of piles often varies. The 

definitions adopted by Fellenius (2014; 2018) will be used throughout this document. The 
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downward shearing from the soil to the pile from soil settlement will be referred to as “negative 

skin friction.” The resulting force or load on the pile is referred to as “drag force.” The drag force 

is determined from the integral of the negative skin friction along the length of the pile shaft. 

Lastly, the movement of a pile with settling ground is referred to as “downdrag”.  

The Unified Design Method by Fellenius (1984; 1998; 2018) considers three aspects of pile 

performance and safety including: (i) the geotechnical axial resistance; (ii) the structural strength 

of the pile; and (iii) the pile settlement. This method involves performing a static analysis of the 

load-transfer to determine the location of the neutral plane. The neutral plane occurs where the pile 

is in equilibrium with the dead load and drag force above the neutral plane and positive shaft and 

tip resistance below. The process requires that the mobilized tip resistance be appropriate for the 

penetration of the pile tip relative to the surrounding soil. Unfactored loads must be considered to 

estimate the drag force because the drag force is associated with the relative settlement between 

the soil and pile. The pile performance and safety criteria are then assessed as follows (Fellenius 

2018): 

1. To assess the geotechnical axial resistance or geotechnical ultimate limit state (ULS), 

the dead and live loads must be adequately lesser than the ultimate pile resistance while 

satisfying a factor of safety or load and resistance factored design (LRFD) 

requirements. The drag force must not be considered in the loads or resistance for this 

scenario. The Canadian Foundation Engineering Manual (CFEM) (Canadian 

Geotechnical Society (CGS 2006)) similarly suggests that the geotechnical axial 

resistance at ULS describes a plunging failure and negative skin friction; therefore, 

cannot exist during this scenario. 

2. To assess the  structural ULS of the pile, the maximum compressive load in the pile 

(equal to the dead load plus the drag force) must be adequately lower than the structural 

resistance. Fellenius (2018) and the CFEM (CGS 2006) suggest a factor of safety of 

1.5 should be applied. Alternatively, load and resistance factors can be used for LRFD 

to satisfy the structural resistance. 
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3. The settlement or serviceability limit state (SLS) is assessed by considering both the 

dead load and ground settlement (downdrag). The pile head settlement is equal to the 

soil settlement at the neutral plane plus elastic shortening of the pile above the neutral 

plane. The settlement must be less than the maximum value limited by the structural 

design and considering both total and differential settlement.  

The manner in which ground settlement and negative skin friction are considered in bridge 

foundation design is not consistent internationally between various regional codes. Fellenius 

(2014) compared eight design codes for the analysis of a hypothetical 0.4 m diameter bored pile 

through 20 m of settling clay and bored to or into a bearing, non-settling layer. This example 

showed that the pile was adequate for meeting the geotechnical ULS for long-term conditions 

based on the Canadian Highway Bridge Design Code (CHBDC; Canadian Standard Association 

2006) but was inadequate based on the AASHTO LRFD Bridge Design Specifications (AASHTO 

2012; referred to hereafter as the AASHTO Code). The AASHTO Code conflicts with the Unified 

Design Method by not recognizing that drag force does not exist during a plunging failure. 

This paper quantifies how adhering to the latest AASHTO Code (AASHTO 2017) can result in 

costlier and more conservative pile foundation designs compared to adhering to the latest CHBDC 

(Canadian Standard Association 2014). This is performed by analyzing several hypothetical 

scenarios for a driven steel pile through a settling clay layer into a dense, non-settling layer. These 

two codes are commonly used in North America and are both used within Canada. A comparison 

is therefore useful to understand the consequences and quantify the potential cost implications for 

bridge foundations. 

2.2 Review of Design Codes 

Both the CHBDC and AASHTO Code have requirements specified for the geotechnical ULS, 

structural ULS, and SLS design elements for deep foundations. It should be noted that the 

AASHTO Code refers to strength limit state versus ULS and service limit state versus SLS when 

interpreting and comparing the codes. These two codes differ substantially for calculating the 

geotechnical ULS for piles subject to ground settlement. The CHBDC generally follows the 

principles from the Unified Design Method whereas the AASHTO Code contradicts the principles 



15 

outlined by Fellenius (2014). A brief description of the code requirements for satisfying the 

geotechnical ULS is described below for both codes. 

 The CHBDC states in Section 6.11.4.10 (Canadian Standards Association 2014) for piles subject 

to ground settlement that 

When settlement of the surrounding ground occurs relative to a pile, two limit states shall 

be considered: (a) ULS of the pile at the neutral plane; and (b) SLS deformations at the 

pile top. Unfactored permanent loads associated with life cycle settlement of the 

surrounding ground shall be used when predicting the neutral plane location. The location 

of the neutral plane shall be used for calculating both the deformations associated with 

SLS and for the ULS effects. Transient loads shall not be included in the prediction of the 

location of the neutral plane or settlement.

Note that the code does not state a requirement to include drag force when assessing geotechnical 

resistance or plunging failure. Considering the effects of negative skin friction for the structural 

ULS and settlement of the pile head is consistent with the Unified Design Method and with the 

recommendations of the CFEM (CGS 2006) and United States Department of Transportation 

Federal Highway Administration (FHWA) Manual (Hannigan et al. 2016). 

The AASHTO Code states in Article 10.7.3.7 (AASHTO 2017, pg. 10-98) regarding piles subject 

to negative skin friction that 

The foundation should be designed so that the available factored geotechnical resistance 

is greater than the factored loads applied to the pile, including the downdrag, at the 

strength limit state. The nominal pile resistance available to support structure loads plus 

downdrag shall be estimated by considering only the positive side and tip resistance below 

the lowest layer contributing to the downdrag. The pile foundation shall be designed to 

structurally resist the downdrag plus structure loads. 

The terminology from the AASHTO Code differs where “downdrag” is used to describe drag 

force and “strength limit state” refers to the geotechnical ULS. Not only does this code include a 
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factored drag force as a load on the pile for the geotechnical ULS, but the resistance is also reduced 

by only considering shaft and tip resistance below the neutral plane. This is considerably more 

conservative than the CHBDC requirements, which can result in changing pile design to 

incorporate longer piles and (or) requiring additional piles (Fellenius 2014).  An exception exists 

in Article 3.11.8 (AASHTO 2017, pg 3-144) that states, “If transient loads act to reduce the 

magnitude of downdrag loads and this reduction is considered in the design of the pile or shaft, 

the reduction shall not exceed that portion of transient load equal to the downdrag force effect”.

Even with this clause, if the drag force is greater than the live load, then the AASHTO Code will 

still be conservative compared to the CHBDC requirements. This is the likely case when the 

settling ground is deep and a large drag force exists. 

The AASHTO Code acknowledges the possibility that situations may arise where the geotechnical 

resistance below the lowest layer contributing to negative skin friction is not sufficient to meet the 

geotechnical ULS. Article 10.7.3.7 (AASHTO 2017, pg. 10-98) states 

In the instance where it is not possible to obtain adequate geotechnical resistance below 

the lowest layer contributing to downdrag, e.g., piles supported by side resistance, to fully 

resist the downdrag, or if it is anticipated that significant deformation will be required to 

mobilize the geotechnical resistance needed to resist the factored loads including the 

downdrag load, the structure should be designed to tolerate the settlement resulting from 

the downdrag and the other applied loads….  

This appears to imply that a pile foundation design may meet code requirements even if it does not 

meet the geotechnical ULS provided that the structure and pile settlements are compatible, which 

are SLS requirements. The authors are not familiar with how this clause is being interpreted and 

applied in practice.  

2.3 Pile Analysis Methodology 

A hypothetical pile has been analyzed in order to compare the impact on design of a pile element 

based on the AASHTO Code and CHBDC requirements. The analysis considers a steel H-pile 

driven through clay and into a bearing strata such as dense, granular till. Three scenarios are 
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considered where the clay deposit is thin (5 m), intermediate (10 m), or thick (15 m). These 

scenarios are described as Scenario A, B, and C, respectively. The groundwater level is assumed 

to be at 2 m below existing ground surface. The clay is assumed to have a unit weight of 18 kN/m3

and the till is assumed to be 20 kN/m3. A 10 m clay fill embankment is constructed with material 

properties of the clay deposit. The pile is installed through the embankment, representative of a 

pile for a perched abutment. 

The pile type is a steel HP310x110 with a yield strength of 350 MPa. The pile is driven to practical 

refusal, which is assumed to occur 5 m into the dense till. The hypothetical pile has been assigned 

an end bearing resistance (������) of 2000 kN. Fellenius (1998) suggested that load transfer along 

the pile shaft is a function of effective stress, so the shaft resistance is calculated based on an 

effective stress analysis with the �-method. The unit shaft resistance is calculated from the vertical 

effective stress multiplied by a beta-coefficient (�). � is assumed to be equal to 0.25 for the clay 

and is within the range suggested in the CFEM (CGS 2006).  � is assumed to be equal to 0.37 for 

the till with a limiting shaft friction of 81 kPa as recommended by the American Petroleum Institute 

(2007) for a dense sand-silt. 

To compare the codes, a consistent 500 kN dead load (DL) and 100 kN live load (LL) are 

considered. The clay deposit is assumed to undergo consolidation from embankment construction 

leading to the development of fully mobilized negative skin friction in the clay and embankment 

fill. The drag force (DF) is calculated for long-term conditions with no excess porewater pressure 

using the �-method. It is assumed that only the settling layers of the clay and clay fill contribute 

to the negative skin friction and that the dense till contributes to positive shaft resistance. This is a 

simplified analysis and does not consider the transition zone from fully mobilized negative to 

positive shaft resistance. Also, this analysis does not consider the tip resistance with displacement 

(� – �, where � is tip resistance and � is tip movement) relationship. This simplification was made 

to compare the calculation of the geotechnical ULS based on the code requirements alone and not 

the methodology in which the drag force was calculated. In other words, it assumes that the drag 

force as calculated with the Unified Design Method would be consistent with assuming fully 
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developed negative skin friction in the settling clay and fill layers. The soil properties and loading 

conditions assumed in the analysis are shown in Figure 2.1. 

Figure 2.1:Forces acting on pile for hypothetical analysis. β, beta-coefficient; γ, unit weight. 

2.4 Pile Analysis Results 

2.4.1 Scenario A: Thin Clay Deposit (5 m Thick) 

This analysis considers a 5 m thick deposit of clay overlying a dense till deposit. A 10 m thick 

embankment of clay fill is constructed at the pile location. The settling soil layer assumed to 

contribute to negative skin friction is therefore 15 m thick in total. Figure 2.2 shows the distribution 

of force with depth for the pile in equilibrium subjected to the 500 kN dead load. The neutral plane 

is assumed to occur at the clay-till interface with fully mobilized negative skin friction in the clay 

and fully mobilized positive shaft resistance in the till. The maximum force distribution at the 

geotechnical ULS is also shown. The total geotechnical axial resistance is 3100 kN with 2000 kN 

from tip resistance and 1100 kN from shaft resistance. The drag force is equal to 600 kN and the 

maximum load in the pile of 1100 kN occurs at the clay-till interface. The loads, factored loads, 
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resistance, and factored resistance calculated for the geotechnical ULS are summarized in Table 

2.1. 

Figure 2.2:Pile force distribution at equilibrium and geotechnical ULS for scenario A. 

Table 2.1: Geotechnical ULS calculations according to code requirements for scenario A. 

Code 
Loads (kN) Factored Loads (kN)a Resistance (kN) 

Adequatec
# of Piles 

Requiredd
DL LL DF DL LL DF Sum Unfactored Factoredb

CHBDC 500 100 0 600 170 0 770 3100 1240 Yes 1 

AASHTOe 500 100 600 625 175 630 1430 2500 1125 No 2 

AASHTOf 500 100 500 625 175 525 1325 2500 1125 No 2 

a. Load factors of 1.2 and 1.7 are applied for CHBDC for DL and LL, respectively. Load factors of 1.25, 1.75, 
and 1.05 are applied for AASHTO Code for DL, LL, and DF, respectively. 

b. Resistance factor of 0.4 is applied for CHBDC. Resistance factor of 0.45 is applied for AASHTO Code. 
c. Pile is deemed adequate if factored resistance is greater than sum of factored loads. 
d. Minimum number of piles required to satisfy the geotechnical ULS calculation for dead load of 500 kN and 

live load of 100 kN. Note that each pile is subject to drag force for AASHTO calculations. No group effects 
or reduction of drag force has been considered where more than 1 pile is required. 

e. Drag force is not reduced by live load. 
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f. Drag force is reduced by live load. 

From the CHBDC, the geotechnical ULS is calculated by considering the factored loads and 

factored resistance with no consideration of drag force. Applying load factors of 1.2 for dead load 

and 1.7 for live load, the total factored load is 770 kN. These load factors were selected as possible 

factors for the ULS “combination 1” of the CHBDC with only dead load and live load being 

applied. A geotechnical resistance factor of 0.4 was selected for static analysis with a typical 

degree of understanding from the CHBDC. This results in a factored geotechnical axial resistance 

of 1240 kN. Based on this analysis, the design is sufficient for the geotechnical ULS. 

For the AASHTO Code, the load factors are 1.75 for live load, 1.25 for dead load, and 1.05 for 

drag force. These load factors were selected as possible factors for the “strength 1 load 

combination” with only dead load, live load, and drag force applying. No specific load factor is 

provided for the �-method for calculating the drag force, therefore the load factor for the �-method 

was applied. The factored load is equal to 1430 kN. The code provides a resistance factor for static 

analysis of piles in sand of 0.45 using the Nordlund-Thurman method (Nordlund 1979; Hannigan 

et al. 2016) or 0.30 using the SPT method. A geotechnical resistance factor of 0.45 is considered 

for the granular till in this analysis as a resistance factor for the �-method in sand is not provided 

in the code. Only the resistance below the neutral plane is considered, which is 2000 kN of tip 

resistance and 500 kN of shaft resistance in the till. The factored resistance is 1125 kN and is less 

than the factored load. Two piles would be required to resist the same dead load and live load when 

including the drag force in the geotechnical axial ULS. This would result in a doubling of costs for 

supply of the piles and an increase in costs associated with installation. 

If the live load is assumed to reduce the drag force, then DF = 500 kN when the 100 kN live load 

is applied. With this load combination with the DL = 500 kN, LL = 100 kN, and DF = 500 kN, the 

factored load is equal to 1325 kN. This is still greater than the factored resistance of 1125 kN from 

the resistance below the neutral plane or settling layer. Two piles would still be required to resist 

the same dead load and live load. 
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2.4.2 Scenario B: Intermediate Thickness Clay Deposit (10 m Thick) 

This analysis considers a 10 m thick clay deposit and a 10 m thick embankment of clay fill 

constructed at the pile location. The settling soil layer assumed to contribute to negative skin 

friction is therefore 20 m thick in total. Figure 2.3 shows the distribution of force with depth and 

the maximum force distribution at the geotechnical ULS. The total geotechnical axial resistance is 

3490 kN with 2000 kN from tip resistance and 1490 kN from shaft resistance. The drag force DF 

= 990 kN and the maximum load in the pile of 1490 kN occurs at the clay-till interface. 

Calculations for the factored loads and the factored resistance were completed with the same 

assumptions as scenario A. The loads, factored loads, resistance, and factored resistance calculated 

for the geotechnical ULS are summarized in Table 2.2.  
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Figure 2.3:Pile force distribution at equilibrium and geotechnical ULS for scenario B. 

Table 2.2: Geotechnical ULS calculations according to code requirements for scenario B. 

Code 
Loads (kN) Factored Loads (kN)a Resistance (kN) 

Adequatec
# of Piles 

Requiredd
DL LL DF DL LL DF Sum Unfactored Factoredb

CHBDC 500 100 0 600 170 0 770 3490 1395 Yes 1 

AASHTOe 500 100 990 625 175 1040 1840 2500 1125 No 10 

AASHTOf 500 100 890 625 175 935 1735 2500 1125 No 5 

a. Load factors of 1.2 and 1.7 are applied for CHBDC for DL and LL, respectively. Load factors of 1.25, 1.75, 
and 1.05 are applied for AASHTO Code for DL, LL, and DF, respectively. 

b. Resistance factor of 0.4 is applied for CHBDC. Resistance factor of 0.45 is applied for AASHTO Code. 
c. Pile is deemed adequate if factored resistance is greater than sum of factored loads. 
d. Minimum number of piles required to satisfy the geotechnical ULS calculation for dead load of 500 kN and 

live load of 100 kN. Note that each pile is subject to drag force for AASHTO calculations. No group effects 
or reduction of drag force has been considered where more than 1 pile is required. 

e. Drag force not reduced by live load. 
f. Drag force reduced by live load. 
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The pile foundation meets the geotechnical ULS requirements for the CHBDC. With the increased 

depth of clay and pile length, the shaft resistance has increased compared to scenario A. This 

results in the geotechnical ULS being satisfied by a greater margin. 

For the AASHTO Code, the factored drag force used in the geotechnical ULS calculation has 

increased with the increasing thickness of settling clay. The resistance from the portion of the pile 

below the settling soil remains constant; however, with the assumed limit on shaft friction and the 

consistent end bearing (tip) resistance. This results in a factored load that is much greater than the 

factored resistance. In order to resist DL = 500 kN and LL = 100 kN, 10 piles would be needed 

according to the AASHTO Code to satisfy the geotechnical ULS requirements. Note that the drag 

force will act on every pile. If the live load is assumed to reduce the drag force by an equal 

magnitude, the geotechnical ULS is still not satisfied. With this assumption however, the minimum 

required number of piles decreases to five. The supply cost for piles for scenario B is 5 to 10 times 

greater when adhering to the AASHTO Code versus the CHBDC and costs would increase related 

to the pile installation. 

2.4.3 Scenario C: Deep Clay Deposit (15 m Thick) 

This analysis considers a 15 m thick deposit of clay and a 10 m thick embankment of clay fill 

constructed at the pile location. The settling soil layer assumed to contribute to negative skin 

friction is therefore 25 m thick in total. Figure 2.4 shows the distribution of force with depth and 

the maximum force distribution at the geotechnical ULS. The total geotechnical axial resistance is 

3940 kN with 2000 kN from tip resistance and 1940 kN from shaft resistance. The drag force DF 

= 1440 kN and the maximum load in the pile of 1940 kN occurs at the clay-till interface. 

Calculations for the factored loads and the factored resistance are completed with the same 

assumptions as scenarios A and B. The loads, factored loads, resistance, and factored resistance 

calculated for the geotechnical ULS are summarized in Table 2.3.  
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Figure 2.4: Pile force distribution at equilibrium and geotechnical ULS for scenario C. 

Table 2.3: Geotechnical ULS calculations according to code requirements for scenario C. 

Code 
Loads (kN) Factored Loads (kN)a Resistance (kN) 

Adequatec
# of Piles 

Requiredd
DL LL DF DL LL DF Sum Unfactored Factoredb

CHBDC 500 100 0 600 170 0 770 3940 1575 Yes 1 

AASHTOe 500 100 1440 625 175 1510 2310 2500 1125 No NAf

AASHTOg 500 100 1340 625 175 1405 2205 2500 1125 No NAf

a. Load factors of 1.2 and 1.7 are applied for CHBDC for DL and LL, respectively. Load factors of 1.25, 1.75, 
and 1.05 are applied for AASHTO Code for DL, LL, and DF, respectively. 

b. Resistance factor of 0.4 is applied for CHBDC. Resistance factor of 0.45 is applied for AASHTO Code. 
c. Pile is deemed adequate if factored resistance is greater than sum of factored loads. 
d. Minimum number of piles required to satisfy the geotechnical ULS calculation for dead load of 500 kN and 

live load of 100 kN. Note that each pile is subject to drag force for AASHTO calculations. No group effects 
or reduction of drag force has been considered where more than 1 pile is required. 

e. Drag force not reduced by live load. 
f. NA, not applicable. This pile type is deemed inadequate. Factored drag force is greater than factored 

resistance. No number of piles would be sufficient to satisfy the code. 
g. Drag force reduced by live load. 
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The pile foundation meets the geotechnical ULS requirements for the CHBDC. Again, with 

increasing depth of clay and pile length, the shaft resistance has increased. This results in the 

geotechnical ULS being satisfied by a greater margin than scenarios A and B. 

For the AASHTO Code, the factored drag force used in the geotechnical ULS calculation has 

further increased compared to scenarios A and B with the increasing thickness of settling ground. 

The resistance from the portion of the pile below the settling soil remains constant; however, with 

the assumed limit on shaft friction and the consistent end bearing (tip) resistance. The factored 

load is much greater than the factored resistance. In this case, the factored drag force alone is 

greater than the factored resistance. The calculation indicates that a pile does not have any capacity 

to resist the dead load or live load because the geotechnical resistance at ULS is exceeded by the 

drag force alone. Therefore, this configuration cannot be designed with the piles used and any 

number of piles would be insufficient to satisfy the geotechnical ULS without a means to reduce 

the drag force. Application of a bitumen coating, e.g., would increase costs however, and has been 

reported to increase the cost per pile by 15%–50% compared to an uncoated pile (Briaud and 

Tucker 1997). 

2.5 Discussion and Conclusions 

The hypothetical analyses performed provide a quantitative comparison of the geotechnical ULS 

calculations for pile foundations subject to ground settlement for the CHBDC and the AASHTO 

Code. For each of scenarios A, B, and C, the pile met the geotechnical ULS requirements of the 

CHBDC, but did not meet requirements of the AASHTO Code. The number of additional piles 

required to resist the dead load and live load was double for scenario A and up to 10 times for 

scenario B. For scenario C, it was not possible to satisfy the geotechnical ULS for the given pile 

type due to the large drag force according to the AASHTO Code. Adhering to the AASHTO Code 

will result in more conservative and costly designs or an inability to achieve the necessary 

geotechnical resistance. 

The results of this analysis were consistent with the analysis performed by Fellenius (2014) with 

the example pile meeting the CHBDC, but not the AASHTO Code requirement for geotechnical 

ULS. This work expands the comparison between the codes to quantify how costs can increase by 
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using the more conservative AASHTO Code. Engineers should be aware that when required to 

follow the AASHTO Code, it can result in significantly more piles in the foundation design or 

result in opting for a more expensive foundation type to extend deeper below the settling ground. 

The example calculations provided and the consequences are of importance as settling ground at 

bridge abutments is a common occurrence.  

Results of the hypothetical analysis with varying thickness of settling ground showed an interesting 

trend. As the thickness of the clay deposit increases, the resistance of the pile against plunging 

failure increases as shown in Figures 2.2, 2.3, and 2.4. This is reflected in the geotechnical ULS 

calculations when following the CHBDC. The thicker the clay deposit, the greater the factored 

resistance exceeds the factored load. The geotechnical ULS calculations according to the CHBDC 

requirements follow this trend with an increasing margin of safety. For the AASHTO Code 

however, the geotechnical ULS was found to be inadequate despite the high factor of safety. As 

the clay depth increases and the factor of safety increases, the AASHTO Code does not reflect the 

increase in safety regarding a potential plunging failure. Instead, the margin in which the factored 

load exceeds the factored resistance increases with increasing depth of soil.  

Any combination of assumptions in this analysis could have made the difference between CHBDC 

versus AASHTO Code calculations more or less drastic. For example, the assumed values for �, 

the assumption of a limiting shaft resistance in the till, the assumed ultimate end bearing resistance, 

whether the alpha-method or �-method is used for the shaft resistance, the assumed soil thickness, 

the assumed loads, among other assumptions, all influenced the calculations. These values were 

selected, however, to be reasonable for the common situation of a bridge abutment constructed at 

a site with a clay deposit overlying competent, nonsettling strata. A more realistic analysis in 

design would require considering the � - � pile tip behaviour and the potential for strain-hardening 

or strain-softening of the pile shaft resistance.  By simplifying this analysis such that the unfactored 

loads, resistance, and drag force are the same for the CHBDC and AASHTO Code calculations, a 

direct comparison of applying the codes for the geotechnical ULS was possible. 

It can be challenging to design a pile foundation according to the AASHTO Code when the drag 

force results in the requirement for a large number of piles (scenario B) or results in a drag force 
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greater than the entire factored resistance (scenario C). In such a case, one might incorporate a 

means to reduce the negative skin friction and drag force in the design. Bitumen coating is one 

such method that has been observed to have a high effectiveness and relatively low cost compared 

to other options (Briaud and Tucker 1997). Although this technique would decrease drag force, it 

would also decrease the available positive shaft resistance (Fellenius 1998). Ironically, by reducing 

drag force to meet the geotechnical ULS requirements, the actual margin of safety against a 

plunging failure will decrease. Bitumen coating may be beneficial to reduce the maximum load in 

the pile to satisfy structural ULS requirements and to reduce settlement, however. 

Alternatively, when the drag force is large and the geotechnical ULS cannot be satisfied according 

to the AASHTO Code, one might design the bridge to accommodate the settlement. Article 

10.7.3.7 (AASTHO 2017, pg. 10-98) regarding downdrag effects on the strength limit state 

(geotechnical ULS) states, 

In the instance where it is not possible to obtain adequate geotechnical resistance below 

the lowest layer contributing to downdrag, e.g., piles supported by side resistance, to fully 

resist the downdrag, or if it is anticipated that significant deformation will be required to 

mobilize the geotechnical resistance needed to resist the factored loads including the 

downdrag load, the structure should be designed to tolerate the settlement resulting from 

the downdrag and the other applied loads…. 

This statement introduces SLS requirements in the geotechnical ULS requirements and implies 

that a design can be acceptable if it does not meet the geotechnical ULS provided that settlement 

is acceptable. Having geotechnical ULS requirements that are optional does not provide for 

appropriate margins of safety in the design. A more theoretically sound method to calculate the 

geotechnical ULS that considers the forces on the pile during plunging failure would better provide 

the intended margins of safety rather than having an overconservative method that can optionally 

be ignored. The geotechnical ULS and SLS should be independently assessed. 
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Based on the exercise of reviewing the CHBDC and the AASHTO Code and applying these codes 

to a pile installed through settling ground into a stable, nonsettling layer, the following conclusions 

are drawn: 

 There exist situations for piles in settling ground where the pile will not meet the 

geotechnical ULS according to AASHTO Code, but will meet the CHBDC. 

 For sites where a large drag force occurs such as deep deposits of settling ground, designing 

a pile foundation to meet the AASHTO Code can be significantly more expensive than 

meeting the CHBDC. Added costs can be attributed to installing additional piles or to 

constructing alternative pile types extending deeper below the settling ground layer. 

 Although the geotechnical ULS requirements are much more conservative for the 

AASHTO Code versus CHBDC, there exists a statement in Article 10.7.3.7 that the 

structure can be designed to accommodate the settlement if the geotechnical resistance is 

not sufficient to meet the geotechnical ULS.  Considering the actual forces acting on a pile 

during plunging failure as recommended by Fellenius (1984), the CHBDC, the CFEM, and 

FHWA Manual better provide a suitable level of safety.  

It is the authors’ opinion that for piled foundations subject to ground settlement, the drag force 

should not be included in the calculation of the geotechnical ULS. Case studies by Bozozuk (1981) 

and Fellenius (1972) have shown that drag force and live loads do not act at the same time and 

therefore should not be combined. Geotechnical practice is often criticized for the limited emphasis 

on rationale statistical methods to establish appropriate selection of design parameters based on 

the variability of independent design variables.  The adoption of limit states design is now 

challenging that criticism; however, the fact that design codes from different regions have 

inconsistent approaches for the application of the analysis methods and resistance factors for the 

same mechanics and material considerations causes confusion and diminishes confidence in the 

validity of the approaches.  Further efforts to harmonize the approaches need to be undertaken to 

build confidence in the underlying principles being used to establish the application of 

geotechnical analysis and design principles and the selection of the materials parameters necessary 

for those applications. 
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2.6 Limitation of the Design 

Section 2.6 contains additional content that was not included in the journal publication by Bartz 

and Blatz (2020). Dr. Bengt Fellenius provided a discussion paper titled, “Discussion of 

“Comparison of Canadian Highway Bridge Design Code and AASHTO LRFD Bridge Design 

Specifications regarding pile design subject to negative skin friction””. The discussion paper was 

published in the Canadian Geotechnical Journal. Dr. Fellenius discussed limitations in the design 

of the study and provided an improved analysis for comparison of the two bridge design codes.  

Section 2.6.1 is the published reply to the discussion by Dr. Fellenius. This reply further elaborates 

on the conclusions from the publication and acknowledges Dr. Fellenius’ contributions in the 

discussion paper. 

2.6.1 Reply to the Discussion by Fellenius on “Comparison of Canadian Highway Bridge 

Design Code and AASHTO LRFD Bridge Design Specifications regarding Pile Design 

Subject to Negative Skin Friction” 

The authors would like to thank the discusser (Fellenius 2021) for sharing his critical evaluation 

and expanded analysis of our recent paper (Bartz and Blatz 2020). The paper provided a 

quantitative comparison between pile design adhering to the geotechnical ultimate limit state 

(ULS) requirements of the Canadian Highway Bridge Design Code (CHBDC; Canadian Standards 

Association 2014) and the AASHTO LRFD Bridge Design Specifications (AASHTO 2017; 

referred to hereafter as the AASHTO Code). The discusser provided criticism of the construction 

of the example analysis and provided an improved analysis. 

The discusser identified some unrealistic assumptions in the analysis by Bartz and Blatz (2020). 

This includes the size of the hypothetical embankment, the density of the granular till, and the limit 

on shaft shear stress in the till. It was also identified that the analysis by Bartz and Blatz (2020) 

neglected the mobilization of both shaft and toe resistance with displacement. A critical component 

of the Unified Design method (Fellenius 2020) was not considered by ensuring continuity between 

tip resistance and relative movement of pile tip into the soil. Additionally, a transition zone 

between fully mobilized negative skin friction and fully mobilized positive shaft resistance was 

not considered. The simplifications made by the authors were intended to intentionally provide a 
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simple calculation example for toe capacity, shaft capacity, and drag force for use in assessing the 

geotechnical ULS according to the design codes. This was done because even with the very 

simplified hypothetical model presented, the point is demonstrated clearly with respect to the two 

codes giving notably different results.  The authors acknowledge the discusser’s criticism and 

agree that the hypothetical example can be improved. 

The discusser’s modifications to the example are appreciated and improve upon the example. The 

problem was modified in such a way that the pile capacities are relatively unchanged. The changes 

are focused on introducing t-z and q-z curves to reflect a more realistic mobilization of shaft and 

tip resistance with relative soil-pile movement. A transition zone from negative skin friction to 

positive shaft resistance was considered and continuity between pile toe resistance and movement 

relative to the soil was considered. The discusser’s analysis resulted in changes to the load 

distribution in the pile during long-term loading with a different drag force and pile tip force. The 

change in drag force affects the geotechnical ULS calculations for the AASHTO Code, but still 

results in considerable over conservatism when compared to the CHBDC, which does not consider 

drag force in geotechnical ULS. 

The authors agree with the discusser that settlement analysis is a critical component of the pile 

design process. Although the authors’ paper was focused on comparing the geotechnical ULS 

requirements, the hypothetical analysis could have been better constructed by performing a 

detailed serviceability limit state (SLS) analysis to calculate the drag force. The authors 

recommend that readers of the paper additionally read the discussion by Fellenius (2021) for better 

understanding of the behaviour of piles subject to ground settlement and of the importance of 

settlement analysis in the design process. The authors stand by the conclusions drawn in the paper 

regarding over-conservatism of the AASHTO Code, the potential impact on pile design, and the 

need to improve consistency in the geotechnical engineering profession for pile design subject to 

ground settlement. 
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Connecting Section 

Chapter 2 provided a comparison of the Canadian Highway Bridge Design Code and AASHTO 

LRFD Bridge Design Specifications regarding piles subject to ground settlement. It was 

demonstrated that following the AASHTO Code can result in more conservative foundation 

design, requiring more piles than following the CHBDC, in order to satisfy geotechnical ULS 

criteria. Chapter 2 outlined inconstancies in engineering practice for bridge foundation design in 

North America, providing context for why a test pile program was developed. 

The next chapter, Chapter 3, provides a summary of the site characterization of the selected 

location near Winnipeg, Manitoba for the test pile program. Chapter 3 includes a description of 

the site location, drilling and sampling program, laboratory testing program, geotechnical 

instrumentation program, and piezocone (CPTu) testing. 
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3.0 Site Characterization 

3.1 Site Location 

The study site is located on private property of Taillieu Construction Ltd. in the Rural Municipality 

of Headingley, Manitoba. This site is approximately 2.5 km west of Winnipeg, Manitoba and to 

the south of Provincial Road 241. The location of the site is shown in Figure 3.1 and Figure 3.2. 

Figure 3.1: Location of study site relative to Winnipeg. 

Google Earth V 7.3.3.7786. (April 21, 2020). Winnipeg, Canada. 14U 631503.16 m E, 5536469.37 m N, eye alt 40.78 km. Maxar Technologies 
2021. Google 2021. [Accessed June 3, 2021]. 
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Figure 3.2: Detailed location of study site. 

Google Earth V 7.3.3.7786. (April 21, 2020). Winnipeg, Canada. 14U 617910.25 m E, 5524217.56 m N, eye alt 1.95 km. Maxar Technologies 
2021. Google 2021. [Accessed June 3, 2021]. 

The test pile program was executed in the southwest corner of the yard of Taillieu Construction 

Ltd. A photo of the study site prior to installation of test piles is shown in Figure 3.3. The ground 

surface of the yard consists of a crushed limestone driving surface. A farmer’s field is located 

directly to the south of the study site. A ditch is present to the west of the study site between the 

yard and a forested area.  
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Figure 3.3: Study site prior to installation of piles (Photo from August 30, 2019). 

A real-time kinematic GPS survey was conducted on August 28, 2019 to measure the baseline site 

topography. The baseline topography is shown on Figure 3.4. The elevation of the yard is relatively 

constant with little gradient. There is a downward gradient from the yard to the farmer’s field to 

the south and to the edge of the yard to the west. The ground elevation is relatively flat where the 

embankment would later be constructed, with an initial ground elevation ranging from 

approximately 237.4 m to 237.55 m. 
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Figure 3.4: Baseline topography of study site. 

3.2 Geotechnical Investigation Program 

3.2.1 Drilling and Sampling  

A drilling and sampling program was completed on August 30, 2019 with drilling services 

provided by Maple Leaf Drilling Ltd. of Winnipeg, Manitoba. Two test holes were drilled at the 

study site and are referred to as TH1 and TH2. Drilling was performed using a track mounted 

Mobile Drill B37X model drill rig with 125 mm solid stem augers. Samples were visually 

inspected for material type. Auger grab samples, Shelby Tube samples, and split spoon samples 

were collected from TH1. Cohesive soils encountered while drilling TH1 were tested with a 

Torvane to estimate the undrained shear strength. Standard Penetration Tests (SPT) were 
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completed in TH1 for cohesionless soils. TH2 was drilled in close proximity to TH1 for the 

purpose of installing geotechnical instrumentation. Soil samples were not collected from TH2.  

Both test holes were advanced to auger refusal. TH1 was advanced to 11.45 m depth and TH2 was 

advanced to 10.05 m depth. The test hole locations are shown on Figure 3.4. Figure 3.5 shows the 

drill rig and Figure 3.6 shows the solid stem auger after extracting soil.  

Figure 3.5: Solid stem auger drilling (Photo from August 30, 2019). 
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Figure 3.6: Solid stem drilling of TH1. (a) Silty clay from 4.55 m to 6.10 m depth. (b) Till from 9.15 m to 10.65 m depth. (Photos 
from August 30, 2019). 

(a) (b)

A summary of samples collected from TH1 are summarized in Table 3.1 with the soil type, depth, 

and sampling method. Detailed test hole logs are provided in Appendix A and include index 

laboratory testing data, field testing data, and field observations. 
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Table 3.1: Sampling summary of TH1. 

Sample # Depth (m) Soil type Sampling method 
1 0.15 – 0.30 Fill Grab
2 0.75 – 1.05 Silty clay Grab
3 1.50 – 2.30 Silty clay Shelby Tube
4 2.45 – 2.75 Silty clay Grab
5 3.05 – 3.80 Silty clay Shelby Tube
6 3.95 – 4.25 Silty clay Grab
7 4.55 – 5.35 Silty clay Shelby Tube
8 5.50 – 5.80 Silty clay Grab
9 6.10 – 6.90 Silty clay Shelby Tube
10 6.90 – 7.15 Silty clay Grab
11 7.30 – 7.60 Till Grab
12 7.60 – 8.10 Till Split spoon
13 8.40 – 8.70 Till Grab
14 9.15 – 9.60 Till Split spoon
15 10.05 – 10.35 Till Grab
16 10.65 – 11.15 Till Split spoon

3.2.2 Laboratory Testing 

Index testing was performed to classify soil types and index properties. The index testing included 

water content analyses and particle size analyses. Additionally, Atterberg limits tests and specific 

gravity tests were completed for fine grained soils.  

Undisturbed samples were extruded from Shelby tubes for testing to obtain shear strength and 

deformation properties of the clay. Photos of the silty clay extracted from Shelby tubes in the lab 

are shown in Figure 3.7. Direct shear tests were conducted on two samples to estimate drained 

shear strength parameters. Oedometer tests were performed on four samples to obtain 

consolidation parameters. The oedometer testing apparatus was outfitted with a LVDT 

displacement transducer for automated displacement measurements. 
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Figure 3.7: Silty clay samples extracted from Shelby tubes. (a) From approximately 3.7 m depth. (b) From approximately 5.3 m 
depth. 

(a)

(b)
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3.2.3 Geotechnical Instrumentation 

Piezometers were installed in TH2 to monitor pore water pressures. This included a Casagrande 

tipped standpipe piezometer in the basal till at approximate elevation of 227.7 m (9.9 m below 

ground). Two vibrating wire piezometers were installed in the silty clay at approximate elevations 

of 234.2 m (3.4 m below ground) and 231.5 m (6.1 m below ground). The ground elevation at TH2 

is approximately 237.6 m. RST Instruments VW2100 model vibrating wire piezometers were 

selected with a pressure range with maximum of 350 kPa. Sand was poured into the test hole to 

surround the Casagrande tip of the standpipe piezometer and the test hole was then grouted. 

Installation details are shown on the test hole logs attached as Appendix A. 

Additional geotechnical instrumentation was installed to measure ground settlement including a 

Magnetic Settlement System by RST Instruments and a settlement plate. Details on this 

instrumentation are described in Section 4.2. 

3.2.4 Piezocone (CPTu) Testing 

Two piezocone (CPTu) testing programs were conducted at the study site. The first CPTu testing 

program was completed on August 30, 2019 and included two CPTu tests. The tests are referred 

to as CPTu 2019-01 and CPTu 2019-02. The CPTu testing was performed by KGS Group with 

equipment manufactured by Vertek. The rods were pushed with the drill rig used for the drilling 

and sampling program. The location of these tests are shown in Figure 3.4. Dissipation tests were 

performed during CPT2019-01 to measure the dissipation of pore water pressure with time. The 

dissipation tests were performed at approximate depths of 3.1 m, 6.1 m, and 8.8 m. The cone was 

advanced until hard ground conditions were encountered and the cone could not be penetrated 

further. Both CPTu 2019-01 and CPTu 2019-02 advanced to approximately 8.8 m depth. 

The second CPTu testing program was completed on September 04, 2020 and included two CPTu 

tests. The tests are referred to as CPTu 2020-01 and CPTu 2020-02. The CPTu testing was 

performed by ConeTec. The rods were pushed with a track mounted Marl Technologies M 5T drill 

rig. The location of the tests are shown in Figure 3.4. Dissipation tests were completed in CPTu 

2020-01 at approximate depths of 3.0 m, 6.0 m, 8.0 m, and 9.1 m. A single dissipation test was 

completed in CPTu 2020-02 at approximate depth of 8.8 m. The tests were advanced until hard 
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ground conditions were encountered and the cone could not be penetrated further. CPTu 2020-02 

was advanced to approximately 8.8 m. CPTu 2020-01 was advanced 0.3 m deeper, to 

approximately 9.1 m depth, by anchoring the drill rig to a solid stem auger drilled into the ground 

to prevent uplift of the rig. 

3.3 Geotechnical Investigation Results 

3.3.1 Stratigraphy and Index Testing Results 

The stratigraphy at the study site was identified to generally consist of fill near ground surface 

underlain by high plastic glaciolacustrine silty clay, followed by sandy silt till. A description of 

the stratigraphic units is provided below based on observations from the drilling program and 

laboratory testing results. Index properties from laboratory testing are summarized in Table 3.2. 

Particle size distribution plots are provided in Appendix B. 

Fill – A layer of fill was identified at ground surface and was approximately 0.5 m thick in TH1. 

The fill consisted of clay with sand, was black in colour, moist, stiff, of high plasticity, and 

contained trace fine grained gravel. The upper surface of the fill layer predominantly consisted of 

crushed limestone comprising the driving surface of the yard. The water content was measured to 

be approximately 32% from one sample in the fill. 

Glaciolacustrine Silty Clay (CH) – Glaciolacustrine silty clay was observed below the fill and 

extended to an approximate depth of 7.2 m in TH1. The clay was brown in colour, moist, stiff, 

contained trace silt nodules, trace fine grained gravel, and trace sand. The colour transitioned to 

mottled grey and brown below approximate depth of 2.4 m. The water content ranged from 31% 

to 46% with an average of 40% based on testing of nine samples. Atterberg limits tests were 

completed on five samples. The Plastic Limit (PL) ranged from 20% to 26%, the Liquid Limit 

(LL) ranged from 65% to 87%, and the Plasticity Index (PI) ranged from 45% to 61%. The soil is 

classified as a high plastic clay (CH) according to the Unified Soil Classification System. The 

undrained shear strength was estimated with a Torvane and ranged from approximately 53 kPa to 

90 kPa with an average of 69 kPa from testing five disturbed auger samples.  
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Sandy Silt Till – Sandy silt till was observed below the glaciolacustrine silty clay and extended to 

auger refusal. The till was grey in colour, moist to wet, dense and became very dense below 8.8 m 

depth, well graded, and consisted of particles sizes from coarse gravel to fine grained soils. The 

water content ranged from 9% to 14% with an average of 11% based on testing of six samples. 

The soil was classified as either low plastic silt (ML) or silty sand (SM) for six till samples 

according to the Unified Soil Classification System. The soil is described as sandy silt, silty sand, 

or silty sand with gravel for various samples according to the ASTM D2488 (ASTM International 

2017) flowchart for classifying soil based on the USCS. The uncorrected SPT blow count (N) was 

recorded as 33 at 7.6 m depth, 77 at 9.1 m depth, and 76 at 10.7 m depth.  

Table 3.2: Summary of index soil properties from laboratory testing. 

Sample Depth (m) Soil type w
(%)

Gs Atterberg limits Particle size 
distribution (%) 

USCS 
Classification 

LL PL PI Gravel Sand Fines 
1 0.15 – 0.30 Fill 32 5.5 15.8 78.7
2 0.75 – 1.05 Silty clay 31 72 21 51 CH
3 1.50 – 2.30 Silty clay 41 2.85 0 0.6 99.4
4 2.45 – 2.75 Silty clay 39 87 26 61 CH
5 3.05 – 3.80 Silty clay 38 2.82 0.8 2.0 97.2
6 3.95 – 4.25 Silty clay 35 65 20 45 CH
7 4.55 – 5.35 Silty clay 45 2.81 0.6 4.5 94.9
8 5.50 – 5.80 Silty clay 44 78 24 54 CH
9 6.10 – 6.90 Silty clay 46 2.83 1.4 4.4 94.2

10 6.90 – 7.15 Silty clay 40 78 24 54 CH
11 7.30 – 7.60 Till 12 5.1 29.2 65.7 ML
12 7.60 – 8.10 Till 9 27.4 29.1 43.5 SM
13 8.40 – 8.70 Till 12 12.6 33.4 54.0 ML
14 9.15 – 9.60 Till 12 10.3 33.2 56.5 ML
15 10.05 – 

10.35
Till 10 5.1 34.6 60.3 ML 

16 10.65 – 
11.15

Till 14 12.5 51 36.5 SM 

3.3.2 Advanced Lab Testing Results 

Direct shear tests were performed on silty clay specimens extracted from Shelby tubes from 

Sample 5 and Sample 7. The drained shear strength parameters are presented in Table 3.3 for peak, 

post-peak, and residual conditions. Detailed results from the direct shear tests are summarized in 

Appendix C including the test measurements and a plot of shear strength versus normal stress used 

to derive the parameters in Table 3.3. 
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Table 3.3: Summary of drained shear strength parameters of silty clay from direct shear tests. 

Sample Depth (m) 

Peak Post-peak Residual 
��′ (kPa) ɸ�′ �′ (kPa) ɸ′ ��′ (kPa) ɸ�′

5 3.3 25 17° 3 17° 2 13°
7 5.1 32 13° 7 12° 5 9°

Oedometer tests were performed on silty clay specimens extracted from Shelby tubes from 

Samples 3, 5, 7, and 9. Consolidations parameters are summarized in Table 3.4 including the 

compression index (��), recompression index (��), and preconsolidation stress (��′). The 

overconsolidation ratio (OCR) is also presented in Table 3.4 and is calculated as the ratio of  ��′

to the vertical effective stress (��′). The vertical total stress (��) was calculated assuming a constant 

unit weight of the fill and silty clay of 17.5 kN/m3 and the pore water pressure was calculated from 

piezometer measurements. The silty clay is heavily overconsolidated and the OCR decreases with 

depth based on results from the oedometer tests. Detailed results from the oedometer tests are 

summarized in Appendix D for each sample. This includes the recorded change in vertical strain 

with time for each load increment and graphical interpretation of ��, ��, and ��′. 

Table 3.4: Summary of consolidation parameters and overconsolidation ratio (OCR). 

Sample Depth (m) �� �� ��′ �� � ��′ OCR 

3 2.2 0.40 0.15 240 39 0 39 6.2
5 3.7 0.44 0.09 310 65 10 55 5.6
7 5.2 0.55 0.14 310 91 18 73 4.2
9 6.4 0.77 0.18 320 112 26 86 3.7

3.3.3 Ground Water Conditions 

The measured groundwater elevation is provided in Appendix E for all monitoring dates. Also 

shown in Appendix E is a comparison of the groundwater elevations versus daily precipitation and 

mean daily temperature to observe seasonal effects.   

The ground water table ranged from Elevation 234.6 m (3.0 m below ground surface) to 236.8 m 

(0.8 m below ground surface) based on the upper piezometer in the silty clay. The ground water 

table fluctuated due to seasonal changes. The ground water elevation increased in September 
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through early October, 2019 which coincides with a time period with many rainfall events and 

high precipitation.  Another period of increasing ground water elevation was observed in May 

through July, 2020. This time period similarly coincides with a period of increased precipitation. 

Also, the mean daily temperature increased above 0°C in April to May, 2020, resulting in snow 

melt as an additional source of ground water infiltration. The seasonal fluctuations in the pore 

water pressures was observed to be greater in the upper piezometer than the lower piezometer in 

the silty clay. A downward gradient was observed in the silty clay as indicated from the 

consistently higher groundwater elevation in the upper piezometer than the lower piezometer. 

It took approximately three months for the water level in the standpipe piezometer to come to 

equilibrium with the pore water pressure in the silty till. After equilibrating, the ground water 

elevation was relatively consistent at approximate Elevation 234.0 m (3.6 m below ground).  

3.3.4 Piezocone (CPTu) Results 

The piezocone testing results are described in Chapter 8 including a summary of the raw data 

including the cone tip resistance, sleeve friction, and pore pressure measured at the cone shoulder. 

A summary of the soil classification based on piezocone testing is also provided in Chapter 8. 

The dissipation test data is provided in Appendix F showing the change in measured pore pressure 

at the cone shoulder with time. The dissipation tests were terminated prior to dissipation of 50% 

of the excess pore water pressure due to time constraints for tests in the silty clay. The dissipations 

tests were performed for up to 45 minutes in the silty clay. Considerably longer time was required 

to find the time to dissipate 50% of the excess pore water pressure (���) because of the low 

hydraulic conductivity of the silty clay. The value of ��� was calculated for two tests in the till and 

is summarized in Table 3.5. An estimated horizontal coefficient of permeability is provided in 

Table 3.5 based on ��� and the relationship proposed by Robertson et al. (1992).   Negative pore 

water pressure was measured in the till after becoming very dense around 8.8 m depth. The value 

of ��� was not calculated in the very dense till because the dissipation test was terminated early 

due to time constraints. The dissipation of negative pore water pressures was very slow, indicating 

a low hydraulic conductivity. 
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Table 3.5: Summary of piezocone dissipation test results in till. 

Test Depth (m) ��� (s) ��(cm/s) 
CPTu 2019-01 8.79 140 7 x 10-8 – 3 x 10-6

CPTu 2020-01 8.00 1110 9 x 10-9 – 4 x 10-7

3.4 References 

ASTM International. 2017. Standard Practice for Description and Identification of Soils (Visual-

Manual Procedures). D2488 - 17, ASTM International, West Conshohocken, PA. 

Robertson, P.K., Sully, J.P., Woeller, D.J., Lunne, T., Powell, J.J.M., and Gillespie, D.G. 1992. 

Estimating coefficient of consolidation from piezocone tests. Canadian Geotechnical Journal, 

29(4): 539–550. 
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Connecting Section 

Chapter 3 summarized the site characterization process and geotechnical investigation results for 

the selected site of the test pile program. The stratigraphy at the site consists of an approximately 

0.5 m thick layer of fill, overlying glaciolacustrine silty clay to approximately 7.5 m depth, over 

sandy silt till which is very dense below approximately 8.8 m depth. This site was selected because 

the stratigraphy is typical of the Winnipeg region, with a compressible silty clay layer overlying 

dense till. 

The next chapter, Chapter 4, describes the methodology behind the full-scale test pile program. 

The methodology was designed to address gaps in knowledge and research objectives identified 

in Chapter 1. Also, the methodology was designed to test the underlying theory behind the 

geotechnical ULS calculations for the AASHTO LRFD Bridge Design Specifications and 

Canadian Highway Bridge Design Code described in Chapter 2. 
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4.0 Test Pile Program Methodology 

4.1 Methodology Overview 

The test pile program methodology was designed to measure the performance of piles subject to 

ground settlement and address the research objectives outlined in Section 1.3. The program 

involved testing of instrumented steel H-piles installed near Winnipeg, Manitoba. The test piles 

were driven through a compressible silty clay layer and were end bearing in dense till. Ground 

settlement was induced at the study site by constructing an embankment surrounding the test piles. 

The methodology of the test pile program consisted of the general steps outlined in Table 4.1. The 

month which each step was executed is also provided. Steps 1 through 8 are described in detail in 

Sections 4.2 through 4.7. 

Table 4.1: Summary of test pile program methodology. 

Step Description / Purpose Date 

1. Geotechnical 
instrumentation 
program 

The study site was instrumented to measure pore water 
pressures and ground settlement. 

August, 
2019 

2. Pile 
instrumentation 
program 

Test piles were instrumented with strain gauges and a telltale 
to measure strain and interpret stresses and forces in the 
piles. 

September, 
2019 

3. Relaxing 
manufacturing 
strain 

The test piles were subjected to dynamic impact in attempt to 
relax locked-in manufacturing strains to obtain a no-load or 
zero reading of strain gauges prior to installation. 

September, 
2019 

4. Pile 
installation with 
dynamic testing 

The test piles were driven until end-bearing in the dense till. 
Dynamic testing with a Pile Driving Analyzer was 
performed. 

September, 
2019 

5. Restrikes 
with dynamic 
testing 

Several restrikes were performed to assess potential setup of 
pile capacity with time. 

September, 
2019 

6. Embankment 
construction 

An embankment was constructed surrounding the piles to 
induce ground settlement and negative skin friction on the 
test piles. 

October, 
2019 
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7. Long-term 
monitoring 

The geotechnical instrumentation and pile instrumentation 
was monitored for over one year to observe ground 
settlement, pile settlement, and stresses in the piles. 

September, 
2019 –  
October, 
2020 

8. Static load 
testing 

The test piles were subjected to static load tests to measure 
static capacity, resistance distribution, and mobilization of 
resistance with movement. 

October, 
2020 

4.2 Geotechnical Instrumentation 

Geotechnical instrumentation was installed during the drilling and sampling program on August 

30, 2019. The geotechnical instrumentation program was designed to collect pore water pressure 

and ground settlement data. Details on piezometer installation are described in Section 3.2.3. 

The RST Instruments Magnetic Settlement System was installed in TH1 to provide measurements 

of the ground settlement distribution with depth. This system consists of a series of sensors 

installed around a 25 mm PVC pipe. The bottom sensor was screwed and fixed to the PVC pipe 

near the bottom of the pipe. The other sensors installed in the test hole consisted of a “spider 

anchor” that is deployed into the soil. The spider anchor is free to move up or down relative to the 

PVC pipe with soil movement. The PVC pipe was lowered into the open test hole and grouted. 

The system also included flat plate anchors that were installed at a later date which were placed 

over the PVC pipe and in newly placed fill during embankment construction. The ground 

settlement was interpreted my measuring the vertical distance between successive anchors with a 

magnetic probe that is lowered down the PVC pipe and observing changes with time. Figure 4.1 

shows the spider anchors on the PVC pipe prior to installation. 
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Figure 4.1: Magnetic Settlement System. (a) Close-up of a spider anchor (Photo form August 15, 2019). (b) Anchors laid out on 
PVC pipe prior to installation (Photo from August 30, 2019). 

(a) (b) 

The approximate depth of the anchors relative to ground surface is shown in Figure 4.2. The ground 

elevation at TH1 is approximately 237.6 m. The spider anchor installed at 3.47 m depth was 

intended to be approximately equal distance between the anchors at 3.03 m and 7.18 m depth. That 

spider anchor had moved out of the desired position when lowering the PVC pipe into the open 

test hole. It was assumed that ground settlement below the base anchor would be negligible and 

the base anchor served as the reference point to calculate settlement.  
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Figure 4.2: Magnetic Settlement System anchor depths. 

A settlement plate was installed on the existing ground surface near the test piles and near the 

Magnetic Settlement System on October 7, 2019 prior to construction of the surrounding 

embankment. The settlement plate consisted of an approximately 1.69 m long steel rod welded to 

a steel plate. The elevation of the settlement plate was surveyed prior to and following construction 

of the embankment to measure settlement of the ground surface. Elevations were surveyed using 

a rod and level relative to a bench mark located in a doorway of the Taillieu Construction building. 

The settlement plate is shown in Figure 4.3 prior to construction of the embankment. Also shown 

is the PVC pipe that comprises part of the magnetic settlement system with a plate anchor at ground 

surface. 
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Figure 4.3: Settlement plate and PVC pipe for Magnetic Settlement System (Photo from October 07, 2019). 

4.3 Pile Instrumentation 

The study involved testing on two instrumented HP310x94 steel H-piles. The test piles are referred 

to as Pile A and Pile B. Two piles were instrumented and tested for redundancy in case of damage 

to instrumentation or their cables. The piles were approximately 18.4 m in length. The piles were 

instrumented to measure strain and interpret stresses and forces in the piles. Each pile was 

instrumented with twenty vibrating wire strain gauges at ten elevations along the pile. Two strain 

gauges were installed at each elevation on opposing flanges to account for bending in the pile. 

Figure 4.4 shows the location of the strain gauge pairs relative to the pile length. Two pairs are 

installed near the pile tip at 0.6 m and 0.9 m from the tip because of the importance of interpreting 
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the tip stress. Also, there is potential for pile damage at the tip from driving to hard end-bearing 

conditions. The strain gauges consisted of an arc-weldable vibrating wire model (RST Instruments 

model VWSG-A). A steel angle was welded along the flanges of the piles to protect the strain 

gauges and their cables. A telltale pipe was also welded to the pile. A rod was later inserted in the 

pipe to measure pile compression and the average strain during static load testing. 

Figure 4.4: Layout of instrumentation on HP 310x94 test piles. 

The general procedure for instrumenting the test piles consisted of the following steps: 

a. Weld the steel angle along the flanges. 
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b. Weld the telltale pipe along the inner corner of the flange and web. 

c. Cut access windows in the steel angle at prescribed locations for strain gauges. 

d. Weld anchor blocks to the flange and a large nut above the anchor blocks. 

e. Install the strain gauge ends in the anchor blocks. 

f. Run cables through the channel of the protective steel angle. 

g. Zip-tie vibrating wire cables to the nut above strain gauges. 

h. Place welding blanket fabric over the strain gauges and their cables at the access windows. 

i. Weld the previously cut portion of steel angle over the access windows. 

Photos of the pile instrumentation process are shown in Figure 4.5. 



57 

Figure 4.5: Strain gauge instrumentation of test piles. (a) Steel angle welded to flange. (b) Access window cut and flange prepped 
for welding. (c) Strain gauge installed. (d) Fabric protecting instruments for welding. (Photos from September 10 – 12, 2019). 

(a) (b)

(c) (d)
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4.4 Relaxing Manufacturing Strain 

Manufacturing strains are present in steel piles from uneven cooling of steel in the manufacturing 

process (Fellenius 2002). Relaxation of these strains can result in erroneous interpretation of 

stresses in a pile. Randolph et al. (1994) suggested that applying dynamic forces prior to pile 

installation, possibly by striking the pile against a concrete pad, can relax or “shake out” the 

manufacturing strains.  

A procedure was developed in attempt to relax or shake out the manufacturing strains prior to pile 

installation. This procedure was performed to observe for potential shifts in the no-load or zero 

strain gauge reading for correction if necessary.  The shake out procedure was performed prior to 

pile installation on September 18, 2019 for Pile A and September 19, 2019 for Pile B. The 

procedure consisted of the following steps: 

a. Test piles were laid on the ground for an unloaded condition. The piles were laid resting 

along the edge of the flanges to minimize bending across the X-axis shown in Figure 4.4. 

b. Strain gauges were connected to a data logger (RST Instruments model DT2040) to collect 

a no-load or zero reading of strain gauges. The data logger was programmed to collect 

measurements at 40 s intervals during the following steps. 

c. The pile was hoisted vertically with the tip resting on a 25 mm thick steel plate on the 

ground surface and was struck with the pile driving hammer. Pile A was struck twice with 

approximately 3 kJ per blow. Pile B was struck twice with approximately 3 kJ per blow 

and then once with approximately 7 kJ. 

d. The pile was laid back on the ground surface to observe if there was a shift in strain readings 

for an unloaded condition indicating a relaxation of locked-in manufacturing strain. 

Photos of the procedure for attempting to relax the locked-in manufacturing strain are shown in 

Figure 4.6.  
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Figure 4.6: Applying dynamic impact to test pile in attempt to relax locked-in manufacturing strains. (a) Aligning pile tip on steel 
plate. (Photo from September 19, 2019). (b) Close-up of 25 mm thick steel plate. (Photo from September 18, 2019). 

(a) (b)

4.5 Pile Driving and Dynamic Testing 

The two instrumented test piles were driven with a Junttan HHK 5S hydraulic hammer. Pile A was 

installed on September 18, 2019 and Pile B was installed on September 19, 2019.  The test piles 

were driven to be end-bearing in the till layer after it became very dense around 8.8 m depth. Pile 

A was driven to 8.8 m depth with an energy of approximately 13 kJ at end of initial driving (EOID). 

Pile B was driven to 9.1 m depth with an energy of approximately 14 kJ at EOID. The vibrating 

wire strain gauges were connected to the data logger during pile installation. The data logger was 

programmed to collect data at 40 s intervals to measure residual strains after pile installation. A 

photo of the data loggers is shown in Figure 4.7. 
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Figure 4.7: RST Instruments DT2040 data loggers installed to the south of test piles adjacent to farmer's field. (Photo from 
September 19, 2019). 

Dynamic testing with a Pile Driving Analyzer (PDA) was performed during installation of the test 

piles to estimate pile capacities and resistance distribution. Dynamic testing services were provided 

by TREK Geotechnical. The PDA gauges were installed on the test piles after driving them to 

approximately 2 m depth. Dynamic testing was then performed for each hammer strike until EOID. 

Additional dynamic tests were performed for restrikes to observe potential setup of pile capacity. 

The restrikes were performed at approximately 15 minutes, 2.4 hours, and 1 day after EOID. Pile 

B was subjected to additional restrikes at 4 minutes after EOID. The piles were subjected to 

between 4 to 11 hammer strikes for each set of restrikes. 

Six reaction piles for the static load test frame were also installed between September 16 to 

September 18, 2019. The layout of the piles is shown in Figure 4.8. The reaction piles were driven 
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to greater depth to achieve greater uplift resistance. This was intended to prevent piles from pulling 

upward out of the ground during the static load test and limiting the maximum applied force. The 

reaction piles were driven to practical refusal at a depth ranging from approximately 12.7 m to 

16.7 m. Photos of the study site following pile installation are shown in Figure 4.9.  

Figure 4.8: Layout of piles. 
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Figure 4.9: Study site after pile driving. (a) Preparing PDA for restrike of Pile A. (Photo from September 19, 2019) (b) All piles 
after pile driving. (Photo from September 20, 2019). 

(a)

(b)
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4.6 Embankment Construction 

The embankment was constructed on October 9, 2019 to induce ground settlement. Crushed 

limestone was placed with a skid steer loader surrounding the piles. The completed embankment 

was approximately 1.5 m high, approximately 8 m by 9 m wide at the crest, with side slopes of 

approximately 2 horizontal: 1 vertical. A real-time kinematic GPS survey was conducted on 

October 18, 2019 to measure the topography of the site with the embankment. The topography is 

shown on Figure 4.10. A photo showing the crushed limestone that comprised the embankment is 

shown in Figure 4.11. Photos showing the embankment construction are shown in Figure 4.12. A 

photo of the completed embankment in the summer of 2020 is shown in Figure 4.13. 

Figure 4.10: Topography of site after embankment construction. 
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Figure 4.11: Crushed limestone used to construct embankment. (Photo from October 07, 2019). 

The 1.5 m thick embankment was designed to cause sufficient ground settlement to fully mobilize 

negative skin friction along the pile in most of the silty clay layer. The embankment design and 

construction sequencing of the test pile program does not replicate typical bridge abutment loading 

conditions. For example, approach embankments for bridge abutments can be significantly thicker 

and cover a much larger area compared to the embankment constructed in this study. Therefore, 

the surcharge loading on compressible foundation soils can be significantly higher for construction 

of approach embankments at bridge abutments. Also, foundation soils are typically preloaded 

when constructing embankments over compressible soils prior to construction of the foundation 

in attempt to minimize ground settlement following pile installation. The intent of constructing the 

embankment for the test pile was not to exactly replicate loading of piles in abutments. Rather, the 

intent was to observe pile settlement and the accumulation of drag force from negative skin friction 

prior to static load testing to evaluate the underlying theory in bridge design codes discussed in 

Chapter 2. 
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Figure 4.12: Embankment construction. (a) Crushed limestone placed surrounding settlement plate. (b) Placing crushed 
limestone with skid steer loader. (Photos from October 09, 2019). 

(a)

(b)
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Figure 4.13: Embankment surrounding test piles and reaction piles. (Photo from July 29, 2020). 

The settlement plate was placed near Pile B and the elevation was surveyed prior to constructing 

the embankment. Target stickers were adhered to the test piles prior to embankment construction 

to survey pile settlement following construction of the embankment. A photo of the sticker target 

on the test pile is shown in Figure 4.14. Plate anchors were added to the PVC pipe of the Magnetic 

Settlement System at ground surface and within the crushed limestone. The settlement plate and 

sticker target were periodically surveyed and the Magnetic Settlement System was periodically 

monitored to measure ground and pile settlement with time following construction of the 

embankment. 
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Figure 4.14: Sticker target on Pile A for surveying pile elevation. (Photo from October 24, 2019). 

4.7 Static Load Testing 

Static load testing was performed on the test piles to measure the capacity, resistance distribution, 

and the mobilization of resistance with movement. The static load tests were performed on October 

22, 2020 for Pile B and October 27, 2020 for Pile A. Construction of the load test frame began on 

October 15, 2020 and the frame was deconstructed on October 28, 2020. The tests were performed 

in general accordance with ASTM D1143/D1143M (ASTM International 2013). The quick test 

method was performed with load increments held for approximately ten minutes. The load was 

applied in increments of approximately 70 kN for Pile A and 90 kN for Pile B. The load was 

applied with a hand operated hydraulic jack with a maximum rating of 500 tons.  Incremental loads 

were applied until the cumulative pile head movement exceeded 60 mm for sufficient movement 

to interpret capacity according to a variety of definitions. No unloading / reloading cycles were 

performed and no sustained loading periods were performed because such loading sequences 

complicate interpreting pile capacity and resistance distribution (Fellenius 2021). Photos of the 

static load test frame are shown in Figure 4.15 and Figure 4.16. 
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Figure 4.15: Static load test frame centred over Pile B. (Photo from October 22, 2020). 

Figure 4.16: Static load test of Pile B. (Photo from October 22, 2020). 
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The applied load was measured with a load cell because errors of up to 20% can occur from 

hydraulic jack gauges (Canadian Geotechnical Society 2006). The pile head movement was 

measured using string potentiometers mounted to a reference beam. Two reference beams were 

constructed on opposite sides of the test piles to measure movement with two diametrically 

opposite string potentiometers. A string potentiometer and reference beam are shown in Figure 

4.17. An oiled 9.5 mm smooth steel rod was inserted into the telltale pipe prior to the load test. A 

spring loaded LVDT was mounted to the test pile to measure pile compression from movement of 

the top of the telltale rod relative to the pile. The LVDT and telltale rod are shown in Figure 4.18. 

The string potentiometers, telltale LVDT, and the load cell were connected to a Campbell 

Scientific CR10X data logger. Data was collected at 10 s intervals during the static load tests. A 

measuring tape was adhered to the test pile and surveyed with a level for manual measurements of 

pile head movement for redundancy. The RST Instruments DT2040 data logger for the strain 

gauges was programmed to collect readings at 40 s intervals during the static load test. Time 

readings for both the CR10X and DT2040 data logger were synchronized with the same laptop on 

the test day to accurately correlate readings from two data files.  
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Figure 4.17: String potentiometer installed on reference beam.(Photo from October 22, 2020). 

Figure 4.18: Spring loaded LVDT mounted to pile to measure telltale rod. (Photo from October 22, 2020). 
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Connecting Section 

Chapter 4 described the methodology behind the full-scale test pile program. The procedure 

included the following general steps: 1) geotechnical instrumentation program, 2) pile 

instrumentation program, 3) relaxing locked-in manufacturing strain, 4) pile installation with 

dynamic testing, 5) restrikes with dynamic testing, 6) embankment construction, 7) long-term 

monitoring, and 8) static load testing. The results from the test pile program are provided in 

Chapters 5 through 8. 

The next chapter, Chapter 5, provides results of the measured residual strain from pile driving. It 

includes observations of strain gauges from the step to relax locked-in manufacturing strains and 

temperature effects after installing piles in cooler ground.  
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5.0 Considerations for Measuring Residual Stresses in Driven Piles with 

Vibrating Wire Strain Gauges 

Abstract 

Vibrating wire strain gauges are often the preferred technology for measuring strain in driven piles. 

However, measuring the residual strain after pile driving is challenging to accomplish using 

vibrating wire gauges. The driving process can cause a shift in the no-load reading from a 

relaxation of locked-in manufacturing strains in the pile or relaxation of the gauge wire tension. 

Also, there are temperature effects from installing piles below ground. A test pile program was 

developed using driven steel H-piles instrumented with vibrating wire strain gauges. The piles 

were subjected to dynamic forces by striking against a steel plate in attempt to relax the locked-in 

manufacturing strain prior to installation. The strain gauges and thermistors were connected to a 

data logger during pile driving to record strain and temperature changes following installation. It 

was observed that applying a dynamic impact to the piles prior to installation resulted in a shift of 

0 to 5 microstrain. Temperature effects from installing the piles in cooler ground resulted in a shifts 

of strain in excess of 60 microstrain in some strain gauges. It is concluded that temperature induced 

shifts to strain must be measured following pile driving to interpret residual stresses. 

5.1 Introduction 

Vibrating wire strain gauges are often the preferred technology for measuring strain in driven piles 

because of their long-term stability and durability, their ability to have long cable lengths without 

adverse affects on measurements, and their ability to take measurements in conditions with 

excessive moisture which would short circuit electrical gauges (Paikowsky and Hajduk 2004). 

Often the analysis is performed assuming that no residual stress is present in the test pile, i.e., 

gauges are “zeroed” prior to a load test (Briaud and Tucker 1984). In order to measure residual 

stresses in a driven pile, a representative reading is required for the no-load condition or zero 

reading prior to installation. Even when acknowledged, it can be challenging to accurately measure 

residual stresses. For example, Seo et al. (2009) reported that they obtained no-load strain gauge 

readings on H-piles prior to installation. After pile driving, the strain distribution did not reflect 
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the expected distribution for residual loads in a driven pile.  Fellenius (2002) described several 

challenges when attempting to record a no-load condition for a strain gauge which includes: (a) 

steel piles experience a relaxation of locked-in strain that existed due to uneven cooling from the 

manufacturing process of the steel pile, (b) temperature change of the pile from installation in the 

cooler ground environment will affect strain, (c) overstressing a gauge beyond its limits will cause 

a shift in the no-load reading and disturb the calibration for strain, and (d) bending in the pile 

causes greater strain on one side and a reduction in strain on the other. 

Randolph et al. (1994) suggested that the locked-in manufacturing strain in a steel pile could be 

relaxed or “shaken out” prior to taking the no-load reading by applying a dynamic forces to the 

pile before installation. The authors are not aware if this methodology to relax the manufacturing 

strain has been attempted in the past. 

 Thermal stresses are expected to develop in piles due to temperature change and friction between 

the soil and pile which restrains the pile from expanding or contracting with temperature change 

(Budge and Dasenbrock 2011). In many cases, temperature effects are ignored because 

temperature changes are minor at depths significantly below ground surface (Budge and 

Dasenbrock 2011). This is only true however after the pile and ground temperature reach an 

equilibrium some time after pile installation. GEOKON (2019) describes the necessity for 

correcting vibrating wire strain gauge readings for temperature changes if the ends of a structural 

member is restrained by a semi-rigid medium.  In cases where the end of a structural member are 

free to expand or contract due to temperature changes without restraint, there is no need to correct 

the strain gauge readings because the vibrating wire has an identical thermal expansion coefficient 

to that of the steel member. If the ends of a structural members are restrained by a semi-rigid 

medium however, then thermal expansion or contraction of the structural member is restrained. In 

the case of piles being installed in cooler ground, the pile cools but is restrained from contraction 

from friction along the pile. The vibrating wire itself is not restrained from contracting due to 

temperature change however. The contraction of the vibrating wire is indicated by an increase in 

tensile strain in the datalogger. The authors are not aware of any pile instrumentation program 

where vibrating wire strain gauges were connected to a datalogger during installation to measure 

these temperature effects. 
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This study was developed to address these limitations in interpreting residual loads in driven piles 

using vibrating wire strain gauges. The objectives of this study include: 1) to test whether 

subjecting a pile to a dynamic forces prior to installation can relax locked-in manufacturing strain 

for an improved no-load reading, and 2) to observe temperature effects on strain gauges after 

installation and provide recommendations to correct for potential shifts in strain. A full-scale test 

pile program was developed to test these objectives. 

5.2 Test Pile Program Methodology 

5.2.1 Site Description 

The study site is located approximately 2.5 km west of Winnipeg, Manitoba in the R.M. of 

Headingley. The stratigraphy at the site consists of approximately 0.5 m of fill overlying high 

plastic lacustrine clay extending to approximately 7.5 m below ground surface over sandy silt till. 

The clay is stiff, heavily overconsolidated and contains trace amounts of sand and gravel. The till 

is very dense below depths of approximately 8.8 m. The till stratum in and around Winnipeg is 

typically a well graded mixture of clay to boulder sizes and is predominantly comprised of silt 

sized particles (Baracos et al. 1983).  The groundwater table was measured to be approximately 2 

m below ground surface at the time of pile installation.  

5.2.2 Pile Instrumentation 

Two HP 310x94 piles were instrumented with arc-weldable vibrating wire strain gauges (RST 

Instruments model VWSG-A). The piles are referred to as Pile A and Pile B. Two piles were 

instrumented for redundancy in the event strain gauges were damaged during pile installation. The 

arc-weldable strain gauge type was selected due to the long-term stability and successful 

survivability from previous studies on driven piles by others (Budge and Dasenbrock 2010, Budge 

et al. 2015, Drbe et al. 2017). The configuration of the strain gauges on the piles is shown in Figure 

5.1. Figure 5.2 shows a strain gauge installed on the flange of a pile. The location of the instruments 

installed on the piles relative to the soil profile is shown in Figure 5.3. The strain gauge spacing 

was closer near the pile tip due to the risk of damage near the tip and the importance of interpreting 

the stress at the tip. Two strain gauges were installed at each elevation on opposite flanges to 

account for potential bending. The strain gauges were protected by welding a 76.2 mm x 76.2 mm 
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x 9.5 mm steel angle along the flange of the pile. A telltale pipe was welded to the pile to measure 

compression during a static load test completed at a later stage.  

Figure 5.1: Layout of instrumentation and protection on test piles. 

Figure 5.2: RST Instruments VWSG-A model strain gauge installed on H-pile flange. 
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Figure 5.3: Soil profile and strain gauge locations. 

The strain gauge pairs are labelled SG P1 through SG P10 on Figure 5.3. SG P8, SG P9 and SG 

P10 provide insight into whether there is a shift in strain from the pile driving process. The change 

in stress above ground is known to be that of the self-weight of the pile. An embankment was later 

constructed around the test piles and the remaining stickup was cut prior to performing a static 

load test on the instrumented piles. 

Each strain gauge and its thermistor were connected to an RST Instruments data logger (DT2040 

model) to record periodic strain and temperature readings for the following stages of the test pile 

program. 
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5.2.3 Relaxing Locked-In Manufacturing Strain 

Randolph et al. (1994) suggested striking a steel pile against a concrete pad prior to installation to 

relax or “shake out” the fabrication strains to obtain an appropriate no-load reading of the strain 

gauges. In this study, the pile head was struck with the hammer while the pile tip rested on a 25 

mm thick steel plate on the ground. The pile was laid on the ground to measure strain for unloaded 

condition before and after striking against the steel plate. The piles were laid down on the edge of 

the flanges to minimize the bending across the X-axis indicated in Figure 5.1. Pile A was struck 

against the steel plate twice with approximately 3 kJ per blow. Pile B was struck twice with 3 kJ 

per blow and then once with approximately 7 kJ. This energy is less than what was later applied 

during pile driving. The piles were struck with only several blows and less energy than pile 

installation to avoid damage to the welds of the angle protection. A Pile Driving Analyzer (PDA) 

was not used during this stage to measure the stresses in the pile.  

5.2.4 Pile Installation and Measurement of Temperature Effects 

Pile A and Pile B were driven to approximately 8.8 m and 9.1 m depth, respectively with a Junttan 

HHK 5S hydraulic hammer. The piles were driven to be end-bearing on the silt till below the very 

dense 8.8 m boundary. Pile A and Pile B were driven with an approximate energy of 13 kJ and 14 

kJ, respectively, at end of initial driving (EOID) as measured using a PDA. An additional six piles 

were installed at the site for use as reaction piles for the static load test. Pile A was installed on 

Sep. 18 and Pile B was installed on Sep. 19, 2019. The piles were subjected to several sets of 

restrikes within one day following EOID. Figure 5.4 shows the test piles and reaction piles after 

installation. 
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Figure 5.4: Installed test piles and reaction piles. 

The strain gauges and thermistors were connected to the data logger during installation. The data 

logger was programmed to read instruments at 40 s intervals to record strain and temperature 

following pile installation. Later, the data logger was programmed to collect data in hourly 

intervals after the temperature stabilized. 

5.3 Results 

5.3.1 Relaxing Locked-in Manufacturing Strain 

A representative set of strain gauge data is shown for Pile A and Pile B in Figures 5.5 and 5.6, 

respectively. The data is from strain gauge pairs SG P4 on each pile. The no-load or zero reading 

was taken at approximately 12:00 am on the day of installation when the ambient temperature was 

relatively stable and the strain gauge readings were stable. The data shown includes greater than 

30 minutes before lifting the piles and greater than 5 minutes after laying the pile down. 
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Figure 5.5: Pile A SG P4 strain readings before and after applying dynamic force. 

Figure 5.6: Pile B SG P4 strain readings before and after applying dynamic force. 

The change in strain is observed from comparing the average strain before and after striking the 

pile against the steel plate. Despite always placing the piles on the edge of the flanges to minimize 

bending, evidence of bending is observed from one gauge measuring an increase in strain and the 

other measuring a decrease in strain.  

This exercise was completed for Pile A during the afternoon of September 18, 2019. The ambient 

temperature was not stable and the pile was subject to direct sunlight which caused strain readings 
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to fluctuate before the procedure. The procedure was performed for Pile B the following morning 

when temperatures were more constant and strain readings were more stable. Therefore, the shift 

in strain can be more accurately quantified when observing results from Pile B. The change in 

average strain from applying the dynamic impact is approximately 1 microstrain for SG P4 of Pile 

B in Figure 5.6. The absolute change in average strain from all strain gauge pairs on Pile B ranged 

from approximately 0 to 5 microstrain. There was not a significant shift in the measured strain 

from performing this process, therefore the no-load reading obtained at 12:00 am on the day of 

installation was deemed suitable.  

5.3.2 Measured Strain and Temperature 

A representative sample of early strain gauge and thermistor data for Pile A and Pile B is shown 

in Figures 5.7 and 5.8, respectively. Data is shown from EOID for three hours after EOID where 

temperature decreased rapidly from installation in the cooler ground. Positive strain is 

representative of compressive strain. The strain and temperature data shown is an average of the 

two instruments installed at the elevation. For both piles, the hammer was resting on top of the pile 

after EOID until following a restrike at 2.4 hours after EOID. A sudden change in strain is observed 

when the weight of the hammer is permanently removed at this time. The measured decrease in 

strain for strain gauge pairs above ground surface was approximately 25 to 30 microstrain when 

removing the hammer weight. 

Figure 5.7: Pile A SG P3 strain and temperature data after pile installation. 
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Figure 5.8: Pile B SG P4 strain and temperature data after pile installation. 

For Pile A, EOID occurred at 3:53 PM on September 18, 2019. Restrikes were performed at 

approximately 15 minutes and 143 minutes after EOID. The hammer was resting on the pile 

between restrikes and was removed at approximately 146 minutes after EOID. A temperature 

decrease greater than 15°C was observed at SG P3 within two hours after EOID from installation 

in the cooler ground. The compressive strain decreased by over 60 microstrain during this time. 

There appears to be a proportional decrease in measured strain and temperature after EOID.  

For Pile B, EOID occurred at 9:55 AM on September 19, 2019. Restrikes were performed at 

approximately 4 minutes, 19 minutes, and 148 minutes after EOID. The hammer was resting on 

the pile between restrikes and was removed at approximately 166 minutes after EOID. A decrease 

in temperature was similarly observed after installing the pile in the cooler ground. The 

temperature measured for Pile B at EOID were less than Pile A because Pile B was installed in the 

morning. The temperature decrease was less than 10 °C for each strain gauge pair. Similar to Pile 

A, there appears to be a proportional decrease in measured strain and change in temperature. 

The relationship between the measured strain and measured temperature for an isolated timeframe 

shortly after EOID is shown in Figure 5.9. The time range is indicated from the boxed area in 

Figures 5.7 and 5.8.  The time frame was selected to include the rapidly decreasing temperature 
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and exclude restrikes where there are sudden shifts in the measured strain. During this time frame, 

the relationship between measured strain and temperature is observed to be linear. Additionally, 

the majority of the pile length is installed within high plastic clay in which excess porewater 

pressure from pile installation dissipates slowly. The loads in the pile are expected to be constant 

after coming to an equilibrium or can increase with time due to reconsolidation of soft soil that 

was displaced from pile driving (Briaud and Tucker 1997). For these reasons, the temperature 

change after pile installation is believed to be the dominant affect on the measured strain. The 

decrease in measured strain is not believed to be representative of a change in external loading on 

the pile or along the shaft. Therefore, calculating stress in the pile from the measured strain will 

result in an incorrect interpretation of residual stress. 

Figure 5.9: Linear temperature-strain relationship for strain gauge pairs. 

5.3.3 Temperature Correction for Residual Stress 

A correction of the measured strain was considered for an improved estimate of residual stresses. 

The measured strain was corrected by neglecting the decrease in strain caused by a decrease in 

temperature. This correction was considered for up to 120 minutes after EOID when temperature 

appears to have stabilized. The strain was considered to be constant after reaching a peak 
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compressive strain after installation until 120 minutes after EOID. Figure 5.10 and Figure 5.11 

show the residual stress for the representative strain gauge pairs below ground. The axial stress 

(�) is calculated as:  

� = �� (5.1)

where � is the average strain and � is Young’s modulus of the pile. The value of � is calculated 

both directly using the measured strain and a corrected strain to account for the temperature effects 

shortly after EOID.  

Figure 5.10: Comparison of corrected and apparent stress after EOID for Pile A SG P3. 



85 

Figure 5.11: Comparison of corrected and apparent stress after EOID for Pile B SG P4. 

There are several construction activities that caused stress changes shown in Figures 5.10. For Pile 

A, a decrease in strain was observed for all strain gauge pairs below ground around 18 hours after 

EOID. This coincides with the time that Pile B was being initially driven. This indicates that the 

increased porewater pressure due to ground vibrations from driving the adjacent pile resulted in a 

decrease in effective stress and decrease in shear stress along the shaft. Also, there is an observed 

increase in compressive strain at approximately 24 hours after EOID. This increase corresponds 

to a time shortly after a restrike of Pile A and the hammer was temporarily resting on the pile top.  

The distribution of axial force (�) with depth is shown for Piles A and B in Figure 5.12 at a time 

of 6 hours after EOID. The axial force (F) is calculated from: 

� = �� (5.2)

where � is the cross-sectional area of the pile. The value of � is approximately equal to 146 cm2

for the HP310x94 with the welded angle protection. These residual loads are representative of an 

unloaded pile at a time where the residual loads are changing very gradually. The residual loads 

are shown as calculated from both the measured strain and corrected strain. If there were no 

residual loads, then the measured load would be equal to that of the self-weight of the pile. The 

residual loads as calculated from the corrected strain indicates that there are compressive residual 
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loads. The residual loads are considerably smaller when interpreted from the measured strain. If 

the residual loads are calculated from the measured strain, then, the residual loads appear to be 

minor or even in tension.  

Figure 5.12: Residual axial forces at 6 hours after EOID. (a) Pile A. (b) Pile B. 

The change in axial force is known above ground to be equal to the self-weight of the pile. It is 

evident from the strain gauges above ground surface that there was a shift in the no-load reading 

from pile installation. This shift is less than the difference in the apparent force and corrected force 

below ground. 

Calculating the load from the corrected strain better reflects the expected distribution of residual 

loads with accumulation of compressive force with depth due to negative skin friction and a 

compressive tip force. Studies have shown that a stiffer end-bearing response at the pile tip will 

result in a neutral plane that is lower along the pile shaft (Lucarelli et al. 2014). The maximum 

force in Pile A and Pile B is at the pile tip. This indicates that the neutral plane is at or near the pile 
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tip and there is an accumulation of drag force from negative skin friction along the majority of the 

pile. The residual tip force is equal to approximately 220 kN for Pile A and 140 kN for Pile B. 

5.4 Discussion and Conclusions 

The aim of the study was to overcome limitations of using vibrating wire strain gauges to measure 

residual stresses in driven steel piles. The procedure of striking the piles against a steel plate in 

attempt of relaxing locked-in manufacturing strains prior to pile installation resulted in shifts of 0 

to 5 microstrain for the no-load strain gauge reading. It was identified from measuring temperature 

and strain immediately after pile installation that temperature decreases caused a greater shift in 

strain, with a shift in excess of 60 microstrain measured for some gauges on Pile A. The strain 

readings were corrected for the temperature effects to achieve an improved measurement of the 

residual stresses following pile driving.  

It is the authors’ opinion that applying a dynamic impact to instrumented piles prior to installation 

as suggested by Randolph et al. (1994) is not necessary based on the relatively small shift in strain. 

It is possible that prior handling of the piles applied sufficient dynamic force to relax any locked-

in manufacturing strains. Alternatively, the energy and stress applied during this procedure was 

insufficient to relax the locked-in manufacturing strains. This procedure did however provide 

greater confidence that there were not large shifts in strain during pile installation and the measured 

strain after EOID was representative of the actual stress in the pile. The shift in the no-load reading 

from pile driving was much smaller than the shift from temperature changes following installation. 

Budge and Dasenbrock (2011) corrected vibrating wire strain gauge readings to account for 

thermal stresses for seasonal temperature changes near ground surface. In that study, the vibrating 

wire gauges were installed on sister bars which were lowered into a driven pipe pile before pouring 

concrete. Therefore, the no-load reading in their study was taken after the pipe piles were driven 

and there was no attempt to measure residual loads. Although temperature correction of vibrating 

wire strain gauges has been performed before, the authors are unaware of any previous studies 

where the temperature induced strain change from pile installation was measured and corrected to 

interpret residual stresses. 
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Seo et al. (2009) installed vibrating wire strain gauges on steel piles and obtained no-load readings 

prior to pile driving. They observed that the residual load distribution did not match the expected 

distribution and the discrepancy was attributed to the dynamic impact of pile driving causing shifts 

to the no-load reading. This discrepancy would similarly be reported in the current study if the 

residual loads were calculated from the measured strain. By correcting for the change in strain due 

to temperature change, the residual load distribution better matches the expected distribution with 

an accumulation of negative skin friction along the pile shaft. Significant residual stresses are 

expected when the pile is driven to a very hard end bearing layer (Briaud and Tucker 1997). Had 

the strain and temperature data not been collected immediately following pile installation, it would 

likely be concluded that there was a shift in the strain gauges similar to Seo et al.'s (2009) 

conclusions.  

The procedure presented for temperature correction assumed that the decrease in strain during 120 

minutes after EOID was entirely due to temperature effects. The residual stress was therefore 

assumed to be constant during this time after reaching a peak immediately or shortly after EOID. 

In reality, excess porewater pressure is expected to dissipate with time. Also, the reconsolidation 

of soft soils disturbed during pile driving can cause soil settlement and negative skin friction 

(Briaud and Tucker 1997). Lastly, there were several restrikes which occurred in this timeframe 

and the corresponding strain change was neglected in this time interval. Therefore, some error is 

expected in the presented corrected residual stress, but the interpretation with temperature 

correction is an improvement versus calculating residual stresses from the directly measured strain. 

The following key conclusions are drawn from this study: 

 Applying dynamic force to the pile by striking against a steel plate resulted in a minor shift 

in the no-load condition strain gauge reading compared to the shift caused by temperature 

effects. 

 The decrease in temperature from installing the pile in the cooler ground resulted in 

significant decrease in the measured compressive strain.  

 In order to estimate residual loads of a driven pile using vibrating wire strain gauges, the 

strain gauge and accompanying thermistor must be connected to a data logger during pile 
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installation to observe the change in measured strain due to temperature change. The 

measured strain can then be corrected for an improved measurements of residual stress. 

 Residual stresses will be underestimated if a pile is installed in a cooler ground 

environment and temperature corrections are not performed. 

This study demonstrated that an improved estimate of residual stress from pile driving can be 

achieved by obtaining the no-load reading prior to pile installation and correcting strain readings 

for temperature effects immediately after EOID. Applications for vibrating wire strain gauges on 

piles include measuring long-term negative skin friction for foundations subject to ground 

settlement or measuring the resistance distribution during static load tests. In any application, 

ignoring the residual loads for driven piles due to the pile driving process will results in an incorrect 

interpretation of the load in the pile, shear stress acting along the shaft, and compressive stress at 

the pile tip.  
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5.6 Supplemental Information 

Section 5.6 contains relevant supplemental information that was not included in the journal 

publication. This includes additional strain gauge monitoring results and a brief discussion. 

The strain gauge measurements for all strain gauge pairs during the procedure to relax locked-in 

manufacturing strain are provided in Appendix G. Consistent with the results shown in Section 

5.3.1, the change in the strain from the procedure is easier to interpret for Pile B. The change in 
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strain ranged from approximately 0 to 5 microstrain between all strain gauge pairs for Pile B. The 

shift in strain for Pile A appears to be within the same range, though the measured strain was not 

stable before and after the procedure as discussed in Section 5.3.1.  

The strain and temperature measurements for all strain gauge pairs below ground, SG P1 through 

SG P6, are provided in Appendix H. Data from EOID to 180 minutes after EOID is presented to 

show residual strains shortly after EOID and temperature effects after installing the pile in cooler 

ground. The temperature versus strain is plotted and shown in Figure 5.13 for Pile A and Figure 

5.14 for Pile B. Select data is plotted in Figure 5.13 and Figure 5.14 in a timeframe where 

temperature and strain were decreasing, and there were no sudden shifts in strain data. This time 

range is indicated by the red box within the strain and temperature plots in Appendix H. 

Figure 5.13: Linear temperature-strain relationship for Pile A strain gauge pairs after EOID. 
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Figure 5.14: Linear temperature-strain relationship for Pile B strain gauge pairs after EOID. 

The coefficient of determination (R2) ranged from 0.9846 to 0.9996 with an average of 0.9951 

based on the 12 selected data sets shown in Figure 5.13 and Figure 5.14. This data further supports 

the conclusion that the decrease in temperature following pile installation in the cooler ground 

resulted in a decrease in measured strain that is not representative of external loading. 

The calculated stress based on strain gauge data is shown in Appendix I for each strain gauge pair 

up to 48 hours after EOID. Strain gauge pairs SG P1 through SG P6 were corrected for temperature 

effects following the procedure described in Section 5.3.2. Consistent with the results shown for 

Pile A SG P3 and Pile B SG P4 in Section 5.3.2, the corrected stress is greater than the apparent 

stress for each strain gauge pair where the temperature correction was applied. This data was used 

to calculate the axial pile force distributions shown in Figure 5.12. 
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Connecting Section 

Chapter 5 described challenges in measuring residual strain in driven piles with vibrating wire 

strain gauges due to shifts in the no-load or zero reading. It was identified that the strain shift from 

relaxation of locked-in manufacturing strain in the steel piles was relatively small compared to 

temperature-induced strain shifts. A procedure was proposed for correcting the measured strain 

for temperature effects to achieve an improved interpretation of residual strain. Considering 

residual stresses is critical to correctly interpret the force distribution in the test piles when 

subjected to ground settlement and during static load testing. 

The next chapter, Chapter 6, describes the performance of the test piles when subjected to ground 

settlement. The measured pile capacity, pile settlement, and drag force are reported and are used 

to calibrate a load transfer model. Observations from the test piles and calibrated model are used 

to compare the geotechnical ULS requirements of the AASHTO LRFD Bridge Design 

Specifications and Canadian Highway Bridge Design Code. 
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6.0 Capacity of Piles subject to Downdrag: A Comparison of North 

American Bridge Design Codes and Observations from a Full-Scale 

Test Pile Program  

Abstract 

Negative skin friction caused by ground settlement is an important consideration for deep 

foundations in limit states design. However, there are inconsistencies in the methodology whereby 

negative skin friction and associated drag force are considered in assessing the geotechnical 

capacity or geotechnical ultimate limit state (ULS) in various design codes. This includes two 

current North American bridge design codes, the Canadian Highway Bridge Design Code and 

AASHTO LRFD Bridge Design Specifications. A test pile program was developed to observe 

effects of ground settlement on pile settlement, capacity, and drag force. Two instrumented steel 

H-piles were driven through a compressible clay layer to a hard end-bearing stratum, subjected to 

ground settlement by constructing a 1.5 m high embankment, followed by static load testing. A 

load-transfer model was calibrated from the test pile program observations. Test results and the 

calibrated model were used to compare geotechnical ULS requirements of the two bridge design 

codes. It is demonstrated that drag force did not detrimentally impact pile capacity. The results 

show that assessment of the geotechnical ULS can be more conservative when adhering to the 

current AASHTO LRFD Bridge Design Specifications, thereby increasing foundation costs in 

comparison to the Canadian Highway Bridge Design Code. 

6.1 Introduction 

Inadequate design of deep foundations subject to ground settlement can result in poor performance 

or collapse of structures. Davisson (1993) described seven case histories where ground settlement 

resulted in excessive structure settlement or structural collapse of a bridge. The piles failed 

structurally in three of these cases. Despite the potentially high consequences of negative skin 

friction and downdrag, there is considerable inconsistency in the theoretical approach to consider 

ground settlement and negative skin friction in many design codes (Fellenius 2014b). 
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 The downward movement of soil relative to a pile results in downward shear stress acting on the 

shaft of the pile referred to as negative skin friction. Ground settlement around a pile will results 

in negative skin friction acting along the upper portion of the pile down to a neutral plane, positive 

shaft resistance below the neutral plane, and a compressive force at the pile tip (Briaud and Tucker 

1997). Definitions adopted by Fellenius (2014b, 2021) will be used throughout this document. The 

accumulation of force from negative skin friction from the pile head to the neutral plane is referred 

to as drag force. Pile settlement caused by ground settlement is referred to as downdrag. It should 

be noted that this terminology is not consistent in engineering practice or the various codes. 

The limit states design method requires analysis of three limit states for deep foundations to 

achieve adequate safety and performance. The limit states include: 1) the geotechnical ultimate 

limit state (ULS) or geotechnical capacity; 2) the serviceability limit state (SLS) or pile settlement; 

and 3) the structural ULS or structural capacity. The Unified Design Method (Fellenius 2004, 

2021) addresses each of these limit states including for piles subject to ground settlement. This 

method requires calculation of the neutral plane and force distribution in the pile when subject to 

the unfactored dead load and considering the distribution of ground settlement. Transient loads 

result in an equal reduction in drag force, therefore live loads are not considered in estimating the 

location of neutral plane or the drag force. This analysis requires continuity between the pile tip 

movement and the pile tip force. Pile settlement is evaluated from the tip settlement plus the elastic 

shortening of the pile. The force at the neutral plane needs to be considered to evaluate the 

structural ULS. The drag force and negative skin friction are not considered for the geotechnical 

ULS. The geotechnical ULS is meant to provide an acceptable level of safety against a potential 

plunging failure of the pile. Field tests of instrumented piles have demonstrated that negative skin 

friction does not exist during a plunging failure of a pile as the shear stress along the shaft 

transitions to positive shaft resistance (Bozozuk 1981). Although negative skin friction does not 

exist at the geotechnical capacity, Fellenius (2014a, 2021) demonstrated that residual load in a pile 

prior to a static load test can influence the shape of the measured load-movement response.  

Therefore, a different capacity may be interpreted from static load tests depending on the 

distribution of negative skin friction and residual loads in a pile before testing. 
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The Canadian Highway Bridge Design Code (CHBDC; Canadian Standards Association 2019) 

and AASHTO LRFD Bridge Design Specifications (AASHTO 2020; referred to hereafter as the 

AASHTO Code) are both commonly specified for bridge projects within Canada. These two codes 

have fundamentally different theoretical approaches for assessing the geotechnical ULS of piles 

subject to ground settlement. Similar to the Unified Design Method, the CHBDC does not consider 

negative skin friction for analysis of the geotechnical ULS. This is also consistent with 

recommendations of the Canadian Foundation Engineering Manual (Canadian Geotechnical 

Society 2006) and United States Department of Transportation Federal Highway Administration 

(FHWA) Manual (Hannigan et al. 2016). The geotechnical ULS of the AASHTO Code differs 

however by neglecting the portion of shaft resistance where negative skin friction acts on the pile. 

Also, the drag force is included as an additional load on the pile at this limit state. It is not 

recognized that negative skin friction transitions to positive shaft resistance when loaded to its 

geotechnical capacity. The AASHTO Code uses the term strength limit state instead of ULS, 

however the term ULS will be used in this discussion. 

Fellenius (2014b) compared numerous design codes and identified inconsistencies in practice for 

considering negative skin friction in pile design. Bartz and Blatz (2020) compared the AASHTO 

Code and CHBDC with analyses of simplified scenarios of a pile installed through a settling 

compressible clay layer and into a non-settling stratum. It was demonstrated that adhering to the 

geotechnical ULS requirements of the AASHTO Code can result in designs that are considerably 

more conservative than the CHBDC. For example, additional piles may be required or alternative 

pile types may have to be explored. This hypothetical comparison quantified the potential impacts 

in pile design from two common codes specified in Canada and North America. However, more 

field evidence is required to demonstrate the impact of the code differences in more representative 

and practical conditions because these discrepancies for considering negative skin friction are still 

observed in engineering practice today. 

The objective of this study is to measure the effects of ground settlement on pile capacity, 

settlement, and drag force to compare the geotechnical ULS approach identified in the CHBDC 

and AASHTO Code. This was accomplished by performing a full-scale test pile program. Two 

instrumented steel H-piles were driven through a compressible clay layer to a hard end-bearing 
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stratum, subjected to ground settlement from construction of a surrounding embankment, and then 

subjected to static load tests. Static load test results and strain gauge measurements were used to 

calibrate a load-transfer model. This model was used to analyze different loading conditions and 

provide further insight into the effects of ground settlement on pile performance. Lastly, the 

observed and modelled performance was used to assess the geotechnical ULS according to 

CHBDC and AASHTO Code approaches. 

6.2 Test Pile Program Methodology 

The study site is located in the R.M. of Headingley, Manitoba and approximately 2.5 km west of 

Winnipeg. The stratigraphy at the site consists of approximately 0.5 m of fill underlain by high 

plastic glaciolacustrine clay extending to approximately 7.5 m depth over sandy silt till. The clay 

is stiff, contains trace amounts of sand and gravel, and is heavily overconsolidated. The till stratum 

in the region typically consists of a well graded mixture of clay to boulder sizes and is 

predominantly comprised of silt sized particles (Baracos, Shields and Kjartanson 1983). The till at 

the study site is very dense below approximately 8.8 m depth. 

The test pile program methodology was planned to observe the drag force and downdrag of a pile 

driven through a consolidating and settling soil layer to a hard end bearing layer. This is 

representative of ground conditions for piles at a bridge abutment. A static load test was performed 

for interpretation of pile capacity. The general procedure for the test pile program consisted of: 1) 

installing geotechnical instrumentation to monitor ground settlement; 2) instrumenting test piles 

to measure strain and interpret the transfer of shear stress between soil and pile; 3) driving the test 

piles and reaction piles; 4) constructing an embankment surrounding the piles to induce ground 

settlement; 5) monitoring instrumentation for approximately one year; and 6) performing a static 

load test on the test piles.  

6.2.1 Geotechnical Instrumentation 

The geotechnical instrumentation program was designed to measure ground settlement and 

porewater pressure near the test piles and near the centre of the embankment. The Magnetic 

Settlement System by RST Instruments was used to measure the ground settlement profile. This 

system consisted of a series of anchors which slide over a 25 mm PVC pipe in a borehole adjacent 
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to the piles. A datum magnet was fixed to the bottom of the PVC pipe at 10.6 m depth in the very 

dense till. This system requires manually lowering a magnetic probe down the PVC pipe which 

indicates when the probe is in line with a sensor. The ground settlement profile was measured by 

observing the change in distance between the sensors with time. Vibrating wire piezometers were 

installed within the clay at 3.4 m and 6.1 m depth. A standpipe piezometer was installed at 9.9 m 

depth in the till.  

6.2.2 Pile Instrumentation 

Arc-weldable vibrating wire strain gauges (RST Instruments model VWSG-A) were installed on 

two HP 310x94 test piles. The test piles are referred to as Pile A and Pile B. Strain gauges were 

installed in pairs on opposing flanges to account for bending. The strain gauges and cables were 

protected by a steel angle welded along the flanges of the pile. Additionally, a 19.1 mm x 3.38 mm 

telltale pipe was welded to the pile for a telltale rod to measure pile compression during the static 

load test. The test piles were 18.4 m in length and the strain gauge locations are shown in Figure 

6.1. The strain gauge pairs are labelled SG P1 through SG P10 on each pile. The strain gauges 

were connected to an RST Instruments DT2040 model data logger. Additional details on the 

installation of the pile instrumentation is described by Bartz and Blatz (2021).  
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Figure 6.1: Strain gauge locations and soil profile. 

6.2.3 Pile Installation 

Pile A and Pile B were installed on September 18, 2019 and September 19, 2019, respectively. 

The piles were driven with a Junttan HHK 5S hydraulic hammer to be end bearing on the dense 

till. Pile A was driven to approximately 8.8 m depth and Pile B was installed to approximately 9.1 

m depth. An additional six piles were installed as reaction piles for the static load test frame. These 

reaction piles were driven to greater depths between 12.7 and 16.7 m to increase uplift resistance.  

6.2.4 Embankment Construction 

An embankment was constructed surrounding the piles on October 9, 2019 to induce ground 

settlement and negative skin friction on the piles. The embankment was constructed of crushed 

limestone placed with a skid steer loader. The embankment was constructed to approximately 1.5 

m high (above prairie level) at the crest, approximately 8 m by 9 m wide at the crest, with side 
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slopes of approximately 2 horizontal : 1 vertical. The geometry of the embankment was designed 

to apply a stress change and settlement along the length of the test piles that would induce 

downdrag and drag force. The crushed limestone embankment is shown in Figure 6.2. 

Figure 6.2: Crushed limestone embankment surrounding test piles and reaction piles in June 2020. 

6.2.5 Pile Settlement and Strain Gauge Monitoring 

The pile settlement and drag force were monitored following construction of the embankment. Pile 

settlement was measured by surveying the elevation of targets on the piles before and after 

constructing the embankment. Strain data was collected from the strain gauges on an hourly basis 

to interpret the accumulation of drag force due to ground settlement. The strain gauges were zeroed 

prior to installation to consider the residual stresses in the pile after driving. The strain readings 

were also corrected for temperature change in the initial hours after installation while temperature 
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rapidly decreased in the piles due to installation in the cooler ground. Details on temperature 

correction for this project are described by Bartz and Blatz (2021).  

6.2.6 Static Load Test 

The static load test was completed on October 22, 2020 for Pile B and October 27, 2020 for Pile 

A. The crushed limestone embankment fill was spread out over a larger footprint in order to create 

a larger platform for crews to construct the load test frame. The altered embankment was 

approximately 1.1 m high at the crest and approximately 8 m by 14 m wide at the crest. The stick 

up of the test piles was cut to a selected pile head elevation for the load test frame. The static load 

test was performed in general accordance of the quick test procedure in ASTM D1143/D1143M 

(ASTM International 2013). The load was applied in increments of approximately 70 kN for Pile 

A and 90 kN for Pile B. The test proceeded until the pile head movement exceeded 60 mm. Each 

load increment was held for approximately 10 minutes. Figure 6.3 shows the static load test on 

Pile B in progress. 
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Figure 6.3: Static load test of Pile B in October 2020. 

6.3 Results 

6.3.1 Downdrag and Drag Force 

The force distribution in Pile B is compared to the settlement distribution of the soil and pile in 

Figure 6.4. The axial pile force (��) was calculated from: 

�� = ��� (6.1)

where � is strain, � is Young’s Modulus, and � is the cross-sectional area of the pile. The value of 

� is equal to 205 GPa and � is equal to approximately 146 cm2 for the HP310x94 pile with the 

welded angle protection. The � was calculated as the average at each elevation to account for 

bending. The load distribution is not shown for Pile A because multiple strain gauges stopped 

functioning in the days following pile installation. Only one strain gauge pair survived long-term 

below ground for Pile A. 
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Figure 6.4: Settlement and axial force measurements of Pile B due to ground settlement. 

Pile settlement was measured to be less than 1 or 2 mm at various times following embankment 

construction. The surveying methodology for measuring pile settlement was not suitable for 

providing a precise and accurate measurement for the small magnitude of settlement. The ground 

settlement as measured using the magnetic settlement system is also reasonably expected to have 

several mm of error from taking manual readings. It was assumed that there is zero ground 

settlement below the bottom datum of the settlement system. The soil at this depth did experience 

a stress change due to the embankment construction and therefore underwent some negligible 

deformation.  

The load distribution on Figure 6.4 from October 9, 2019 shows the residual loads prior to 

construction of the embankment. The load distribution on October 10, 2019 is representative of 

the force distribution the day following embankment construction. The October 22, 2020 data 

represents the drag force on the day of the static load test prior to the test. It was observed that one 
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of the strain gauges in pair SG P1 gradually shifted with time indicating greater compression. This 

gradual increase in compressive strain was not observed in any of the other strain gauges near the 

pile tip. Therefore, the bottom force data point is believed to be erroneous. One of the strain gauges 

from pair SG P3 stopped functioning in October, 2020 prior to the static load test.  

The force distribution indicates that negative skin friction is acting along the length of the pile and 

the neutral plane was located at or very near the tip of the pile in the dense till. The drag force was 

approximately equal to 210 kN prior to constructing the embankment. The following day after 

construction, the drag force increased to approximately 260 kN. The following year, the force at 

strain gauge pair SG P2 increased by approximately 20 kN. Therefore, the drag force can be 

interpreted to have increased to approximately 280 kN prior to the static load test. 

6.3.2 Load Testing 

Results from the static load test for Pile A and Pile B are shown in Figure 6.5. 

Figure 6.5: Load-movement curves from static load tests. (a) Pile A. (b) Pile B. 

The mobilized tip resistance (��) and shaft resistance (��) were estimating from telltale 

measurements for Pile A according to: 

�� = 2���� − �� (6.2)
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�� = �� − �� (6.3)

where �� is the applied load and ���� is the average axial load in the pile determined from telltale 

measurements (Fellenius 2021). The value of �� was calculated for Pile B from strain gauge data 

by extrapolating the force from the bottom two strain gauge pairs. The shaft force was again 

calculated from equation 6.3. The strain gauge readings are expected to be more accurate because 

small errors in telltale measurement can result in significant errors in calculating the average strain 

in the pile and ����. Only one telltale was installed on each test pile which does not account for 

potential bending in the pile due to the applied loading which is a potential source of error in 

measuring pile compression. 

The force distribution in the pile during the loading stages of the static load test are shown in Figure 

6.6. Here, the strain gauges were zeroed prior to the static load test. This was done because there 

were observed shifts in strain readings following pile driving and there are uncertainties regarding 

the temperature correction process (Bartz and Blatz 2021). Also, one strain gauge at SG P1 had a 

gradual shift over the long-term monitoring period. Therefore, zeroing the gauges provides an 

improved measurement of the mobilized resistance from the start of the load test. Zones are 

labelled Zone 1 through Zone 5 that represent the length between strain gauge pairs. The shaft 

resistance from each zone during the load test is shown in Figure 6.7. This force is calculated from 

the difference between successive strain gauge pairs. Zone 3 and Zone 4 exhibit strain softening 

behaviour as the shaft resistance decreases after reaching a peak. The shaft resistance of Zone 1, 

Zone 2 and Zone 5 generally plateaus after reaching a peak. This shaft resistance is the force 

transferred from the start of the static load test and does not account for the negative skin friction 

prior to beginning the load test. 
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Figure 6.6: Force distribution during static load test of Pile B. 

Figure 6.7: Mobilized shaft resistance during static load test of Pile B. 
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Shaft resistance in the crushed limestone was relatively minor as indicated from the vertical force 

distribution from the applied head load and force at SG P7. There appears to be an increase in shaft 

resistance after the applied load exceeds 1000 kN. The hydraulic jack operators experienced 

difficulty maintaining a constant applied load at these higher forces and the sampling rate of the 

vibrating wire strain gauges was slower than the load cell measurements. Therefore, this increase 

in apparent resistance above SG P7 in the limestone fill is interpreted to be false because the 

applied load and strain gauge reading weren’t taken at the same time and the head load fluctuated 

at higher loads. 

6.4 Load Transfer Model 

6.4.1 Calibration 

The static load test results were used to calibrate a load-transfer model. Mobilization of resistance 

was modelled with a shear resistance versus shaft movement (t-z) curve and a tip resistance versus 

tip movement (q-z) curve. Elastic shortening of the pile is also considered in the analysis. UniPile 

(UniSoft Geotechnical Solutions Ltd 2013) was used to perform the analysis which is capable of 

simulating static load tests and includes an option to consider residual stresses prior to the 

simulated load test. This software was also used to perform neutral plane analyses to evaluate 

settlement and drag force. 

The pile was modelled with Young’s modulus of 205 GPA and cross sectional area of 146 cm2 

which is representative of a HP310x94 pile with the welded steel angles that protect the 

instrumentation. The soil was modelled in units consistent with the zones in Figure 6.6. Zones 1 

through 4 were assigned a unit weight of 17.5 kN/m3 and predominantly consist of the silty clay. 

Zone 5 was assigned a unit weight of 23 kN/m3 and is entirely within the till layer. Zone 1 was 

extended to ground surface and Zone 5 extended to the pile tip in the model. The porewater 

pressure was input to reflect the measured porewater pressure at the time of static load testing 

which included a groundwater table at approximately 2.6 m below ground surface. The maximum 

unit shaft shear resistance (��) was modelled as a function of effective stress with the beta-method 

according to: 
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�� = ���′ (6.4)

where � is the shaft resistance factor and ��′ is the vertical effective stress. A surcharge at ground 

surface was included to represent the embankment loading when calculating ��′. Boussinesq stress 

theory was used to estimate the vertical surcharge loading with depth along the pile length. The 

surcharge was simplified and modelled as a 20 kPa surcharge over a 15.4 m x 10.4 m rectangular 

area centred at the midpoint between the two test piles. The value of �� was modelled using the 

beta-method because �� in clay has been demonstrated to be a function of effective stress  (Bjerrum 

et al. 1969, Endo et al. 1969, Burland 1973). 

The value of � was calculated for each soil zone between the strain gauge pairs. Table 6.1 shows 

the peak force for each zone from Figure 6.7. It was assumed that negative skin friction was fully 

mobilized prior to the static load test along the length of the pile. This assumption was made based 

on the observed pile force distribution after experiencing ground settlement. The measured peak 

force is representative of the force mobilized from the start of the test and is referred to as an 

apparent peak force. The actual peak force is half of the apparent peak force assuming that the 

shear stress transitions from fully mobilized in the negative direction to positive direction, and that 

�� is equal in both directions. A beta value was calculated that results in the peak force based on 

the pile geometry and effective stress distribution along the shaft. The average �� is also presented 

for each zone. The cumulative shaft resistance distribution is shown in Figure 6.8 in comparison 

to the observed drag force prior to the static load test. Assuming that negative skin friction was 

fully mobilized along the length of the shaft to derive � provided a reasonable match to the 

observed drag force. 

Table 6.1: Summary of shaft resistance and β coefficient. 

Zone Apparent Peak 
Force (kN) 

Peak Force 
(kN) 

��
(kPa) 

�

1 30 15 7 0.19 

2 95 48 23 0.38 

3 85 43 20 0.26 

4 216 108 26 0.26 

5 39 20 50 0.51 
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Figure 6.8: Comparison of modelled cumulative shaft resistance from static load test results vs measured axial force due to 
ground settlement. 

The t-z curves used in the model are shown in Figure 6.9. The t-z curve for Zone 1, Zone 2, and 

Zone 5 is modelled by the Vander Veen (1953) exponential curve: 

� = �����(1 − ����) (6.5)

where � is the percentage of the maximum shaft resistance, ����� is the peak or maximum value of 

�, � is the function coefficient, and � is movement. � was assigned a value of 1 and ����� is equal 

to 100. The value of � approaches 100% at a movement of approximately 5 mm. The t-z curve for 

Zone 3 and Zone 4 is modelled by the Zhang function (Zhang and Zhang 2012) curve: 

� =
�(� + ��)

(� + ��)�
(6.6)
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where �, �, and � are coefficients. The coefficient � was assigned a value of 0.009 and � and � are 

a function of � according to: 

� =
1

2�����
−

�

�����

(6.7)

� =
1

4�����
−

�

�����

(6.8)

where ����� is the movement at �����. The value of ����� was assigned to be 5 mm and ����� is 

equal to 100. This curve is representative of strain-softening behaviour which was observed in 

Zone 3 and Zone 4 in Figure 6.7. This t-z curve models a decrease in force of approximately 25% 

from the peak at relative movement of 60 mm. The 25% decrease is within the range of decrease 

observed in Zone 3 and Zone 4.  

Figure 6.9: Modelled t-z curves. 

A custom q-z curve was input into the model and is shown in Figure 6.10. This q-z curve was from 

the observed tip force versus tip movement shown in Figure 6.5b. There is no true peak value for 

tip resistance. The 100% value for the tip resistance was selected as the measured tip resistance 

when the tip movement was equal to 27 mm. From Figure 6.5b, the tip force at 27 mm of movement 
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was equal to 1032 kN. If negative skin friction was assumed to be fully mobilized along the length 

of the shaft, then the drag force prior to the test was equal to 286 kN from the modelled shaft 

resistance distribution in Figure 6.8. Therefore, the 100% value for tip resistance was modelled as 

1318 kN to represent the true tip capacity.  

Figure 6.10: Custom q-z curve from static load test results. 

A comparison of the actual pile head load versus movement and the simulated movement using 

UniPile is shown on Figure 6.11. The calibrated model can provide further insight into how the 

piles would perform under different service loads and for simulated load test under different 

scenarios of effective stress distribution. This simulated static load test considered residual loads 

and assumed that negative skin friction was fully mobilized prior to testing. 
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Figure 6.11: Simulated static load test versus actual static load test data. 

6.4.2 Downdrag, Drag Force, and Capacity Analysis 

The calibrated model was used to perform a neutral plane analysis to estimate the downdrag and 

drag force of Pile B had it been subject to a sustained dead load. Different dead loads were 

calculated that result in a pile head settlement of 5, 10, 15, 20, and 25 mm. This analysis considers 

continuity between the tip force and the relative movement between the soil and pile at the tip 

elevation. Figure 6.12 shows the force distribution for the modelled serviceability conditions. 

Table 6.2 summarizes the sustained dead load, drag force, and the maximum load in the pile for 

each condition. The peak force is required for evaluating the structural ULS of the pile below 

ground surface.  
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Figure 6.12: Neutral plane analysis for varying dead loads. DL, dead load; NP, neutral plane. 

Table 6.2: Summary of neutral plane analysis from calibrated model. 

Pile Settlement 
(mm) 

Dead Load 
(kN) 

Drag Force 
(kN) 

Force at Neutral 
Plane (kN) 

5 705 125 830 

10 1140 70 1210 

15 1365 20 1385 

20 1455 10 1465 

25 1525 5 1530 

It was not feasible to conduct the static load test under different scenarios of ground settlement 

and negative skin friction. However, the calibrated model was used to simulate static load tests for 

two alternate scenarios including: 

1. Identical effective stress distribution to the calibrated model, but with no residual loads.  

2. Modified effective stress distribution with no surcharge loading. 
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Scenario 1 represents an unrealistic situation where no residual loads exist. Even if the 

embankment were constructed and consolidation was 100% complete prior to pile installation, 

residual loads exist due to pile driving. The Zhang � coefficient was modified to 0.011 for t-z 

curves for Zone 3 and 4 to reflect an approximately 50% reduction in shaft resistance for 60 mm 

of relative movement. This modification was introduced so that the reduction in �� after reaching 

a peak was approximately equal to the calibrated model. 

Scenario 2 represents a situation where there is no induced ground settlement from surcharge 

loading. Negative skin friction was considered to be fully mobilized along the pile shaft for this 

scenario because significant residual loads were observed after pile driving. The peak tip resistance 

was decreased by 7% for Scenario 2 to account for the approximately 7% decrease in effective 

stress at the pile tip elevation without the surcharge load at ground surface. The decrease in ��′

along the shaft from removing the surcharge load decreases �� along the length of the pile 

compared to the calibrated model. 

The simulated static load tests are shown in Figure 6.13 for the calibrated model and the two 

additional scenarios. The capacities of each simulated test are summarized in Table 6.3 based on 

several definitions of capacity. The definitions include the Davisson offset limit (Davisson 1972), 

the load at pile head movement of 10% of pile diameter, the load at tip movement of 30 mm 

(Fellenius 2021), and the Brinch-Hansen 80% criterion (Brinch-Hansen 1961). These definitions 

were selected to provide a range of possible interpreted capacities. 
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Figure 6.13: Simulated static load tests for varying residual load scenarios. 

Table 6.3: Summary of capacities from simulated static load tests. 

Capacity 
Definition 

Calibrated Model and 
Actual Load Test 

Model without 
Residual Loads

Model without 
Embankment Surcharge

Davisson Offset 1360 1280 1210 

10% Diameter 
Head Movement 

1550 1550 1400 

30 mm Tip 
Movement 

1560 1560 1410 

Brinch-Hansen 
80% 

1580 1610 1440 

6.5 Design Code Comparison for Geotechnical ULS 

The load test results for Pile B were used to compare the geotechnical ULS design requirements 

for the AASHTO Code and CHBDC. The ultimate geotechnical resistance (�) was considered to 

be 1560 kN from the 30 mm tip movement definition of capacity for the purpose of this design 

code comparison. This capacity was consistent for the actual load test results and the simulated 

models whether residual loads were present or not.  
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The factored resistance must exceed the sum of the factored loads to satisfy the geotechnical ULS 

requirements. This can be expressed as: 

Φ� > ��� (6.9)

where Φ is the ultimate geotechnical resistance factor, � is a load factor, and � is an applied load. 

A dead load of 705 kN and a live load of 140 kN was considered to assess the geotechnical ULS. 

A dead load of 705 kN was selected because it was calculated to be the sustained load that results 

in 5 mm of pile settlement which would be considered adequate performance for most structures. 

The live load is approximately equal to 20% of the dead load. For the purpose of this exercise, the 

analysis was simplified with the only external loads being a dead load and live load.  In terms of 

working stress design, the factor of safety is equal to 1.85 for this scenario with a total load of 845 

kN. Table 6.4 summarizes the geotechnical ULS calculations according to CHBDC and AASHTO 

Code. 

Table 6.4: Geotechnical ULS calculations according to code requirements for Pile B. 

Code 
Calculated 

DF 

Loads (kN) Factored Loads (kN)f Resistance (kN) 
Adequateh

DL LL DFe DL LL DF Sum Unfactored Factoredg

CHBDC 125c 705 140 0 845 240 0 1085 1560 1090 Yes 

AASHTOa 125c 705 140 125 880 245 130 1255 1435 1150 No 

AASHTOb 125c 705 140 0 880 245 0 1125 1435 1150 Yes 

AASHTOa 190d 705 140 190 880 245 200 1325 1370 1095 No 

AASHTOb 190 d 705 140 50 880 245 55 1180 1370 1095 No 

a. Drag force is not reduced by live load. 
b. Drag force is reduced by live load. 
c. Calculated from neutral plane analysis. 
d. Calculated assuming entire settling clay layer contributes to drag force. 
e. Drag force considered in the geotechnical ULS calculations. 
f. Load factors of 1.2 and 1.7 are applied for CHBDC for DL and LL, respectively. Load factors of 1.25, 1.75, 

and 1.05 are applied for AASHTO Code for DL, LL, and DF, respectively. 
g. Resistance factor of 0.7 is applied for CHBDC. Resistance factor of 0.8 is applied for AASHTO Code. 
h. The pile is deemed adequate if the factored resistance is greater than the sum of factored loads. 
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Equation 6.9 was evaluated based on load and resistance factors from the CHBDC. A value of Φ

of 0.7 was selected to assess axial capacity where a static load test has been performed and there 

is a high degree of understanding. Therefore, Φ� is equal to 1090 kN for � of 1560 kN. CHBDC 

also introduces an importance factor for the factored resistance which was not included. A load 

factor for dead loads (���) of 1.2 and load factor for live loads (���) of 1.7 were selected as 

possible factors from ULS “combination 1” of the CHBDC with only dead load and live loads 

applied. This is a simplification to apply a single ��� to the dead load where the code actually 

specifies different ��� for different components and materials. The total factored load is calculated 

to be 1085 kN. Therefore, equation 6.9 is satisfied and this example loading meets the geotechnical 

ULS for CHBDC. 

Equation 6.9 was also evaluated based on factored loads and resistance from the AASHTO Code. 

The drag force was considered as an additional load on the factored load side of the equation. Also, 

only the tip resistance and portion of the shaft resistance below the lowest layer contributing to the 

drag force can be considered. The drag force is equal to 125 kN for a dead load of 705 kN and the 

shaft resistance below the neutral plane is equal to 165 kN. Therefore, � of 1435 kN can be 

considered in evaluating the geotechnical ULS. A value of Φ of 0.8 was selected for driven piles 

where driving criteria was determined from a static load test and dynamic testing. Therefore, Φ�

is equal to 1150 kN. Load factors were selected as ��� of 1.25, ��� of 1.75, and load factor for 

drag force (���) of 1.05. The load factors were selected as possible factors from the “strength I 

load combination” with only dead load, live load, and drag force applying. No specific load factor 

is specified for the beta method, therefore ��� for the λ-method was applied. The total factored 

load is calculated to be 1255 kN. Therefore, equation 6.9 is not satisfied based on the requirements 

of the AASHTO Code.  

Alternatively, the AASHTO Code allows for the drag force to be decreased by an amount equal to 

the live load. In this case, the live load is greater than the drag force, therefore the drag force term 

can be removed from the load side of equation 6.9. This results in a total factored load of 1125 kN 

which satisfies equation 6.9. 
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If the neutral-plane analysis was not performed, then one might assume that the entire clay layer 

contributes to negative skin friction from consolidation caused by the embankment loading. With 

this assumption, the calculated drag force from the entire clay layer to 7.5 m depth is equal to 190 

kN. The shaft resistance below the clay layer is equal to 100 kN. In this scenario, � is calculated 

to be 1370 kN and Φ� is equal to 1095 kN. The total factored load is calculated to be 1325 kN if 

the entire drag force in included in the factored loads. If the drag force is decreased by the live 

load, then the total factored load is calculated to be 1180 kN. Equation 6.9 is not satisfied if the 

entire clay layer is assumed to contribute to negative skin friction and the neutral plane occurs at 

the clay/till interface.  

6.6 Discussion and Conclusions 

The aim of the study was to measure the performance of instrumented test piles when subjected to 

ground settlement and to compare the geotechnical ULS requirements of the CHBDC and 

AASHTO Code based on these observations. Following construction of the embankment to induce 

ground settlement, the test piles experienced settlement of less than 1 or 2 mm. Negative skin 

friction was observed to act along the length of the pile and the neutral plane was at or near the 

pile tip. During static load testing, the negative skin friction transitioned to positive shaft 

resistance. The calibrated load-transfer model demonstrated that interpreted pile capacity was 

relatively consistent regardless of the residual loads at the time of testing. Although negative skin 

friction did not detrimentally affect pile capacity, the AASHTO Code considers drag force in the 

geotechnical ULS analysis and can therefore lead to more conservative designs than when 

following the CHBDC. 

The capacity of Pile B ranged from 1360 kN to 1580 kN from the static load test based on the four 

definitions presented. In this range of applied load, the strain gauge data indicated that load was 

transferred to the soil in positive shaft resistance along the entire shaft. Therefore, drag force was 

not present as a load on the pile and shaft resistance was developed along the portion of pile that 

was above the neutral plane.  This observation was expected and is consistent with findings by 

Bozozuk (1981). This confirms the validity behind the theoretical approach behind assessing pile 

capacity in the CFEM (Canadian Geotechnical Society 2006), CHBDC (Canadian Standards 
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Association 2019), FHWA manual (Hannigan et al. 2016), and the Unified Design Method 

(Fellenius 2004, 2021). This observation contradicts the theoretical approach behind determining 

the geotechnical ULS for the AASHTO Code (AASHTO 2020).  

The calibrated load-transfer model showed that the pile response to a static load test was relatively 

consistent whether or not residual loads were present for this study. The capacity was consistent 

when defined by a head movement of 10% of pile diameter or a tip movement of 30 mm. The 

Davisson-Offset method is sensitive to the shape of the load-movement curve and the capacity was 

approximately 6% less for the simulated test with no residual loads. The Brinch-Hansen 80% 

criterion was approximately 2% greater for the simulated test with no residual loads. The 

modifications to the t-z curves when simulating the scenario with no residual loads also had an 

influence on the shape of the simulated load movement curves. This simulation demonstrates that 

even in a hypothetical scenario where the effective stress distribution was consistent, but there was 

no ground settlement and no residual loads from pile installation, that the capacity is relatively 

consistent for the test piles. Fellenius (2014a, 2021) demonstrated that residual loads can affect the 

load-movement behaviour during static load testing with a similar comparison using UniPile and 

a model calibrated to observed load tests. In these studies, it was found that the capacity as defined 

by the Davisson offset limit or 30 mm tip movement definitions was lower if residual loads had 

not been present. It was concluded that the presence of residual loads generally results in larger 

interpreted capacities. Pile B had a larger capacity from the Davisson offset limit definition which 

is consistent with Fellenius' (2014a, 2021) findings.  

The simulated static load test for the scenario with no surcharge loading had a lower pile capacity 

compared to the actual load test results. This is expected because the ultimate shaft and tip 

resistance are a function of effective stress. The construction of the embankment was observed to 

cause pile settlement and increased the drag force. Therefore, effects of ground settlement and the 

long-term effective stress distribution are important considerations for evaluating pile settlement 

and drag force. The construction of the embankment did not adversely affect pile capacity based 

on the simulated static load test. 
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The analyzed example to assess geotechnical ULS considered a dead load of 705 kN and live load 

of 140 kN and an interpreted geotechnical ultimate resistance of 1560 kN for Pile B. The 

geotechnical ULS was satisfied for CHBDC with the assumed load and resistance factors. When 

applying the AASHTO Code, there is flexibility in the code to consider a reduction in drag force 

caused by live load. It was found that the geotechnical ULS assessment for the AASHTO Code 

was sensitive to the assumptions made to calculate the drag force. The drag force was calculated 

to be 125 kN from a neutral plane analysis at serviceability conditions with a dead load of 705 kN. 

In this scenario, the factored loads exceeded the factored resistance by approximately 9%. The live 

load was greater than the drag force, therefore the drag force can be reduced to 0 kN on the load 

side of the equation if live load is considered to reduce drag force. In this case, the geotechnical 

ULS was satisfied following the code. This demonstrates that this flexibility in the AASHTO Code 

can affect whether a pile meets the geotechnical ULS and can lead to inconsistent practice and 

designs. 

Including the drag force in geotechnical ULS also can introduce inconsistency in design based on 

the methodology which drag force was calculated. The drag force was calculated to be 125 kN 

based on the neutral plane analysis. One might assume that the entire clay layer contributes to 

negative skin friction due to ground settlement from the surcharge load. Assuming that the neutral 

plane is at the interface between the compressible layer and the stiffer soil layer is not a sound 

theoretical approach. It would not be surprising to see this simplifying assumption in practice 

however. This resulted in an increased drag force of 190 kN to be included on the load side of the 

equation and the geotechnical resistance was reduced by the lower assumed neutral plane. In this 

instance, the factored loads exceed the factored resistance by approximately 21%.  If the drag force 

was considered to be reduced by live loads, then the factored loads still exceed the factored 

resistance by 8%. This example analysis demonstrates that the AASHTO Code geotechnical ULS 

analysis is sensitive to the calculated drag force and the interpreted location of the neutral plane. 

The following key conclusions are drawn from this test pile study: 

 The presence of drag force did not decrease the interpreted pile capacity for the piles in 

this test pile program. 
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 There are loading conditions which would meet the geotechnical ULS of the CHBDC but 

not the AASHTO LRFD Bridge Design Specifications. 

 The geotechnical ULS for the AASHTO Code is sensitive to the calculated drag force and 

the interpreted location of the neutral plane. In reality, drag force does not affect the pile 

capacity. 

It is the authors’ opinion that the drag force should not be considered in the geotechnical ULS. In 

the instance where the AASHTO LRFD Bridge Designs Specifications are specified for a bridge 

project, special provisions should be made that the drag force and negative skin friction is not 

considered for this limit state. The theoretical inconsistencies between the AASHTO Code and 

CHBDC can lead to confusion and inconsistent practice in North America. Additionally, there is 

potential for confusion and inconsistent practice when strictly adhering to the AASHTO Code 

because of flexibility on whether to decrease drag force due to live loads. Different practitioners 

may calculate or interpret different magnitudes of drag force and location of the neutral plane.  
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6.8 Supplemental Information 

Section 6.8 contains relevant supplemental information that was not included in the journal 

publication. This includes additional ground settlement data, strain gauge monitoring data, and a 

brief discussion. 

Measured settlement of the ground surface with time is shown in Figure 6.14. The ground surface 

settlement as measured from surveying the settlement plate is shown. The ground surface 

settlement was also calculated from each reading of the Magnetic Settlement System by summing 

the cumulative settlement between the base anchor and the magnetic plate at ground surface. Two 

data points from the Magnetic Settlement System data are believed to be erroneous. Manual errors 

in reading the instrumentation is a potential source of error. The measured long-term ground 

settlement was relatively consistent between the two methods.  

Figure 6.14: Measured ground settlement with time following embankment construction. 

The long-term strain and temperature measurement for each strain gauge pair is provided in 

Appendix J. Data from EOID to 12:00 am of the day of the static load test is shown. The corrected 

strain is also shown for the strain gauge pairs that were below ground after EOID following the 

procedure described in Chapter 5. Other corrections to strain data to account for shifts in strain 

readings are noted in Appendix J. This data was used to calculate the drag force distribution for 

Pile B shown in Figure 6.4 and Figure 6.8. 
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Pile A SG P9, Pile A SG P10, Pile B SG P9, and Pile B SG P10 were all above ground surface 

after EOID and above the fill height after constructing the embankment. The change in axial strain 

after pile installation is known to be that of the self-weight of the pile and is constant. Some shifts 

in the measured strain were observed which are not reflective of any changes to external loading. 

Pile A SG P8 and Pile B SG P8 are located approximately at the top of the crushed limestone fill 

embankment. Both of these strain gauges experienced negative (tensile) strains during November, 

2019 through March, 2020. This coincides with the timeframe where measured temperatures were 

generally below 0°C. 

Pile A SG P7 and Pile B SG P7 are located approximately at the original ground surface. Pile B 

SG P7 has a clear increase in compressive strain from the beginning of December, 2019 through 

the end of March, 2020. The increase in strain is also observed in Pile B SG P6 through Pile B SG 

P1 during this time. It appears that the pile experienced an increase in loading during this time 

period in the winter where temperatures were below 0°C. One possible explanation for increased 

loading could be that when temperatures decreased below 0°C, the crushed limestone fill froze and 

adhered to the pile. The ground surface continued to settle during the winter months as indicated 

in Figure 6.14. A mass of frozen fill could have been “hanging” on the pile, acting as an additional 

load. When seasonal temperature increased above 0°C, then the frozen bond between the pile and 

limestone diminished and the weight of the frozen crushed limestone fill was no longer hanging 

on the pile.   

The force distribution in the pile shown in Figure 6.6 during the static load test was calculated 

from zeroing the strain gauges prior to the load test, assuming there were no residual loads. Figure 

6.15 shows an interpretation of the actual force distribution in the pile in consideration of residual 

loads present prior to the load test. The residual load distribution assumes negative skin friction 

was fully mobilized along the pile shaft prior to static load testing as described in Section 6.4.1. 

The change in force distribution during the static load test indicates that the negative skin friction 

entirely transitioned to positive shaft resistance along the entire length of the shaft during the static 

load test, indicated by the decrease in axial force with depth. 
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Figure 6.15: Force distribution during static load testing with residual loads. 
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Connecting Section 

Chapter 6 described the measured performance of the test piles to compare the AASHTO LRFD 

Bridge Design Specifications and Canadian Highway Bridge Design Code. Similar to Chapter 2, 

it was found that adhering to the AASHTO LRFD Bridge Design Specifications can result in more 

conservative designs. Chapter 6 also demonstrated the relationship between shaft resistance 

distribution, tip stiffness, and dead load to perform a neutral plane analysis to calculate pile 

settlement and drag force.  

The next chapter, Chapter 7, provides results from the dynamic testing program and CAPWAP 

analysis. The measured pile capacity, shaft resistance distribution, and tip stiffness from CAPWAP 

are compared to the measurements from static load testing presented in Chapter 6. Procedures are 

presented for estimating the pile capacity, shaft resistance distribution, and tip stiffness from 

CAPWAP analysis in consideration of residual stresses and setup. Chapter 7 is not directly focused 

on the subject area of downdrag. However, the procedures presented for estimating the shaft 

resistance distribution and tip stiffness are relevant because these are important input for a neutral 

plane analysis of piles subject to ground settlement. 
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7.0 Estimating Pile Tip Stiffness and Shaft Resistance Distribution of 

Driven Piles with Dynamic Testing and CAPWAP 

Abstract 

Evaluation of pile capacity using dynamic testing and the CAse Pile Wave Analysis Program 

(CAPWAP) analysis has been shown to provide reasonable measurements of capacity and 

separates the shaft and tip resistance. It is a common method for verifying pile capacities, however 

consideration of setup and presence of residual loads at the time of testing are necessary for 

interpreting the resistance distribution. A test pile program was conducted that included dynamic 

testing of piles at end of initial driving and early restrikes to measure the rate of setup. The piles 

were also instrumented to measure residual stresses. The shaft resistance and toe stiffness were 

interpreted from analyzing multiple blows and corrected for residual stresses. The results from 

CAPWAP were compared to measurements from static load tests. It was found that correcting 

CAPWAP results for residual loads resulted in better interpretation of the rate of setup and 

resistance distribution. Analyzing successive blows with CAPWAP provided an improved 

estimate of the tip load-movement curve by extrapolating the increase in tip capacity with 

penetration.  The results demonstrate the importance of correcting CAPWAP results for residual 

stresses to gain a better understanding of the tip and shaft resistance distributions for design 

purposes. 

7.1 Introduction 

Dynamic pile testing with the use of a Pile Driving Analzyer (PDA) is a preferred method to verify 

pile capacity. This method has relatively low cost, allows for testing during installation and 

restrikes, can aid in evaluating site variability, and can help prevent pile damage during driving  

(Likins, 2015). Analysis of the dynamic force and velocity data using CAse Pile Wave Analysis 

Program (CAPWAP) to estimate pile capacity has shown to have good correlation to static load 

tests (Likins and Rausche 2004). CAPWAP analysis also provides other useful output to aid in pile 

design. The total geotechnical axial capacity (�) is separated into shaft capacity (��) and tip 

capacity (��). The resistance distribution with depth is also generated. A simulated static load test 
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pile head load-movement curve and tip load-movement curve are produced. Tip stiffness and shaft 

resistance distribution are two controlling factors of long-term pile performance including 

settlement and drag force under serviceability conditions. Therefore, the detailed results from 

CAPWAP analysis are helpful for assessing the serviceability limit state and structural ultimate 

limit state in the limit states design process. However, interpretation of load testing results, 

including dynamic testing with CAPWAP analysis, are complicated by the presence of residual 

loads and the potential for setup or relaxation following installation. 

An increase in � with time is referred to as setup and can occur in all soil types (Bullock 2008). In 

some instances, � can decrease with time and is referred to as relaxation. Relaxation can occur in 

strong soils that dilate during penetration or in weak, foliated, sedimentary and metamorphic rock 

in which stresses may relax following pile driving due to creep (Bullock 2008). Researchers have 

concluded that setup occurs primarily as an increase in shaft resistance and not an increase in tip 

resistance (Chow et al. 1998, Axelsson 2000, Bullock et al. 2005). This is attributed to greater 

destructuring and shearing of the soil along the shaft as penetration of the pile displaces soil 

outward and away from the tip. This reduces shaft resistance during pile driving and increases 

aging effects. Skov and Denver (1988) suggested plotting � versus the log of time after end of 

initial driving (EOID) to fit a logarithmic setup trend line and establish a dimensionless setup 

factor. Bullock et al. (2005) provided some modifications to this approach including a 

recommendation to plot the EOID capacity at a time of one minute and plotting �� to find a shaft 

setup factor. There are challenges in accurately separating shaft and tip resistance from a 

CAPWAP analysis however. 

Although CAPWAP provides a means to separate shaft and tip resistance, there are limitations that 

will affect the accuracy of the calculations. One limitation is that the curve fitting procedure in a 

CAPWAP analysis provides a non-unique solution. Buckley et al. (2017) compared CAPWAP 

analyses by three independent users on an identical data set. All users obtained a match quality 

between 1.7 and 1.9 and their capacities were consistent within 10% of the mean. However, the 

soil resistance distribution varied between the users and there was a significant difference in the 
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split between shaft and tip resistance. This demonstrates that the non-uniqueness will result in 

uncertainty in the accuracy of �� and the shaft resistance distribution.  

Residual loads also influence the interpretation of the resistance distribution and ratio of �� versus 

��. Neglecting the presence of residual loads causes shaft resistance to appear greater than it is and 

the tip resistance to appear less than it is (Fellenius 2002). Fellenius (2002) demonstrated a 

procedure for interpreting the true resistance distribution from load test data, either static load tests 

or dynamic tests, where residual loads were neglected in measuring the resistance distribution with 

depth. The method generally consists of dividing the shaft resistance by two in the upper portion 

of the pile assuming that negative skin friction was fully mobilized prior to the load test. Then, a 

beta coefficient can be fit to this upper portion of the pile to represent the true shaft resistance 

which can be projected to the base of the soil layer. This approach also provides an estimate of 

residual loads at the time of load testing. This procedure will be referred to as the “Fellenius 

method” in this paper.  

The accuracy of the simulated tip load-movement curve from CAPWAP is similarly affected by 

the residual loads and non-uniqueness challenges. Additionally, CAPWAP simplifies the tip load-

movement behaviour with a toe quake and toe capacity which models the behaviour as elastic-

perfectly plastic. A realistic tip load-movement curve of a pile subjected to static loading does not 

fit an elastic-perfectly plastic model. CAPWAP has a feature to smoothen the transition from 

elastic to plastic behaviour but this smoothened curve is still not entirely realistic. An improved 

estimate of the tip load-movement curve versus the simplified CAPWAP model is beneficial for 

pile design. 

Fellenius (2014) plotted consecutive CAPWAP tip load movement curves with cumulative 

movement. In that example, a tip load-movement curve was estimated from three dynamic tests 

on a CFA pile subjected to the Dynamic Increasing Energy Test (DIET) (Aoki 2000). The DIET 

procedure involves applying an increasing amount of energy with each successive blow. The tip 

was interpreted to undergo virgin loading conditions during the first dynamic test in this example 

analyzed by Fellenius because of the CFA pile type. A tip load movement curve was then 

constructed with the stiffness of the first, low energy, blow and then connecting �� values for the 
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following tests. This process described by Fellenius (2014) is suitable for cast-in-place pile types 

with the DIET testing methodology and is not directly applicable for driven piles. However, the 

concept of plotting consecutive blows was considered for this study on driven piles to potentially 

provide insight into the increase in �� with tip penetration. 

This paper presents CAPWAP (Pile Dynamics, Inc. 2014) analysis results from a series of dynamic 

tests and demonstrates how pile capacity, resistance distribution and tip stiffness can be estimated 

more accurately by considering residual loads and setup. Multiple blows were analyzed at EOID 

and for several restrikes to account for uncertainty and variability due to non-uniqueness of the 

solution and to consider setup with time. The test piles consisted of driven steel H-piles that were 

instrumented with strain gauges for measurements of residual loads (Bartz and Blatz 2021a). The 

Fellenius method was implemented to estimate residual loads and correct the interpreted shaft 

resistance from CAPWAP analyses. Also, multiple simulated tip load-movement curves from 

CAPWAP were analyzed by considering cumulative displacement to estimate the tip stiffness, or 

tip load-movement curve. The estimated shaft resistance distribution and tip stiffness are compared 

to observations from static load tests on the instrumented piles. Developing and demonstrating 

procedures for improving estimates of pile resistance distribution and tip stiffness is beneficial 

because these are controlling factors of pile settlement and drag force of piles under serviceability 

conditions. Therefore, improved estimates of resistance distribution and tip stiffness of a pile is 

useful for design and evaluating the serviceability limit state and the structural ultimate limit state. 

7.2 Dynamic Pile Testing Program 

The dynamic pile testing program was developed to compare tip stiffness and resistance 

distribution from CAPWAP analyses to observations from static load testing completed at a later 

time. Testing was performed on two instrumented steel H-piles. The piles were instrumented with 

vibrating wire strain gauges to interpret residual stresses after pile installation and the resistance 

distribution during static load testing. Dynamic testing was performed at EOID and for several 

restrikes to assess potential setup.  The test pile program was also developed to measure effects of 

ground settlement on pile performance. An embankment was constructed around the test piles 

approximately one month following initial driving and restrikes. The static load test was completed 
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approximately 400 days following pile installation. Observations related to ground settlement on 

pile capacity, drag force and settlement are described in detail by Bartz and Blatz (2021b). The 

pile tip stiffness and shaft resistance distribution from the static load test reported by Bartz and 

Blatz (2021b) are used for comparison to the CAPWAP results in this study. 

The test site is situated approximately 2.5 km west of Winnipeg in the Rural Municipality of 

Headingley, Manitoba. The stratigraphy at the study site consists of approximately 0.5 m of fill 

overlying high plastic glaciolacustrine silty clay to approximately 7.5 m depth, then sandy silt till. 

The silty clay is stiff, contains trace amounts of sand and gravel, and is heavily overconsolidated. 

The sandy silt till becomes very dense below approximately 8.8 m depth. The till stratum near 

Winnipeg typically consists of a well graded mixture of clay to boulder sizes and is predominantly 

comprised of silt sized particles (Baracos et al. 1983).  

The two test piles consisted of 18.4 m long HP 310x94 piles and are referred to as Pile A and Pile 

B. They were instrumented with arc-weldable vibrating wire strain gauges (RST Instruments 

model VWSG-A) and a telltale. Strain gauges were installed in pairs on opposite flanges to account 

for bending in the pile. A steel angle was welded along the flange to protect the instrumentation 

and cables. Further details on the instrumentation program is described by Bartz and Blatz (2021a). 

The strain gauges were connected to an RST Instruments DT2040 model data logger. The strain 

gauges were zeroed prior to installation for an interpretation of residual loads after pile installation. 

This was necessary for correcting CAPWAP analyses for residual loads. The strain gauges were 

connected to the data logger during pile installation so strain and temperature data could be 

collected immediately following pile installation. The strain readings were corrected for 

temperature effects from installing piles in cooler ground as described by Bartz and Blatz (2021a) 

for an improved interpretation of residual loads. 

A PDA was used to collect dynamic test data during installation of the test piles. The 

accelerometers and strain gauges for the PDA were installed on the pile after installing to 

approximately 2.0 m depth. Dynamic testing data was collected during pile driving to EOID. The 

piles were driven to be end bearing on the very dense till layer. Pile A was driven to approximately 

8.8 m depth and Pile B was driven to approximately 9.1 m depth. Dynamic testing was then 
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performed for a series of restrikes to observe potential setup. The restrikes were performed at 

approximately 15 minutes, 2.4 hours, and 1 day after EOID. This corresponds to approximately 

0.01 days, 0.1 days, and 1 day for even spacing when plotting time on a logarithmic scale. Pile B 

was additionally subjected to restrikes at approximately 4 minutes after EOID. The piles were 

subjected to between 4 to 11 hammer strikes for each set of restrikes. CAPWAP was used to 

estimate the capacity and resistance distribution of the test piles. Multiple blows prior to EOID 

and each restrike were analyzed.  

7.3 Results 

7.3.1 Static Load Test 

The static load test observations were considered to represent the true static capacity, tip stiffness, 

and shaft resistance distribution which CAPWAP analyses were compared against.  The pile head 

load-movement curves for Pile A and Pile B are shown in Figure 7.1. The pile tip load-movement 

curve is also shown in Figure 7.1. The pile tip load was calculated for Pile A from the average 

strain interpreted from telltale measurements. Several strain gauges on Pile A stopped functioning 

prior to the static load test, therefore the telltale measurements were required to interpret shaft 

versus tip resistance. For Pile B however, the tip load was calculated from strain gauge 

measurements by extrapolating from the bottom two strain gauge pairs. These results were 

originally presented by Bartz and Blatz (2021b). It should be noted that the calculated shaft and 

tip resistance presented in Figure 7.1 does not account for residual stresses prior to the static load 

test, rather they are representative of the mobilized shaft and toe resistance from the start of load 

test. 
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Figure 7.1: Load-movement curves from static load tests. (a) Pile A. (b) Pile B. (From Bartz and Blatz, 2021b). 

The value of � for Pile A and Pile B interpreted from the static load tests are presented in Table 

7.1 for select definitions. This includes the Davisson offset limit (Davisson, 1972), the load at pile 

head movement of 10% of pile diameter, the load at tip movement of 30 mm (Fellenius 2021), and 

the Brinch-Hansen 80% criterion (Brinch-Hansen 1961). The diameter of the HP 310x94 pile was 

considered to be 300 mm and 10% of the pile diameter was considered to be 30 mm.  

Table 7.1: Summary of capacities from static load tests. 

Capacity Definition Pile A Pile B 
Davisson Offset 1400 1360

10% Diameter Head Movement 1680 1550
30 mm Toe Movement 1750 1560

Brinch-Hansen 80% 1770 1580

The shaft resistance distribution for Pile B as measured during the static load test is presented in 

Figure 7.2. This shaft resistance distribution in Figure 7.2a was presented by Bartz and Blatz 

(2021b) from strain gauge readings during the static load test where residual stresses prior to the 

static load test were considered. The unit shaft resistance (��) was assumed to be equal in both 

positive and negative directions. Negative skin friction was assumed to be fully mobilized prior to 

conducting the static load test due to the induced ground settlement at the study site. The neutral 

plane was assumed to be at the pile tip from the measured stress distribution and because of the 
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very stiff end bearing layer. Therefore, the cumulative shaft resistance shown in Figure 7.2a is half 

of that which was measured from the static load test when zeroing strain gauges prior to the test. 

This represents the true shaft resistance as the mobilized shaft resistance in the static load test 

transitioned from fully mobilized in negative skin friction to positive shaft resistance. Figure 7.2b 

presents the average �� between strain gauge pairs. The value of �� was calculated with a perimeter 

of 1.31 m assuming plugging occurs and considering the geometry of the H-pile with the welded 

angles. An equivalent beta was calculated and presented on Figure 7.2b for each region between 

strain gauge elevations by considering the vertical effective stress distribution at the time of the 

static load test. The shaft resistance with depth is not presented for Pile A because limited strain 

gauge data was available. 

Figure 7.2: Shaft resistance from static load test for Pile B. (a) Cumulative shaft resistance. (b) Unit shaft resistance and 
equivalent β. 
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7.3.2 CAPWAP Analysis 

The calculated � from CAPWAP analyses are shown in Figure 7.3 against time after EOID for 

various dynamic tests. The capacities are plotted with a logarithmic time scale as recommended 

by others (Skov and Denver 1988, Bullock et al. 2005, Bullock 2008) to observe potential setup 

trends. The EOID results are plotted at a time of one minute as suggested by others (Bullock et al. 

2005, Bullock 2008). The last four hammer strikes from EOID and the first four from each restrike 

are shown. Poor data was collected with the PDA for several blows during the one day restrikes 

of Pile A and results from these suspect hammer blows were not analyzed. Therefore, the first, 

second, eighth, and ninth blows were analyzed and plotted instead of the first four for the one day 

restrikes of Pile A. Multiple blows are plotted to account for variability due to non-uniqueness of 

the solution in the CAPWAP analysis. An equal number of tests were plotted for each time to 

avoid additional weighting of the trend line to results from EOID or a particular set of restrikes. 

The value of � as interpreted from the static load tests is also shown based on the definitions 

presented in Table 7.1. The static load test was completed 400 days after EOID for Pile A and 404 

days after EOID for Pile B.  
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Figure 7.3: Pile capacities from CAPWAP and static load test (SLT). (a) Pile B. (b) Pile B. 
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There appears to be a trend of setup with an increase in � with time from the CAPWAP results. 

The ratio of CAPWAP/SLT � is equal to 1.04 for Pile A and 1.15 for Pile B where the static load 

test � is taken from the Davisson Offset limit and the CAPWAP � is taken as the average of the 

first four restrikes of the one day restrike. Figure 7.4 shows the CAPWAP results for the identical 

hammer strikes and separates � into �� and ��. Both the shaft and tip resistance appear to increase 

with time, though the coefficient of determination (R2) is notably lower for the separated �� and 

�� trendlines.  
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Figure 7.4: CAPWAP results for geotechnical axial capacity, tip capacity, and shaft capacity. (a) Pile B. (b) Pile B. 

The shaft resistance was further analyzed by considering residual loads. Figure 7.5 shows the 

identical shaft resistance from Figure 7.4 from CAPWAP analyses. Also shown is the shaft 

resistance corrected for residual loads by subtracting the residual tip force. Also shown is the 

measured CAPWAP shaft resistance divided by two. This is a lower bound estimate of shaft 

resistance with maximum residual loads for a hypothetical scenario where negative skin friction is 
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fully mobilized along the length of the shaft. The shaft resistance as measured during the static 

load test and corrected for residual loads is also shown. 

Figure 7.5: Corrected CAPWAP shaft capacity for consideration of residual loads. (a) Pile A. (b) Pile B. 

Trend lines are shown in Figure 7.5 to extrapolate the shaft setup trend observed from early 

restrikes. Two trend lines are shown for the corrected shaft resistance. One includes all of the 

plotted CAPWAP results. One neglects the EOID data because capacity measurements at fixed 
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times after EOID should prove more reliable (Bullock, 2008). The trend line based on the �� from 

CAPWAP considerably over predicts the amount of setup and shaft resistance at the time of the 

static load test. Simply dividing the CAPWAP shaft resistance by 2 provided a closer fit to the 

corrected �� indicating that residual loads were significant for the early restrikes. The ��/2 trend 

line and the corrected �� trend line provided an improved projection to the actual �� from the static 

load test.  

The distribution of shaft resistance from CAPWAP analysis was also analyzed with consideration 

of residual stresses. The shaft resistance with depth is shown in Figure 7.6 comparing results from 

CAPWAP and the static load test for Pile B. This additional analysis of the resistance with depth 

was only completed for Pile B where strain gauge data allowed for interpretation of the resistance 

distribution during static load testing. The plotted CAPWAP shaft resistance is half of what was 

calculated from CAPWAP analysis. This was plotted because the ��/2 results were shown to 

provide a closer fit to the corrected �� and the actual �� from the static load test shown in Figure 

7.5. The average shaft resistance from the four CAPWAP analyses for each restrike time was 

plotted to account for uncertainty in each analysis. Figure 7.6a presents the cumulative shaft 

resistance with depth. The EOID shaft resistance is noticeably less than the static load test results, 

however the shaft resistance distribution agrees reasonably well for restrike data. Figure 7.6b 

shows �� with depth. The value of �� appears to agree very well for restrikes in the upper 5 or 6 m 

of the pile. This suggests that it was reasonable to assume negative skin friction was fully 

mobilized along the upper portion of the pile. Below 5 or 6 m depth, the CAPWAP results divided 

by two under estimated ��. This suggests that negative skin friction was not fully mobilized in the 

lower portions of the pile at the time of dynamic testing.  
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Figure 7.6: Comparison of shaft resistance from CAPWAP divided by two and static load test for Pile B. (a) Cumulative shaft 
resistance. (b) Unit shaft resistance. 

The tip stiffness and �� was similarly analyzed to consider effects of setup and residual stresses. 

The value of �� appeared to increase with time from Figure 7.4, however, the pile tip penetrated 

deeper with each hammer strike during restrikes which is also expected to increased resistance. 

Figure 7.7 shows the increase in pile tip resistance with successive blows. The simulated tip load-

movement curves from the CAPWAP analysis are plotted successively. The results include 

hammer strikes for the last 50 mm leading up to EOID and each of the restrikes. Poor data was 

collected with the PDA for several blows during the one day restrikes of Pile A. These hammer 

blows were not analyzed resulting in a gap in the CAPWAP simulated tip load-movement curves 

in Figure 7.7a. The additional tip displacement was measured for these hammer strikes. The 

residual tip load was considered and was measured from strain gauge readings. Therefore, the 
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simulated tip load-movement curves shown in Figure 7.7 start at the measured residual tip load 

and not a load of 0 kN. The residual stresses were interpreted by attempting to separate temperature 

induced strain from installation in the cooler ground and strain changes from external loading as 

described by Bartz and Blatz (2021a). It is challenging to separate these temperature and load 

induced strains, therefore, there is expected to be some error in the magnitude of residual tip force 

prior to each dynamic test. Also, the rate of strain measurements using vibrating wire technology 

was too slow to measure strain between hammer strikes. The interpreted residual tip force after 

EOID was assumed to be constant for hammer strikes leading up to EOID.  

Figure 7.7: Successive tip load-movement curves from CAPWAP and static load test. (a) Pile A. (b) Pile B. 

The CAPWAP results are compared to the static load test tip load-movement curve in Figure 7.7. 

The static load test results are plotted with continued cumulative tip movement after the dynamic 
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test results. The static load test curve was similarly adjusted for the measured residual tip force 

prior to the load test. A linear fit is shown in Figure 7.7 of the tip force and cumulative toe 

displacement. The plotted CAPWAP data points consist of �� at the cumulative movement before 

rebounding.  

7.3.3 Estimating Shaft Resistance and Tip Stiffness 

The observations from this test study were further analyzed to demonstrate how improved 

estimates of shaft resistance and tip stiffness can be interpreted from CAPWAP analyses. The true 

shaft resistance distribution and tip load-movement curve were obtained in this study from static 

load testing on instrumented piles. Static load testing is omitted from the design process for many 

projects in reality however. Therefore, it is beneficial to achieve improved estimates from 

CAPWAP analysis alone as that is a more common approach to validate pile capacity during 

installation. 

The Fellenius method for estimating residual loads and a true shaft resistance distribution was 

performed with the CAPWAP data collected for the study site. The estimated residual loads and 

cumulative shaft resistance is shown in Figure 7.8 for Pile A and Pile B. The CAPWAP/2 line 

represents the shaft resistance had negative skin friction been fully mobilized along the shaft. 

Negative skin friction is expected to be fully mobilized along the upper portion of the pile as was 

demonstrated in Figure 7.6. The slope of the cumulative shaft resistance is approximately linear 

from 1.4 to 4.6 m for Pile A and from 1.7 to 4.9 m depth for Pile B. It was assumed that this linear 

slope is representative of the actual shaft resistance in the silty clay layer. This slope was therefore 

projected to the 7.7 m data point for Pile A and 8.0 m data point for Pile B after the transition to 

sandy silt till near 7.5 m depth. Judgement is required in interpreting the shaft resistance 

distribution for the final segment nearest the pile tip. The neutral plane is anticipated to be near the 

pile tip for this site because of the hard end bearing layer in the very dense till. At the neutral plane, 

no correction of the shaft resistance is required for consideration of residual loads. Therefore, the 

slope of the interpreted shaft resistance for the last segment was taken directly as the slope of the 

CAPWAP results.  
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Figure 7.8: Estimated shaft resistance and residual loads using Fellenius method. (a) Pile A. (b) Pile B. 
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The interpreted residual load at the time of dynamic testing is also shown in Figure 7.8. The 

interpreted residual load is plotted as the difference between the CAPWAP line and interpreted 

shaft resistance line. The interpreted residual load from this exercise suggests that negative skin 

friction was fully mobilized to around 6 m depth and a transition zone extends to approximately 8 

m depth. A neutral plane exists around 8 to 9 m depth as the residual load neither increases or 

decreases.  

The interpreted shaft resistance for Pile B calculated from the Fellenius method was compared to 

the actual shaft resistance from the static load test in Figure 7.9. The cumulative shaft resistance 

from the static load test includes an extrapolation from the bottom two strain gauge pairs to the 

pile tip elevation at 9.1 m depth. An equivalent β was calculated for �� considering the effective 

stress distribution. It should be noted that the embankment was constructed following dynamic 

testing and prior to the static load test. Therefore, the vertical effective stress was greater along the 

pile shaft during static load testing. The interpreted residual load from the Fellenius method was 

compared to the measured residual loads from the strain gauge data as shown in Figure 7.10. The 

estimated residual tip force for Pile A is 210 kN. The estimated residual tip force for Pile B is 170 

kN. 
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Figure 7.9: Comparison of interpreted shaft resistance from Fellenius method and static load test for Pile B. (a) Cumulative shaft 
resistance. (b) Unit shaft resistance. (c) Equivalent β. 

Figure 7.10: Comparison of measured and interpreted residual loads from Fellenius method. (a) Pile A. (b) Pile B. 
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The tip load-movement curve from the static load test was compared to a common q-z curve with 

input from CAPWAP analyses. The American Petroleum Institute (A.P.I.) (American Petroleum 

Institute 2007) q-z curve for sands and clays was considered with the �� interpreted from 

CAPWAP analyses. The A.P.I. q-z curve was used in this exercise because of its simplicity and 

the curvature is more realistic that the elastic-perfectly plastic assumption in the CAPWAP model. 

Alternative q-z functions could be compared to the observed tip stiffness. The A.P.I. q-z curve and 

observed tip load-movement curve from the static load test are shown in Figure 7.11. The A.P.I. 

q-z curve above was calculated by considering the pile diameter to be 300 mm. The tip resistance 

is considered to be mobilized to �� at movement of 10% of the pile diameter, or 30 mm in this 

case. The observed tip load-movement curve from the static load test was extrapolated from the 

initial slope to a load of 0 kN at 0 mm of displacement because residual loads were present prior 

to the static load test.  
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Figure 7.11: Comparison of tip load-movement curve from static load test and American Petroleum Institute q-z curve. (a) Pile 
A. (b) Pile B. 

Figure 7.11b shows the results for Pile B. The value of �� from the final hammer strike for the 1 

day restrike was approximately 1150 kN. The estimated residual load prior to the one day restrike 

was equal to 170 kN from the Fellenius method. Therefore, the estimated true �� is equal to 1320 

kN. The A.P.I. q-z curve better reflects the actual tip load-movement when �� was corrected for 

residual loads. 
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Figure 7.11a shows the actual tip load-movement and A.P.I. q-z curve for Pile A. The value of ��

from the final hammer strike for the 1 day restrike was approximately 960 kN. The estimated 

residual load prior to the one day restrike was equal to 210 kN from Figure 7.10a. Therefore, �� is 

equal to 1170 kN when corrected for residual loads. The q-z curve with �� of 960 kN or 1170 kN 

both under represent the actual stiffness and maximum tip resistance. From Figure 7.7a, the pile 

tip resistance was observed to increase with continued penetration from the CAPWAP analyses of 

consecutive blows. The cumulative tip penetration was equal to approximately 110 mm after the 

final restrike. If �� is defined as the tip resistance at 30 mm of movement, then �� is expected to 

increase when the cumulative tip movement reaches 140 mm. By extrapolating the linear fit of ��

from CAPWAP with cumulative displacement, �� is approximately equal to 1350 kN at 140 mm 

of movement. The A.P.I. q-z curve with �� equal to 1350 kN provides an improved match to the 

actual tip load-movement curve. The residual tip force for Pile A included in Figure 7.7a was 

obtained from the strain gauge readings, however the residual tip force from the Fellenius method 

closely matched the measured value. The residual tip force could have been plotted as the 

interpreted value from the Fellenius method to achieve relatively consistent results. 

7.4 Discussion and Conclusions 

The purpose of this study was to demonstrate methodologies using dynamic pile testing with 

CAPWAP analysis for evaluating pile capacity, the shaft resistance distribution, and tip stiffness 

while considering effects of residual loads and setup. The interpretation of setup was improved by 

separating shaft and tip resistance and correcting the results for residual loads. The Fellenius 

method provided a reasonable estimate of residual loads and for the actual shaft resistance 

distribution. The A.P.I. q-z curve with �� interpreted from CAPWAP provided a reasonable match 

to the actual tip load-movement curve. Performing several restrikes and analyzing multiple blows 

with CAPWAP improved the interpretation of shaft resistance and tip stiffness. 

Both test piles appeared to have a strong setup trend when plotting � on a logarithmic time scale. 

The coefficient of regression for the logarithmic trend line was 0.9399 for Pile A and 0.8578 for 

Pile B. A value of � around 1900 kN for Pile A and 1800 kN for Pile B can be projected from the 

setup trend at the time of the static load test approximately 400 days later. The capacities as defined 



153 

by the Davisson offset limit were considerably lower at 1400 kN for Pile A and 1360 kN for Pile 

B. The logarithmic trend based off CAPWAP capacities at EOID and early restrikes did not 

provide a good estimate of � when extrapolating to a later time. Separating �� and �� and 

correcting for measured residual loads resulted in an improved understanding of the setup. Bullock 

et al. (2005) suggested plotting setup of shaft resistance and noted that data from fixed times should 

be more reliable than the EOID data. The logarithmic trend for shaft resistance, corrected for 

residual loads and neglecting EOID data, indicates that �� might increase around 20 kN for Pile B 

and 110 kN for Pile A. This predicted increase in �� from setup is relatively minor compared to 

the estimated setup when observing the � setup trend. Much of the increase of � during restrikes 

was observed to be as a result of increased pile tip penetration with each set of restrikes. This 

observation was possible by analyzing successive blows with CAPWAP and plotting �� with 

cumulative tip displacement. This observation is consistent with conclusions by others (Chow et 

al. 1998, Axelsson 2000, Bullock et al. 2005) that setup predominantly occurs for shaft resistance 

and not tip resistance.  

After identifying that shaft setup is relatively small at 400 days after EOID, then it is reasonable 

to expect the static load test � to be similar to the one day restrike � from CAPWAP. Ideally, 

additional restrikes with dynamic testing would have been performed to continue to measure the 

setup trend. Bullock (2008) noted that early restrikes up to one day after EOID should normally 

be adequate but long-term restrikes will provide confirmation of the extrapolation from early 

restrikes. The ratio of the CAPWAP/SLT � was measured to be 1.04 for Pile A and 1.15 for Pile 

B. Likins and Rausche (2004) analyzed a database of 303 case histories and found that the average 

CAPWAP/SLT ratio was 0.98 with a coefficient of variation of 0.169 and that the accuracy is 

improved when the CAPWAP analysis is performed on a blow more than 6 days after EOID. The 

ratio of 1.15 for Pile B is approximately one standard deviation greater than the mean reported by 

Likins and Rausche (2004). Therefore, the CAPWAP/SLT ratios measured at this study site are 

above average but are within the range of data examined by Likins and Rausche (2004). 

The shaft resistance was over predicted as calculated from CAPWAP compared to the actual shaft 

resistance from static load tests.  Significant residual loads can be expected at the study site because 
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the piles were driven to the top of the very hard end bearing layer resulting in pile rebound after 

driving and elastic decompression of the pile (Briaud and Tucker 1997). Additionally, 

reconsolidation of clay around the shaft is expected to increase negative skin friction following 

pile driving (Briaud and Tucker 1997). These effects were observed to cause sufficient downward 

movement of the soil relative to the pile to fully mobilize negative skin friction along the upper 

portions of the pile shaft. Simply dividing the shaft resistance from CAPWAP analysis by two 

resulted in an improved estimate of the actual shaft resistance. This assumes that negative skin 

friction is fully mobilized along the entire length of the shaft which is not mechanically feasible. 

Realistically, there is a transition zone from fully mobilized negative skin friction to fully 

mobilized positive shaft resistance below the neutral plane (Fellenius 2021). It is evident that the 

neutral plane prior to the one day restrike was near the pile tip and negative skin friction was acting 

along the majority of the pile.  

It was found that the Fellenius method provided a good fit to the measured residual loads and to 

the shaft resistance distribution. The measured residual loads are expected to have some error 

because of challenges in separating temperature versus external load induced strains when zeroing 

strain gauges prior to installation Bartz and Blatz (2021a). Also, the Fellenius-method can also 

only be as accurate as the load test results and there is uncertainty in the resistance distribution 

from CAPWAP analysis (Buckley et al. 2017). Despite the potential sources of error, the residual 

tip force was relatively consistent as interpreted from strain gauge measurements and the Fellenius-

method.  

Fellenius (2002) recommended fitting a beta coefficient to establish �� that increases with depth 

proportional to the effective stress distribution. It was found in this study that a constant �� in the 

silty clay provided an accurate fit to the CAPWAP and static load test results. It has been 

demonstrated in various case studies that �� is a function of effective stress so in theory it would 

be more suitable to fit a beta coefficient (Fellenius 2008). One possible explanation for a constant 

�� fitting well is that the silty clay is more heavily consolidated near the ground surface and the 

over consolidation ratio decreased with depth at this site. This was measured from oedometer tests 

on samples collected from the site and from the estimated OCR with depth from piezocone (CPTu) 
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testing. Therefore, the horizontal stress acting on the pile shaft may not increase proportionally 

with the increase in vertical effective stress.  

Although �� agreed well between the Fellenius method and static load test, it is important to 

acknowledge that the effective stress distribution differed at the time of testing. The construction 

of the embankment around the test piles resulted in an increase in effective stress. The equivalent 

beta near ground surface for the Fellenius method was noticeably greater than the equivalent beta 

calculated from the static load test. This discrepancy could be due to an over prediction of shaft 

resistance near ground surface from CAPWAP. The calculated equivalent beta is sensitive to �� at 

low effective stresses. If the equivalent beta did truly decrease from one day following EOID to 

the time of static load test, the decrease could have been caused by tendency of the clay in the 

region to shrink and swell with changing moisture (Skaftfeld 2014). The groundwater table was 

approximately 2.5 m below ground surface at the time of static load testing. Also, the static load 

test occurred in the fall where the clay may have experienced shrinkage during the dryer summer 

and fall seasons, reducing horizontal stress on the pile in the upper several metres. Changes in 

water content of the clay above the groundwater table was not measured and horizontal stress on 

the pile was not measured to verify this possible explanation. 

The A.P.I. q-z curve was selected for this study for comparison to the observed tip load-movement 

curve. It was found that the A.P.I. q-z curve provided a reasonable fit with careful consideration 

for the magnitude of ��. For Pile B, correcting �� from CAPWAP by adding the estimated residual 

tip force resulted in an improved fit. For Pile A, correcting �� for residual tip force still resulted in 

too low of a ��. However, �� was further corrected from observations of the multiple simulated tip 

load-movement curves from CAPWAP. It was evident for Pile A that the tip resistance was 

increasing considerably with additional penetration. A further improved fit for the A.P.I. q-z curve 

was achieved for Pile A by interpreting �� with extrapolation of the trend of the �� and cumulative 

movement. Pile B appeared to have a smaller increase in tip resistance with penetration from 

plotting the successive CAPWAP tip load-movement curves. The static load test tip response 

similarly exhibited more of a plunging behaviour. Extrapolating to interpret a greater �� and 

therefore greater stiffness is non conservative for estimating pile settlement. However, the stiffer 
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response would result in greater drag force in serviceability conditions, and it is therefore a 

conservative approach for evaluating the maximum force in the pile at the neutral plane.  

There is still noticeable discrepancy between the A.P.I. q-z curve and the observed tip load-

movement even after correcting the q-z curves for residual loads. For example, at 1100 kN of tip 

resistance for Pile B, there is approximately 10 mm difference in movement from the A.P.I. q-z 

curve and actual tip load-movement. This discrepancy would influence the prediction of pile 

settlement and drag force under serviceability conditions. In cases where a static load test was 

performed such as this study, a site-specific custom q-z curve can be developed. Also, an 

alternative q-z function could have been selected that better fits the observed data. This exercise 

was intended to display whether a simple q-z function such as the A.P.I. function could provide a 

reasonable fit by considering residual loads and trends from multiple CAPWAP analyses. In many 

instances in engineering practice, a static load test would not be performed for calibration to a true 

tip load-movement curve. 

The following key conclusions are drawn from this study: 

1. In scenarios where residual loads are expected to be substantial, dividing �� from 

CAPWAP analysis by two provides an improved estimate of the actual ��. 

2. If negative skin friction is believed to be fully mobilized along the upper portion of the 

pile, the Fellenius method provides a good estimate of residual loads, an improved estimate 

of the shaft resistance distribution, and an improved estimate of �� vs ��. Judgement is 

required for interpreting the shaft resistance in layered soils however. 

3. The A.P.I. q-z curve with �� interpreted from CAPWAP provided a reasonable match to 

the observed tip load-movement. However, �� had to be corrected for residual tip force and 

the trend of increasing tip resistance with cumulative movement from analyzing successive 

blows leading up to EOID and restrikes. 

4. Extrapolating an estimate of � from the � versus log time trendline using EOID and early 

restrike data resulted in over estimating � from a static load test at approximately 400 days 

after EOID. Separating shaft and tip resistance with considerations of residual loads 
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provided a better interpretation of shaft setup. Plotting the successive simulated tip load-

movement curves provided insight into tip resistance increasing as a function of further 

penetration from restrikes versus a time dependent increase in tip resistance. 

 The findings from this study demonstrate how an improved estimate of the shaft resistance 

distribution and pile tip load-movement curve can be achieved from CAPWAP analysis. An 

improved interpretation of shaft resistance and tip stiffness will ultimately result in improved 

evaluation of pile settlement and drag force under serviceability loads. Other considerations such 

as the applied dead load, changes in effective stress, and potential ground settlement will also 

effect pile performance in serviceability conditions. CAPWAP analysis can’t verify adequate 

performance for the serviceability limit state or structural ultimate limit state at the neutral plane, 

but it does provide detailed data for analysis of the pile under serviceability conditions. Dynamic 

pile testing is already included in many pile programs for capacity verification. Performing 

dynamic testing at EOID and for several early restrikes, in addition to analyzing multiple blows 

with CAPWAP, provides substantially more data to improve the pile design process. 
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7.6 Supplemental Information 

Section 7.6 contains relevant supplemental information that was not included in the journal 

publication. This includes additional CAPWAP results, setup analysis, and a brief discussion.  

Output from the CAPWAP analyses are provided in Appendix K. CAPWAP output is included for 

each analyzed blow for results shown in Section 7.3.2. 

Bullock (2008) recommended a procedure for measuring and quantifying shaft setup. Bullock 

(2008) suggested that �� can be calculated at a time elapsed after EOID (�) according to: 

��
���

= � log �
�

��
� + 1 = �

��

���
� log �

�

��
� + 1

(7.1)

where � is a dimensionless shaft setup factor, �� is shaft capacity at time �, ��� is shaft capacity 

at initial reference time ��, and �� is the semilog-linear slope of �� versus log �. The recommended 

�� is 1 day. Figure 7.12 shows � and �� plotted against time following EOID on a logarithmic 

scale. As displayed in Figure 7.5 and described in Section 7.3.2., dividing the CAPWAP value of 

�� by 2 provided a better estimate of the actual ��. Therefore, �� plotted in Figure 7.12 is equal to 

half of �� measured from CAPWAP analysis. Dividing �� (from CAPWAP) by 2 would only be 

expected to provide a reasonable estimate of the true �� if residual loads are expected to be 

significant, such as the scenario for the test piles where a relatively short pile was driven to the top 

of a hard end bearing layer. The � and �� data shown in Figure 7.12 was calculated as the average 

of the four hammer strikes plotted in Figure 7.5 for a given time. The trendline is fit to the 

CAPWAP data only and not the static load test data. ��� is equal to 270 kN for Pile A and 251 kN 

for Pile B. The value of �� is equal to 31.435 for Pile A and 24.419 for Pile B. The plotted static 

load test capacity is from the Davisson offset limit definition. 
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Figure 7.12:Semi-log setup trend of capacity and shaft capacity from CAPWAP analyses. (a) Pile A. (b) Pile B. 

(a) 

(b)

Bullock (2008) suggested that the slope of the � and �� trend line should typically be 

approximately the same. This could be expected because setup occurs from an increase in shaft 

resistance and tip capacity does not typically change much during restrikes with only a few inches 
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of permanent set (Bullock, 2008). In this instance, the tip resistance was observed to increase with 

increased displacement as shown in Figure 7.7. Therefore, there is a discrepancy in the slope of 

the � and �� trend lines in Figure 7.12. The increase in tip capacity during restrikes can be 

attributed to the fact that EOID occurred shortly after the till became very dense. If the increase in 

shaft capacity is relatively small as shown in Figure 7.12 and tip capacity does not increase with 

time, then the � for the static load test is expected to be consistent or slightly greater than the 1 

day restrike �.  

Figure 7.13 shows the normalized shaft capacity plotted against the normalized time. � is 

calculated as ��/��� and was calculated to be 0.12 for Pile A and 0.10 for Pile B. Bullock (2008) 

suggested that � can be expected to range from 0.1 to 0.8 when using �� = 1 day. Therefore, the 

rate of shaft setup is on the low end of the expected range. 

Figure 7.13:Setup factors for Pile A and Pile B. 

As discussed in Section 7.4, the CAPWAP/SLT ratio of 1.04 for Pile A and 1.15 for Pile B are 

within approximately one standard deviation from the average ratio of 0.98 from a database of 303 

tests compiled by Likins and Rausche (2004). Therefore, � from CAPWAP is within a reasonable 

statistical range, though the capacity was over predicted. A possible explanation for over predicting 
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� from CAPWAP is that the dynamic testing caused dilation of the very dense till, causing a 

decrease in pore water pressure and effective stress, resulting in a temporary increase in ��. This 

theory is supported by CPTu test results where negative pore water pressures were generated in 

the till after it became very dense around 8.8 m depth as discussed in Chapter 3 and Chapter 8. 

The piezocone dissipation tests at 9.05 m of CPTu 2020-01 and 8.775 m of CPTu 2020-02 indicate 

that the negative pore water pressure dissipated very slowly. Therefore, the early restrikes for the 

test piles may have been performed prior to the dissipation of negative pore water pressures in the 

till below the tip. If equilibrium conditions are reached prior to restrikes, the Canadian Foundation 

Engineering Manual (Canadian Geotechnical Society 2006) suggests that the first five blows of 

are indicative of the equilibrium conditions. The dissipation tests were terminated prematurely to 

evaluate the time required for pore water pressures to reach equilibrium conditions. It is possible 

that pore water pressures remained negative and did not reach equilibrium conditions over the 

duration of the dynamic testing program, resulting in elevated �� and �. 
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Connecting Section 

Chapter 7 described procedures for estimating pile capacity, shaft resistance distribution, and tip 

stiffness of a pile from CAPWAP analysis in consideration of residual stresses and setup. It was 

found that performing CAPWAP analyses for numerous consecutive blows at end of initial driving 

and restrikes aided in estimating the pile tip stiffness. It was demonstrated that correcting the shaft 

resistance distribution from CAPWAP for residual stresses resulted in an improved estimate. The 

procedures described in Chapter 7 provided a reasonable match to the actual measured shaft 

resistance distribution and tip stiffness of the test piles presented in Chapter 6. 

The next chapter, Chapter 8, provides a comparison of several Cone Penetration Test (CPT) and 

piezocone (CPTu) methods for estimating shaft resistance. The estimated shaft resistance from the 

CPT/CPTu methods is compared to the measured shaft resistance from Chapter 6. Similar to 

Chapter 7, Chapter 8 is not directly focused on the subject area of downdrag. However, the 

CPT/CPTu methods presented for estimating shaft resistance is relevant because the shaft 

resistance distribution is an important input for a neutral plane analysis of piles subject to ground 

settlement. 
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8.0 Correlation of Cone Penetration Test (CPTu) Pile Design Methods to 

Predict Shaft Resistance of a Driven Steel H-Pile in Silty Clay 

Abstract 

Numerous cone penetration test (CPTu) methods exist for estimating pile capacity and the unit 

shaft resistance with depth. All CPTu methods are developed from empirical correlations to load 

tests and are most relevant for the geological conditions and pile type for which they were derived. 

Therefore, it is beneficial to develop correlations for specific geographic areas and pile types. It is 

not yet known which CPTu methods are most accurate for driven steel H-piles in Lake Agassiz 

silty clay near Winnipeg, Manitoba. Data from CPTu tests near Winnipeg was used to estimate the 

shaft resistance using four CPTu methods. The estimated shaft resistance was compared to 

measured shaft resistance from a static load test on an instrumented steel H-pile. It was found that 

each method greatly overestimated the unit shaft resistance in the upper 2 m. The LCPC method 

(also known as the French method) provided the best fit overall. The UniCone method had the 

least accurate estimate of shaft resistance but was calibrated for an improved fit.  

8.1 Introduction 

The Cone Penetration Test (CPT) and piezocone (CPTu) test are economic, efficient, and supply 

relatively quick continuous readings of soil behaviour with depth (Mayne 2015). Estimation of 

pile capacity was one of the earliest applications of CPT data (Eslami and Fellenius 1997). 

Numerous CPT methods have been developed for estimation of pile capacity which involve 

calculating and summing shaft capacity (��) and tip capacity (��). One limitation of CPT methods 

are that they ignore effective stresses, development of excess pore pressures, and dilatancy effects 

(Eslami and Fellenius 1997). This limitation is avoided in CPTu methods by incorporating the 

measured pore pressure. The term “cone test” will be used in this paper to inclusively refer to the 

CPT and CPTu. 

All cone test methods are derived from empirical correlation between cone data and measured 

resistance from load tests of piles (Fellenius 2021). Therefore, these methods are most applicable 

for the geological conditions and the pile type(s) for which they were developed. The correlation 



167 

between cone data and load test results are influenced by the interpretation of load test data. This 

includes the definition of pile capacity for the load test, and whether or not residual stresses were 

considered in evaluating the shaft versus tip resistance. Therefore, no single cone test method is 

expected to be accurate for all scenarios because of these limitations. Site-specific correlations 

may be necessary to improve the accuracy of cone test methods. 

Often, deep foundations are used for scenarios where soft, compressible soils overly dense, 

competent soils or bedrock. This describes the typical conditions in Winnipeg, Manitoba where 

the stratigraphy generally consists of glaciolacustrine clay deposited from glacial Lake Agassiz, 

overlying till which can be very dense, over carbonate sedimentary bedrock (Baracos et al. 1983, 

Skaftfeld 2014). The cone test methods are limited in their applicability for these ground conditions 

if piles are installed to a greater depth than the cone can be advanced. In these scenarios, the cone 

data can’t be used to interpret a pile capacity reliably. Estimating the unit shaft resistance (��) for 

the upper portions of the pile is still useful information for evaluating pile settlement and drag 

force for a pile under serviceability conditions. Steel H-piles are a preferred pile type in the Lake 

Agassiz basin for bridge foundations where accurate interpretation of the resistance distribution of 

the pile is particularly important for evaluating downdrag and drag force. However, there are no 

published records of cone test methods for estimating shaft resistance for driven steel H-piles in 

the Winnipeg region.  

The objective of this study was to compare several cone test methods for estimating shaft resistance 

to determine a suitable existing method for driven steel H-piles in the Lake Agassiz clay near 

Winnipeg, Manitoba and other locations with consistent stratigraphic conditions. Four CPTu tests 

were performed at a study site west of Winnipeg. The shaft resistance was calculated using several 

common CPT methods including the Schmertmann and Nottingham method (Nottingham 1975, 

Schmertmann 1978), the LCPC method (also known as the French method) (Bustamante and 

Gianeselli 1982), and the European method (DeRuiter and Beringen 1979). A single CPTu method, 

the UniCone method (Eslami 1996, Eslami and Fellenius 1997), was also used to estimate shaft 

resistance. The estimated shaft resistance from these methods was then compared to the measured 

shaft resistance from static load testing of an instrumented driven steel H-pile at the site. 
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8.2 Background 

The study site is located approximately 2.5 km west of Winnipeg in the Rural Municipality of 

Headingley, Manitoba. The stratigraphy at the site generally consists of approximately 0.5 m of 

fill, overlying high plastic glaciolacustrine silty clay to approximately 7.5 m depth, over sandy silt 

till. The fill layer consisted of crushed limestone and clay. The glaciolacustrine silty clay was 

heavily over consolidated, stiff, and contained trace amounts of sand and gravel. The till layer is 

very dense below depths of approximately 8.8 m. The till deposit in the region is highly variable 

in relative density and permeability and consists of particles ranging from clay to boulder sizes, 

though is predominantly comprised of silt (Baracos et al. 1983). 

The four CPTu tests conducted at the study site included two in a 2019 testing program and two 

in a 2020 testing program. The four tests are referred to as CPTu 2019-01, CPTu 2019-02, CPTu 

2020-01, and CPTu 2020-02. The cone was advanced to approximately 8.8 m depth for each test 

to the very dense till, after which the cone could not be penetrated further. The profile of the cone 

tip resistance (��), sleeve friction (��), friction ratio (��), and pore pressure measured at the cone 

shoulder (��) are shown in Figure 8.1 for each CPTu test. A greater increase in �� below 4 m depth 

in the silty clay was observed from the 2020 testing program than the 2019 program data. It is 

possible that the filter stone of the cone was not completely saturated for the 2019 testing. 

Figure 8.1: Basic CPTu data. (a) Cone tip resistance. (b) Sleeve friction. (c) Friction ratio. (d) Pore pressure at cone shoulder. 
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The soil classification based on CPTu data is shown in Figure 8.2 based on the UniCone method 

(Eslami 1996, Eslami and Fellenius 1997) and the normalized soil behaviour type (SBTn) 

(Robertson 1990). Both the fill and till are highly variable in their classification. The 

glaciolacustrine silty clay layer is generally classified as “clay” or “silty clay, stiff clay and silt” 

from the UniCone method and “clay to silty clay” or “clayey silt to silty clay” from the SBTn. A 

thin layer of sand or gravel was identified at approximately 6.5 m depth of CPTu 2020-01. The 

transition zone between clay and till can occasionally have till lenses in the clay (Baracos et al. 

1983). This layer was not identified at the other CPTu test locations. 

Figure 8.2: CPTu soil classification. (a) UniCone method. (b) Normalized soil behaviour type (SBTn) 
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The test pile for the study consisted of a steel HP 310x94 pile. The pile was instrumented with arc-

weldable vibrating wire strain gauges (RST Instruments model VWSG-A). The strain gauges and 

their cables were protected with a steel angle welded along the flange of the pile. The pile was 

driven with a Junttan HHK 5S hydraulic hammer and was installed to be end bearing on the very 

dense till. The pile was driven to 9.1 m depth with an energy of 14 kJ at end of initial driving. 

Details on the instrumentation program are described by (Bartz and Blatz 2021a). 

The test pile program was also developed for measuring the performance of piles when subject to 

ground settlement. The test pile was installed in September, 2019 and an embankment was 

constructed surrounding the pile in October, 2019 to induce ground settlement. The embankment 

was constructed of crushed limestone, was approximately 1.5 m thick, and approximately 8 m by 

9 m at the crest with 2 horizontal : 1 vertical side slopes. A static load test was performed in 

October, 2020. Observations of the performance of the test pile when subject to ground settlement 

are summarized by Bartz and Blatz (2021b). The construction of the embankment is relevant to 

this study comparing CPT/CPTu methods because the embankment resulted in a change of 

effective stress. CPTu 2019-01 and CPTu 2019-02 were conducted prior to pile installation. CPTu 

2020-01 and CPTu 2020-02 were conducted after construction of the embankment and outside the 

footprint of the embankment. 

8.3 CPT and CPTu Pile Design Methods 

Several cone test methods were selected for comparison to the actual measured shaft resistance 

from static load testing. The comparison in this study is not exhaustive of all methods, rather 

several common methods were compared. Also, the comparison is limited to estimation of shaft 

resistance only. Most methods require data from several pile diameters below the pile tip elevation 

to estimate tip resistance. The cone could not be penetrated deep enough into the very dense till to 

employ calculations of tip resistance. 

The value of �� is calculated from the Schmertmann and Nottingham method as: 

�� = ��� (8.1)
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where � is a dimensionless coefficient. An upper limit of �� of 120 kPa is imposed. For clays, �

ranges from 0.2 to 1.25 and depends on pile material and ��. In sand, � is a function of the 

embedment ratio (�/�) (where � is depth and � is pile diameter). The value of � is linearly 

interpolated from 0 at ground surface to 2.5 at depth of 8 �/�, then decreases with depth from 2.5 

to 0.891 at depth of 20 �/�. Alternatively for sands, �� can be calculated as: 

�� = ��� (8.2)

where � is a dimensionless coefficient ranging from 0.008 to 0.018 depending on pile type. 

The value of �� is calculated from the LCPC method using Equation 8.2. The value of � is 

dependent on ��, the soil type, and pile type and ranges from 0.005 to 0.033. Upper limits of ��

are imposed ranging from 15 kPa to 120 kPa depending on �� and soil type. 

The European method calculates �� in sand as the smaller value of �� and ��/300. For clays, �� is 

calculated from: 

�� = ��� = �
��
��

(8.3)

where � is an adhesion factor, �� is undrained shear strength, and �� is a dimensionless coefficient 

usually equal to 20. The value of � is equal to 1.0 for normally consolidated clay and is equal to 

0.5 for overconsolidated clay. An upper limit for �� of 120 kPa is imposed for the European 

method. 

The UniCone method incorporates the measured pore pressure in the analysis. The value of �� is 

calculated from: 

�� = ���� (8.4)

where �� is an “effective” cone resistance (�� = �� − ��, where �� is the cone stress adjusted for 

pore pressure on the cone shoulder). �� is a shaft correlation coefficient ranging from 0.004 to 0.08 

depending on the soil type determined from the UniCone profiling method. The soil type is 
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classified from �� and �� as the following types: 1) soft sensitive soils; 2) clay; 3) silty clay, stiff 

clay and silt; 4a) sandy silt and silt; 4b) fine sand or silty sand; and 5) sand to sandy gravel.  

8.4 Results 

The calculated shaft resistance for the Schmertmann and Nottingham method, LCPC method, 

European method, and UniCone method are shown in Figures 8.3 through 8.6, respectively. Also 

shown in these figures for comparison is the actual shaft resistance from the static load test at the 

site. The pile was installed to approximately the same depth that the CPTu tests were advanced so 

a direct comparison can be made. The static load test results were presented by (Bartz and Blatz 

2021b). The cumulative shaft resistance is presented in Figures 8.3 through 8.6 and �� can be 

interpreted from the cumulative shaft resistance at the pile tip. Also shown is �� with depth. Lastly, 

an equivalent beta coefficient (�) is presented to correlate �� to the vertical effective stress (�′�). 

� was calculated according to: 

� =
��
�′�

(8.5)

The distribution of �′� was not consistent along the pile shaft during the static load test compared 

to �′� with depth at the time of CPTu testing because of construction of the embankment. The 

surcharge loading was considered to calculate �′� with depth to calculate � for the static load test 

results. The surcharge load was calculated using Boussinesq stress theory and considering the 

location of the pile within the footprint of the surcharge load. Boussinesq stress theory was also 

used to calculate surcharge stress with depth for CPTu 2020-01 and CPTu 2020-02 because these 

tests were completed following construction of the embankment. These CPTu tests were 

completed outside the footprint of the embankment and the surcharge stress was relatively minor. 
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Figure 8.3: Calculated shaft resistance using Schmertmann and Nottingham method. (a) Cumulative shaft resistance. (b) Unit 
shaft resistance. (c) Equivalent beta. 

Figure 8.4: Calculated shaft resistance using LCPC method. (a) Cumulative shaft resistance. (b) Unit shaft resistance. (c) 
Equivalent beta. 
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Figure 8.5: Calculated shaft resistance using European method. (a) Cumulative shaft resistance. (b) Unit shaft resistance. (c) 
Equivalent beta. 

Figure 8.6: Calculated shaft resistance using UniCone method. (a) Cumulative shaft resistance. (b) Unit shaft resistance. (c) 
Equivalent beta. 
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The CPT methods compared in this study each separate soil type into clay or sand. The fill and till 

at the study site are not accurately described as either clay or sand soil type. For the purpose of 

this study, �� was calculated according to the equations for a sand type for the fill and till because 

cohesionless soil was present in these soil layers. The transition of stratigraphic layers was 

interpreted from the UniCone and SBTn classifications. The UniCone soil classification was used 

for calculating ��  for the UniCone method. The cone data was not filtered or smoothed prior to 

calculating ��. The randomly distributed extremes in the data have a minor effect on calculating 

shaft resistance and attempts to filter or smooth the data are subjective (Fellenius 2021).  

The actual �� is approximately equal to 270 kN as measured from the static load test. This was 

calculated by assuming that �� measured from the bottom two strain gauge elevations is constant 

to the pile tip. The pile tip is at 9.1 m below original grade and the bottom strain gauges are 0.6 m 

and 0.9 m from the pile tip. The range of �� calculated for each method from the four cone tests is 

summarized in Table 8.1. The calculated �� was under estimated with the LCPC method and was 

over estimated with the other methods. The estimated �� using the UniCone method was greater 

than two times the actual magnitude. The shaft resistance distribution of the LCPC method shown 

in Figure 8.4a most closely resembles the actual distribution. 

Table 8.1: Shaft capacity from CPT/CPTu methods for four tests. 

Method 
Shaft Capacity (kN) 

Range Average 
Actual (Static Load Test) 270 270

Schmertmann and Nottingham 330 – 380 350
LCPC 190 – 250 220

European 280 – 400 330
UniCone 590 – 680 620

The calculated �� and � were over predicted in the upper 2 m for each cone test method compared 

to the actual measurements from the static load test. The fit improved for the CPT methods below 

the upper 2 m. �� and � were overestimated with the UniCone method in the silty clay. Also, ��

and � fluctuate within the silty clay due to fluctuating classification of soil type from the UniCone 

classification. The ratio of calculated �� to measured �� was evaluated to further compare the 
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accuracy of the cone test methods. A histogram of this ratio, calculated for each data point of CPTu 

2020-02 between 2m to 7.1 m depth, is shown in Figure 8.7. This representative data set was 

selected to compare the accuracy of the methods in the silty clay layer. The upper 2 m was not 

accurate for any method and was neglected in Figure 8.7. The soil type transitioned to till around 

approximately 7.1 m depth as interpreted for the CPTu data. The mean ratio of calculated �� to 

measured �� is nearest to 1.0 for the LCPC method. The LCPC method generally under predicts 

�� and the other methods generally over predict ��. 
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Figure 8.7: Ratio of calculated qs to measured qs for silty clay between 2 m and 7.1 m depth from CPTu 2020-02. (a) 
Schmertmann and Nottingham method. (b) LCPC method. (c) European method. (d) UniCone method. 
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8.5 Discussion 

The purpose of this study was to compare existing cone test methods for estimating shaft resistance 

of a driven steel H-pile in silty clay near Winnipeg, Manitoba. The calculated �� was 

underestimated using the LCPC method and was over estimated with the other CPT methods and 

the UniCone method. The calculated �� was overestimated with each method for the upper 2 m of 

the pile length. Below this upper 2 m, the estimated �� for the CPT methods was improved. The 

estimated �� using the UniCone method was highly variable due to the varying soil classification.  

The actual �� ranged from approximately 20 to 26 kPa from 1.8 m to 8.2 m depth from strain gauge 

readings during the static load test. The measured �� in the upper 1.8 m was notably lower with an 

average of approximately 7 kPa. A corresponding lower �� and �� was not observed at these 

shallower depths however, resulting in over estimating �� near ground surface. The high plastic 

glaciolacustrine clay near Winnipeg is known to undergo significant volume change with changes 

in water content (Baracos et al. 1983, Skaftfeld 2014). In local practice, the upper portion of shaft 

resistance is often neglected in pile design to account for the potential of shrinkage and a loss of 

shaft resistance (Skaftfeld 2014). It is possible that the silty clay near ground surface experienced 

shrinkage due to desiccation prior to the static load test resulting in a low �� relative to the �� and 

�� cone data. The groundwater table was approximately 2.5 m below ground surface at the time of 

the static load test. Therefore, the upper 2.5 m could be expected to undergo changes in water 

content due to seasonal effects. Seasonal changes in water content were not measured to confirm 

this theory.  

The UniCone method over estimated �� in the silty clay and there was significant fluctuation in ��

because of the fluctuating soil classification. The UniCone classification in this stratigraphic layer 

straddled between “clay” and “silty clay, stiff clay and silt” which have �� of 0.05 and 0.025, 

respectively. Fellenius (2021) recommends applying a constant �� to a soil layer where the CPTu 

data is grouped together on a classification chart and straddles a boundary between soil types. The 

“silty clay, stiff clay and silt” description is more representative of this stratigraphic layer based 

on observations from a conventional drilling, sampling, and lab testing program. Therefore, a 

single �� for the soil layer is expected to be closer to 0.025. A site-specific �� of 0.018 was found 
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to provide a close fit for �� and � for this study. The calculated �� and � are shown in Figure 8.8 

for the silty clay layer. A value of �� of 0.018 was applied below the fill layer to the top of the till 

layer. Erroneous estimates are expected around 6.5 m depth for CPTu 2020-01 where a sand or 

gravel layer was identified. Figure 8.9 shows a histogram of the calculated �� to measured �� for 

CPTu 2020-02 for the silty clay layer between 2 m to 7.1 m depth. The mean ratio of 1.028 is near 

unity, indicating this calibrated analysis resulted in an improved estimated of ��. Site specific 

coefficients could similarly be created to improve the correlation of the CPT methods. This 

exercise was only completed for the UniCone method because it has the advantage of incorporating 

the pore pressure. 

Figure 8.8: Calibrated UniCone method for silty clay. (a) Unit shaft resistance. (b) Equivalent beta. 
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Figure 8.9: Ratio of calculated qs to measured qs using calibrated UniCone method for silty clay between 2 m and 7.1 m depth 
from CPTu 2020-02. 

Eslami and Fellenius (1997) compared their UniCone CPTu method for calculating pile capacity 

to static load test results for 102 case histories. This comparison included 24 case histories where 

�� and �� were separated in the static load test analysis for detailed correlation of �� and ��. The 

�� reported for the “silty clay, stiff clay and silt” soil type ranged from 0.0206 to 0.028.  The site-

specific �� of 0.018 for driven steel H-piles in Lake Agassiz silty clay is lower than the range 

reported by Eslami and Fellenius (1997). The 24 case histories analyzed by Eslami and Fellenius 

(1997) did not include examples of H-piles in the “silty clay, stiff clay and silt” soil type. It is 

reasonable that a low-displacement pile such as an H-pile could have a lower ��, and therefore a 

lower �� for correlation to ��. 

8.6 Conclusions 

Three CPT methods and one CPTu method were compared to the measured shaft resistance from 

static load testing of a driven steel H-pile in Lake Agassiz glaciolacustrine silty clay near 

Winnipeg, Manitoba. The following key conclusions are drawn from this study: 

1. All of the methods over estimated �� in the upper 2 m of the pile. This is possibly due to 

shrinkage of the silty clay above the water table resulting in a decrease in �� during the 

static load test. 
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2. The LCPC method provided the best estimate of �� and the shaft resistance distribution of 

the select cone test methods compared in this study. The UniCone method considerably 

over estimated �� with an estimate greater than two times of �� measured from the static 

load test. 

3. The UniCone method provided a good match of �� in the silty clay by applying a constant 

�� of 0.018 throughout the entire soil layer. 

This study demonstrates the suitability of several CPT methods for driven steel H-piles in Lake 

Agassiz silty clay and provides recommendations for calibrating the UniCone CPTu method. The 

study demonstrated that cone test methods can over estimate shaft resistance near ground surface 

of expansive clays. It is important to be aware of the potential to over estimate shaft resistance 

near ground surface as this may impact calculations of pile capacity. Also, an improved and more 

accurate interpretation of the shaft resistance is useful for estimating pile settlement and drag force 

under serviceability conditions.  These findings are beneficial for pile design in the Winnipeg 

region and similar geological conditions.  
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Section 8.7 contains relevant supplemental information that was not included in the journal 

publication. This includes a comparison of the measured �� of the steel H-pile in the silty clay 
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layer to shear strength parameters of the silty clay. Both drained and undrained shear strength 

parameters from Chapter 3 were compared to �� from static load testing. Additional data from 

CPTu testing was incorporated into the analysis. 

The value of �� is often correlated to �� for cohesive soils according to: 

�� = ��� (8.6) 

where � is an adhesion factor. This method is often referred to as the “alpha method”. The value 

of �� was estimated with a Torvane and ranged from 53 kPa to 90 kPa from five tests as described 

in Section 3.3.1. CPTu results can be used to estimate �� according to: 

�� =
�� − ��
���

(8.7) 

where �� is the total corrected cone tip resistance, �� is the total vertical overburden stress, and ���

is a bearing capacity factor. Common values of ��� are in the range of 10 to 20 for soft intact clays 

(Lunne et al. 1997). Values of  ��� in the range of 20 to 30 have been reported for fissured clays 

(Powell and Quarterman 1988). The European method for estimating �� presented in Section 8.3 

is based on applying the alpha method with a slight variation in calculating �� as shown in Equation 

8.3. 

Figure 8.10 shows the estimated �� with depth from the four CPTu tests and the Torvane tests. The 

estimated �� was calculated from Equation 8.7 with ��� equal to 20 and �� calculated with a unit 

weight of 17.5 kN/m3. Equation 8.7 was only applied where the soil was interpreted to be silty clay 

and not the surficial fill layer or till layer. The measured �� from static load testing is also shown 

in Figure 8.10. A calculated � is shown in Figure 8.10 by rearranging Equation 8.6 to: 

� =
��
��

(8.8) 
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Figure 8.10: Comparison of undrained shear strength and unit shaft resistance in silty clay for Pile B. 

The calculated � is generally around 0.4 below 1.8 m depth with a range generally between 0.25 

to 0.6 with some outlier points. The value of � is notably lower above 1.8 m depth where 

desiccation and shrinkage of the silty clay is suspected to have resulted in a lower �� as discussed 

in Section 8.4. 

The value of �� is often alternatively estimated as a function of effective stress according to: 

�� = ��′�� tan � = ��′� (8.9) 

where �� is a coefficient of lateral earth pressure and � is the angle of friction between the soil and 

pile. This method is often referred to as the “beta method”. The beta method is typically applied 

to cohesionless soils though the Canadian Foundation Engineering Manual (CFEM) (Canadian 

Geotechnical Society 2006) suggests it is more rational to apply the beta method to cohesive soils 

as well. Regarding the parameters in Equation 8.9, the CFEM suggests: 
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 � may range from 0.25 to 0.32 in clay. 

 �� is normally assumed to be equal to the coefficient of earth pressure at rest (��) for bored 

piles or twice the value of �� for driven displacement piles. It is lower for low-displacement 

piles such as H-piles compared to displacement piles. 

 � ranges from 0.5 to 1.0 ɸ′. 

The value of ɸ′ for the silty clay was measured to be 17° at 3.3 m depth and 12° at 5.1 m depth 

from direct shear testing as summarized in Section 3.3.2. The value of �� was not measured at the 

site, however �� can be estimated from the overconsolidation ratio (OCR) to aid in estimating ��

in the silty clay.  The OCR was measured from oedometer testing and is summarized in Section 

3.3.2. The CPTu test data can be used to estimate preconsolidation stress (��′) and therefore 

estimate OCR for a more detailed distribution with depth. Mayne (1986) presented a relationship 

to evaluate ��
�  according to:  

��′ = ��(�� − ��) (8.10) 

where �� is a correlation coefficient which was shown to range from 0.15 to 0.9. Mayne (2001) 

suggested a simplified expression where �� is equal to 0.33 which generally agrees with a statistical 

study on 205 clay sites by Chen and Mayne (1996). It was found that �� of 0.23 provided a 

reasonable fit for the test pile site from comparing the calculated OCR versus the oedometer test 

results as shown in Figure 8.11. 
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Figure 8.11: Estimated OCR from CPTu and oedometer tests. 

Mayne and Kulhawy (1982) suggested that �� can be estimated for overconsolidated soils 

according to: 

�� = (1 − sin ɸ′)OCR���ɸ� (8.11) 

The calculated OCR from Figure 8.11 can be input into Equation 8.11 to estimate �� with depth, 

and therefore �� with depth. A distribution of �� with depth can then be estimated from Equation 

8.9 and assumed value of �. There is uncertainty in the values to use for each of the parameters in 

Equation 8.9 because they were not directly measured. Therefore, a range of values were 

considered and a baseline value was selected as the mid-point in the range. Table 8.2 summarizes 

the range and baseline value of parameters used to calculate �� for the test pile study.  

Table 8.2: Range of parameter values used for calculating unit shaft resistance with beta method. 

Parameter Range Baseline Value 
�� (1.0 – 2.0)�� 1.5��
ɸ′ 12° – 17° 14.5° 
� (0.5 – 1.0) ɸ′ 0.75 ɸ′
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The calculated �� with depth is shown in Figure 8.12 for the baseline values from Table 8.2. The 

distribution of ��′ differed at the time and location of the CPTu tests versus along the pile during 

static load test because of the embankment surrounding the piles. To account for the different ��′

distributions, the equivalent � from static load testing of Pile B is compared to the calculated �

from CPTu data. The value of � was calculated from � = �� tan � from Equation 8.9.  

Figure 8.12: Comparison of calculated �� and � to measurements from static load test of Pile B. 

Figure 8.13 shows the influence of varying the parameters in Table 8.2 on the calculated �. The 

results are relatively consistent between each of the four CPTu tests in Figure 8.12, therefore this 

additional analysis was performed on data from one cone test, CPTu 2019-02. The calculated �

with the baseline values provides a reasonable match of the measured � from static load testing 

below 1.8 m. The measured � falls within the range of calculated beta when varying the individual 

parameters. This analysis indicates that the beta method correlates reasonably well to the measured 

�� when considering the measured ɸ′ and estimating �� from ��. However, there were limited 

measurements of ɸ′ and no direct measurements of �� or �. A more detailed study with 



187 

measurements of these parameters would improve understanding on the relationship between 

drained shear strength parameters of Lake Agassiz glaciolacustrine clay and ��. 

Figure 8.13: Calculated beta with varying parameters. 
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Connecting Section 

Chapter 8 provided a comparison of several CPT and piezocone (CPTu) methods for estimating 

shaft resistance. The LCPC method provided the best estimate of the unit shaft resistance compared 

to the measured unit shaft resistance from static load testing presented in Chapter 6. The UniCone 

method was calibrated to provide improved accuracy for estimating the unit shaft resistance for 

the site-specific conditions of the test pile program. 

The next chapter, Chapter 9, provides a conclusion to this thesis. It includes a discussion that 

relates the individual manuscripts to each other and the overarching goal of the thesis. Chapter 9 

also includes a description of the key contributions from this research in the area of piles subject 

to ground settlement and recommendations for future research. 
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9.0 Conclusion 

9.1 Discussion 

The main goal of the research program was to advance engineering practice in Manitoba for design 

of piles subject to ground settlement, resulting in improved efficiency in bridge foundation design. 

The full-scale test pile program demonstrated that negative skin friction did not detrimentally 

affect the geotechnical capacity of the piles.  It was found that the geotechnical ultimate limit state 

(ULS) analysis following the AASHTO LRFD Bridge Design Specifications (AASHTO 2020; 

referred to hereafter as the AASHTO Code) can be considerably over conservative because it 

considers negative skin friction. The resistance distribution of the pile and the tip stiffness were 

measured from static load testing of the instrumented piles. It was found that the LCPC method 

(French method) (Bustamante and Gianeselli 1982) provided the best estimate of shaft resistance 

from the comparison of select CPT/CPTu methods.  It was demonstrated that improved estimates 

of resistance distribution and tip stiffness of a pile can be achieved for CAPWAP analyses by 

analyzing multiple blows and considering residual loads.  

The performance of the instrumented test piles when subjected to ground settlement was described 

in Chapter 6. The pile settlement and drag force were influenced by ground settlement caused from 

construction of the embankment surrounding the test piles. The calibrated load-transfer model 

indicated that an increased dead load results in increased pile settlement and the neutral plane 

moving upward. The drag force decreased with increasing dead load, though the maximum force 

in the pile at the neutral plane increased. Therefore, the distribution of ground settlement and 

magnitude of dead load should be considered in evaluating the serviceability limit state (SLS) and 

structural ULS. The negative skin friction was observed to transition to positive shaft resistance 

when the pile was loaded to its geotechnical capacity. Simulated static load tests with a calibrated 

load-transfer model indicated that the pile capacity can be consistent or higher when subject to 

negative skin friction prior to static load testing, depending on definition of pile capacity. 

Therefore, negative skin friction did not detrimentally affect pile capacity. The observations from 

the test pile program support the approach of the Unified Design Method (Fellenius 1984, 1998, 

2021), where evaluating the SLS and structural ULS require a neutral plane analysis. Downdrag, 
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drag force, and negative skin friction should not be considered when evaluating the geotechnical 

ULS. 

The AASHTO Code includes the drag force as an additional load and the shaft resistance is 

neglected where settling ground contributes to negative skin friction when assessing the 

geotechnical ULS. This contradicts the actual loading conditions of a pile loaded to its geotechnical 

capacity as demonstrated in Chapter 6. It was found that the AASHTO Code can be more 

conservative than the Canadian Highway Bridge Design Code (CHBDC; Canadian Standards 

Association 2019) based on the drag force, neutral plane, and capacity observed at the test pile 

program. The settling silty clay layer was approximately 7.5 m thick and the drag force was 

relatively small. The drag force was significantly larger in the simplified scenarios analyzed in 

Chapter 2 where the piles were longer and the settling ground ranged from 15 to 25 m thick.  It 

was demonstrated that the AASHTO Code can become increasingly over conservative where the 

drag force increase. The increasing drag force resulted in requiring a larger number of piles to 

satisfy the geotechnical ULS of the AASHTO Code for loading conditions that would meet 

CHBDC requirements. Alternatively, different pile types or a pile coating to reduce negative skin 

friction may be required to meet the AASHTO Code. The Lake Agassiz glaciolacustrine clay in 

the Winnipeg region varies in thickness and can be up to 21 m thick (Baracos et al. 1983). 

Therefore, larger drag forces can be anticipated at some locations in Winnipeg compared to the 

test pile program. Bridge foundations in settling ground designed according to AASHTO Code 

near Winnipeg can be considerably over conservative and costly where the settling soil layer is 

thick and the design is governed by the geotechnical ULS. 

Chapter 7 demonstrated how dynamic testing with CAPWAP analysis can be used to estimate pile 

tip stiffness and resistance distribution. The procedure suggested by Fellenius (2002) to estimate 

residual loads and a true resistance distribution provided a reasonable estimate of the measured 

residual loads and resistance distribution measured during static load testing. Analyzing multiple 

blows with CAPWAP at end of initial driving (EOID) and for each restrike blow was beneficial to 

observe the trend of increasing tip resistance with cumulative penetration. Use of dynamic testing 

has increased in local practice in recent years to confirm pile capacities and to use a higher 

resistance factor to satisfy geotechnical ULS requirements. This research demonstrates additional 
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benefits of CAPWAP analysis to aid in interpreting the resistance distribution and tip stiffness for 

use in a neutral plane analysis to evaluate SLS and structural ULS for piles subject to ground 

settlement. 

Chapter 8 provided correlations of several well-established CPT and CPTu methods to the 

measured shaft resistance from the test pile program. In local practice, driven piles are typically 

driven to be end bearing on or into dense till or sedimentary bedrock for increased tip resistance. 

The usefulness of CPTu testing in these situations is limited to evaluating the shaft resistance to 

the maximum depth that the cone can be penetrated. It is a suitable method for estimating shaft 

resistance in the glaciolacustrine silty clay in the Winnipeg region. All CPT and CPTu methods 

are based on empirical correlations to pile testing data and are therefore most suitable for similar 

pile type(s) and the ground conditions for which they were derived (Fellenius 2021a). The 

correlations provided in this test pile program are therefore suitable for driven steel H-piles in 

similar glaciolacustrine silty clay. 

The correlation of CAPWAP and CPTu methods to static load tests is only as accurate as the 

interpretation of stresses in the pile during the static load test. The measured residual loads after 

pile driving, the accumulation of drag force from embankment construction and subsequent ground 

settlement, and the resistance distribution during static load testing were all based on interpretation 

of the strain gauge data. Shifts in the no-load or zero reading created challenges in interpreting the 

stresses in the pile over the duration of the project. Chapter 5 summarized these potential shifts 

and procedures for observing and correcting shifts in measured strain that do not reflect changes 

in external loading. This includes a temperature correction based on the observed temperature and 

strain changes in the time immediately following pile installation in the cooler ground. Also, strain 

corrections were performed for long-term monitoring data if there was an unexplained shift, not 

corresponding to changes in external loading and not observed at neighbouring strain gauges. A 

number of the strain gauges malfunctioned during the course of the study. Therefore, there were 

several sources of potential error in interpreting the long-term stresses from the zero readings taken 

prior to pile installation. Despite the limitations using vibrating wire strain gauges identified in 

Chapter 5, the interpretation of residual loads and drag force was improved by performing the 

temperature correction. The residual load distribution presented in Chapter 7 from strain gauge 
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measurements agreed well with the estimated residual load using the procedure described by 

Fellenius (2002). Also, the shaft resistance distribution from static load testing displayed in 

Chapter 6 agreed well with the long-term drag force distribution.  

The findings of the research program can be implemented to advance engineering practice in 

Manitoba for design of piles subject to ground settlement. It is recommended that bridge owners 

in Manitoba provide special provisions to not consider negative skin friction for the geotechnical 

ULS when specifying the AASHTO Code. This change would align the theoretical approach for 

evaluating the geotechnical ULS with the CHBDC, improving the consistency of engineering 

practice in the field of piles subject to ground settlement. It may also lead to finding efficiencies 

in design, such as requiring less piles, which would result in cost savings for bridge owners. The 

research findings also advance local practice by demonstrating and providing procedures for 

improved estimates of the pile resistance distribution and tip stiffness. These are important input 

for performing a neutral plane analysis to evaluate pile settlement and drag force for piles subject 

to ground settlement. Improved estimates of pile behaviour will ultimately result in more accurate 

predictions of pile performance subject to ground settlement for evaluation of the SLS and 

structural ULS. 

9.2 Key Contributions 

The following are key contributions from this research to knowledge in the area of piles subject to 

ground settlement. The relevant chapter(s) where the key contribution was presented is provided 

in parentheses. Each of the key contributions corresponds to one or more of the research objectives 

presented in Section 1.3. The corresponding research objective is also presented in parentheses.   

 It was demonstrated that designing piles subject to ground settlement according to the 

AASHTO LRFD Bridge Design Specifications can be more conservative than following 

the Canadian Highway Bridge Design Code. (Chapter 2, Chapter 6; Objective 1). 

 A methodology was proposed for correcting vibrating wire strain gauge readings to 

interpret residual stresses from pile driving. The process requires measuring temperature 
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and strain immediately following pile installation to observe temperature-induced strain 

changes. (Chapter 5; Objective 2). 

 It was demonstrated that applying a dynamic impact to a steel pile prior to pile installation 

is either ineffective to relax locked-in manufacturing strains, or the magnitude of strain 

shifts are relatively small. This procedure does not appear to be necessary or warranted 

when attempting to measure residual strains after pile driving (Chapter 5; Objective 2). 

 It was demonstrated that negative skin friction does not exist when a pile is loaded to its 

geotechnical capacity. Negative skin friction did not detrimentally affect the capacity of 

the test piles. This is consistent with geotechnical ULS calculations following the Canadian 

Highway Bridge Design Code and contradictory to calculations according to the AASHTO 

LRFD Bridge Design Specifications. (Chapter 6; Objective 3). 

 A methodology was proposed for estimating pile tip stiffness from CAPWAP analyses by 

plotting simulated tip resistance-movement curves for consecutives blows, extrapolating 

the trend, and fitting a more realistic resistance-movement curve such as the recommended 

API (American Petroleum Institute 2007) q-z curve. (Chapter 7; Objective 4, Objective 6). 

 It was demonstrated that shaft setup for driven steel H-piles in Lake Agassiz 

glaciolacustrine silty clay is relatively small. A dimensionless shaft setup factor (�) of 0.10 

to 0.12 was calculated for the two test piles following the procedure by Bullock (2008). 

(Chapter 7; Objective 5) 

 It was demonstrated that the procedure suggested by Fellenius (2002) for estimating 

residual stresses and a true resistance distribution provides reasonably accurate results 

using CAPWAP records where significant residual loads are present. This includes 

scenarios such as this test pile program, where piles are driven through a soft, compressible 

layer to the top of a hard end-bearing layer. (Chapter 7; Objective 4, Objective 6). 

 It was demonstrated that the LCPC method (French method) (Bustamante and Gianeselli 

1982) provided the best fit for estimating pile shaft resistance for driven steel H-piles in 
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the glaciolacustrine silty clay of the study site based on a comparison of CPT/CPTu 

methods including the LCPC method, Schmertmann and Nottingham method (Nottingham 

1975, Schmertmann 1978), European method (DeRuiter and Beringen 1979), and UniCone 

method (Eslami and Fellenius 1997). (Chapter 8; Objective 7). 

 A site-specific shaft correlation coefficient was developed for the UniCone CPTu method 

for calculating shaft resistance for driven steel H-piles in the glaciolacustrine silty clay of 

the study site. (Chapter 8; Objective 7). 

9.3 Recommendations for Future Research 

The key findings from this research were based on observations from the full-scale test pile 

program, numerical analyses with calibrated load-transfer models, and use of existing tools such 

as CAPWAP and the piezocone. There is still a lack of local performance monitoring data of 

production piles for bridge foundations. The following tasks are recommended for future research 

in the area of piles subject to ground settlement. 

 Review the design of past bridge structures that were designed according to AASHTO 

LRFD Bridge Design Specifications. It can be assessed if the abutment foundation design 

could have been more efficient, with less piles, by neglecting negative skin friction in 

assessing the geotechnical ULS. If efficiencies could have been realized, then the potential 

cost savings for these real projects could be quantified to project potential cost savings for 

future bridge projects. 

 Calibrate representative load-transfer models of production piles for a bridge abutment in 

the Winnipeg region. Production piles are typically driven to “practical refusal” whereas 

the test piles in this study were driven to be end bearing in the till after it became very 

dense. Therefore, production piles near Winnipeg would typically have a longer portion in 

till and can reach practical refusal in dense till or bedrock. The calibrated models can 

provide local guidance on the effects of varying dead loads and ground settlement on 

downdrag for SLS design and drag force for structural ULS design. 
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 Test the Fellenius (2002) method for estimating residual stress and the true resistance 

distribution from CAPWAP results for production piles driven to a typical refusal criterion 

in the Winnipeg region. The Fellenius method assumes that negative skin friction is fully 

mobilized along the upper portion of the pile shaft from pile rebound, elastic 

decompression, and reconsolidation of soil around the pile. Production piles would 

typically have a longer portion in the till which may affect the magnitude of rebound from 

pile driving. The interpretation is also complicated by layered soils. 

 Quantify typical ranges of shaft setup for various pile types and installation methods in 

Lake Agassiz glaciolacustrine clay and till in the Winnipeg region. 

 Correlate CPT and CPTu methods for estimating shaft resistance in Lake Agassiz 

glaciolacustrine silty clay in the Winnipeg region for different pile types. 
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Appendix A: Borehole Logs 
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Appendix B: Particle Size Distribution Plots 
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Appendix C: Direct Shear Test Results 
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Sample 5 – Direct Shear Test Results 
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Sample 5 – Direct Shear Test Results 
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Sample 5 – Direct Shear Test Results 
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Sample 5 – Direct Shear Test Results 
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Sample 7 – Direct Shear Test Results 
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Sample 7 – Direct Shear Test Results 
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Sample 7 – Direct Shear Test Results 
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Sample 7 – Direct Shear Test Results 
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Appendix D: Oedometer Test Results 
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Oedometer Test Results – Sample 3 
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Oedometer Test Results – Sample 3 
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Oedometer Test Results – Sample 3 
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Oedometer Test Results – Sample 5 
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Oedometer Test Results – Sample 5 
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Oedometer Test Results – Sample 5 
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Oedometer Test Results – Sample 5 



227 

Oedometer Test Results – Sample 7 
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Oedometer Test Results – Sample 7 
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Oedometer Test Results – Sample 7 
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Oedometer Test Results – Sample 7 
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Oedometer Test Results – Sample 9 
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Oedometer Test Results – Sample 9 
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Oedometer Test Results – Sample 9 
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Oedometer Test Results – Sample 9 



235 

Appendix E: Piezometer Monitoring Data 
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Note: 

Precipitation and temperature data from Winnipeg A CS weather station located at the Winnipeg 
James Armstrong Richardson International Airport. 
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Appendix F: Piezocone (CPTu) Dissipation Test Data 
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Piezocone (CPTu) Dissipation Test Data – CPTu 2019-01 
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Piezocone (CPTu) Dissipation Test Data – CPTu 2020-01 
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Piezocone (CPTu) Dissipation Test Data – CPTu 2020-02 
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Appendix G: Strain Gauge Data from Procedure to Relax Locked-in 

Manufacturing Strain 
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Relaxing Locked-in Manufacturing Strain Data – Pile A 
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Relaxing Locked-in Manufacturing Strain Data – Pile A 



245 

Relaxing Locked-in Manufacturing Strain Data – Pile A 
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Relaxing Locked-in Manufacturing Strain Data – Pile A 
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Relaxing Locked-in Manufacturing Strain Data – Pile B 
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Relaxing Locked-in Manufacturing Strain Data – Pile B 
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Relaxing Locked-in Manufacturing Strain Data – Pile B 
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Relaxing Locked-in Manufacturing Strain Data – Pile B 
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Appendix H: Strain and Temperature Data after EOID 
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Strain and Temperature Data after EOID – Pile A 
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Strain and Temperature Data after EOID – Pile A 
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Strain and Temperature Data after EOID – Pile B 
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Strain and Temperature Data after EOID – Pile B 
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Appendix I: Calculated Axial Stress for 48 Hours after EOID 
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Calculated Axial Stress for 48 Hours after EOID – Pile A 
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Calculated Axial Stress for 48 Hours after EOID – Pile A 
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Calculated Axial Stress for 48 Hours after EOID – Pile A 
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Calculated Axial Stress for 48 Hours after EOID – Pile A 
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Calculated Axial Stress for 48 Hours after EOID – Pile B 
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Calculated Axial Stress for 48 Hours after EOID – Pile B 
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Calculated Axial Stress for 48 Hours after EOID – Pile B 
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Calculated Axial Stress for 48 Hours after EOID – Pile B 
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Appendix J: Long-Term Strain and Temperature Data 
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Long-term strain and temperature data – Pile A 

Note: 
 One strain gauge of the pair stopped functioning on September 26, 2019. 

Note: 
 One strain gauge of the pair stopped functioning on September 25, 2019. 
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Long-term strain and temperature data – Pile A 

Note: 
 One strain gauge of the pair stopped functioning on September 23, 2019. 
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Long-term strain and temperature data – Pile A 

Note: 
 One strain gauge of the pair stopped functioning on October 2, 2019. 

Note: 
 One strain gauge of the pair stopped functioning on October 1, 2019. 
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Long-term strain and temperature data – Pile A 

Note: 
 One strain gauge of the pair experienced shifting of strain readings. 
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Long-term strain and temperature data – Pile A 

Note: 
 One strain gauge of the pair experienced shifting of strain readings and periodically 

reported erroneous readings. 
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Long-term strain and temperature data – Pile B 

Note: 
 Plotted temperature data is from one strain gauge only of the pair. The thermistor in one of 

the strain gauges malfunctioned. 
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Long-term strain and temperature data – Pile B 

Note: 
 One strain gauge of the pair experienced a shift in strain of approximately -85 microstrain 

on September 19, 2019. The plotted data was manually adjusted to correct for this shift. 
 One strain gauge of the pair stopped functioning on September 2, 2020. 
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Long-term strain and temperature data – Pile B 

Note: 
 One strain gauge of the pair experienced a shift in strain of approximately -76 microstrain 

on September 21, 2019. The strain gauge appeared to gradually shift back approximately 
+76 microstrain between November 4 to December 14, 2019. The plotted data was 
manually adjusted to correct for this shift. 
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Long-term strain and temperature data – Pile B 

Note: 
 One strain gauge of the pair experienced shifting of strain readings. 
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Long-term strain and temperature data – Pile B 

Note: 
 One strain gauge of the pair experienced shifting of strain readings and periodically 

reported erroneous readings. 
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Appendix K: CAPWAP Output 
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Pile A – Summary of CAPWAP Records 

Approximate Time 
of Dynamic Test 

Number of 
Blows Analyzed 

File Descriptiona Blow Number 

EOID 6 TEST PILE A; INITIAL 
DRIVE

#185 - #190 

15 minute restrike 4 TEST PILE A 15 
MINRESTRIKE

#1 - #4 

2.4 hour restrike 4 TEST PILE A 2.5 HR 
RESTRIKE

#2 - #5b

24 hour restrike 6 TEST PILE A 1DAY RS #2, #3, #9 - #12b,c

a. Corresponding file description located at top of CAPWAP output. 
b. Blow #1 consisted of a light hammer impact to test functionality of PDA. 
c. Data quality was suspect for Blows #4 - #8 and was not analyzed with CAPWAP. 
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Pile B – Summary of CAPWAP Records 

Approximate Time 
of Dynamic Test 

Number of 
Blows Analyzed 

File Descriptiona Blow Number 

EOID 16 TEST PILE B; INITIAL 
DRIVE

#205 - #220 

4 minute restrike 4 TEST PILE B; INITIAL 
DRIVE

#221 - #224 

15 minute restrike 4 TEST PILE B 15 MIN RS #1 - #4
2.4 hour restrike 8 TEST PILE B 2.5 HR RS #2 - #9b

24 hour restrike 9 TEST PILE B 1DAY RS #2 - #5, #7 - #11b,c

a. Corresponding file description located at top of CAPWAP output. 
b. Blow #1 consisted of a light hammer impact to test functionality of PDA. 
c. Blow #6 consisted of a light hammer impact after a set of 4 hammer blows. Additional blows (#7 - #11) were 

performed several minutes after. 
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