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Abstract 
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ABSTRACT 

Glass fibre-reinforced polymer (GFRP) reinforcement is being used in reinforced concrete (RC) 

structures such as bridge decks, parking garages and marine structures, to avoid steel corrosion. 

Very few investigations had been conducted to study the seismic behavior of GFRP RC-

columns. Virtually, no research work available on RC-columns with lap splices, which 

commonly exist at construction joints. Moreover, it is not recommended to provide lap splices at 

critical regions, in columns subjected to seismic loads. This study aim to fill these gaps and 

investigate the seismic performance of lap splices in columns located at critical region. Nine full-

scale GFRP-RC columns with lap splices were constructed and tested under combined axial and 

cyclic-reversed loads. One additional reference column was reinforced with steel bars and 

stirrups for comparison purposes. The column specimens had a 350-mm square cross section, 

with 1,650-mm shear span. Each specimen represented the lower segment of a first-story column 

between the footing and the point of contra-flexure. The test parameters included type of 

reinforcement, lap splice length of longitudinal reinforcement and transverse reinforcement 

spacing. In addition, the effect of using steel fiber-reinforced concrete (SFRC) on the behavior of 

columns with inadequate splice length is investigated. Test results indicated that a splice length 

of 60 times the diameter of the longitudinal column bar was adequate in transferring the full 

bond forces along the splice length and were able to maintain the lateral load carrying capacity 

when subjected to higher levels of axial loads and drift ratios. In addition, lap spliced GFRP-RC 

columns with closely spaced transverse reinforcement showed stable hysteresis response and 

achieved high levels of deformability, which far exceeded the limitations of the North American 

building codes. Furthermore, the use of SFRC in columns with inadequate splice increased the 

peak lateral strength and the energy dissipation of the specimens.  
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CHAPTER 1 – INTRODUCTION  

1.1   BACKGROUND 

Steel is being used as a reinforcing material in the construction industry for more than a century. 

However, deterioration of reinforced concrete (RC) structures due to corrosion of steel bars 

embedded in concrete has always been a serious problem. Increasing concrete cover or reducing 

the permeability of concrete by adding pozzolanic materials, protects the steel bars against 

corrosion. However, as the cracks develop on the surface of RC structures, they are exposed to 

oxygen and humidity which causes corrosion and deterioration. Many steel-RC structures such 

as bridges, parking garages and marine structures are exposed to harsh environments including 

de-icing salts, freeze-thaw cycles and wet-dry cycles. Such aggressive environments accelerate 

the steel-corrosion process due to the accumulation of chloride ions. The use of corrosion-

resistant material seems to be the only effective alternative. Several measures have been adopted, 

to enhance the corrosion resistivity of steel such as epoxy coating of steel, use of stainless steel 

(low carbon steel) and galvanization of steel bars. Despite the application of these measures, 

none of them is successful in completely eliminating the corrosion. 

In recent years, the use of Fiber Reinforced Polymer (FRP) as a replacement of steel, in RC 

structures has proved to be effective in completely eliminating corrosion due its non-corrodible 

nature. For the construction of RC structures, commonly four types of FRP composites are used 

which includes: aramid (A) FRP, carbon (C) FRP, glass (G) FRP, and recently basalt (B) FRP.  

The FRP composites can be produced in different shapes and forms such as bars, sheets, and 

laminates due to the versatility of the manufacturing process. In addition, FRP composites have 

some more appealing qualities such as non-conductivity to electro-magnetic environments, high 
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tensile strength and high strength-to-weight ratio. The later allows the RC structures to develop 

the required strength with reduced weight and so there is an overall decrease in the design loads. 

Apart from all these advantages of FRP composites, it should be noted that their behavior is 

significantly different from that of conventional steel. In order to use FRP bars as a replacement 

for steel in concrete structures, their different material properties must be considered in the deign 

process. The FRP composites have linear-elastic behavior up to failure that they do not exhibit 

any plastic behavior; their elastic stiffness is lower than that of steel and they have different bond 

behavior, depending upon their surface. Due to these reasons, available steel codes cannot be 

directly applied to design of FRP-RC members. Nevertheless, due to lower elastic stiffness and 

high strength of GFRP bars, they are able to show large deformations prior to failure, regarded as 

deformability. Recent researches (Tavassoli et al. 2015; Ali and El-Salakawy 2016), completed 

on concrete columns reinforced GFRP bars revealed that the energy dissipation of GFRP-RC 

columns is less than that of steel-RC counterparts. However, deformability still permits these 

columns to dissipate acceptable amount of seismic energy. Moreover, the results also indicated 

that the linear behavior of GFRP-RC members will cause minor damage in contrast to steel-RC 

counterparts, after resisting the cyclic loads.  

Lap splicing in RC columns cannot be avoided in moment-resisting frames. Lap splices in 

framed buildings are required to: (1) suit concreting schedule; (2) satisfy the limited lengths of 

the reinforcing bars; (3) facilitate the continuation to smaller diameter bars at upper storeys, 

where reduction in loads is expected. The most common method of splicing is to lap the bars, 

one over the other. Nevertheless, lap splice regions make RC columns more susceptible to 

failure, under seismic loads. During severe seismic activity, alternate overturning forces can 

induce inelastic stress reversals in RC columns. To dissipate the induced energy by these stress 
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reversals, plastic hinges should be formed. Under seismic ground motion, there is a significant 

increase in the moments applied to the longitudinal reinforcement within the splice region, 

especially if the location of splice is just above the footing (Melek and Wallace 2004), as shown 

in Figure 1.1. The formation of plastic hinge is likely to occur at the junction of column and 

footing. Thus, in case of FRP spliced bars in columns, the lap splice length should be adequate to 

develop sufficient elastic strains demanded by large cyclic load reversals to avoid slippage or 

bond failure. 

 

Figure 1.1 – Deformation and load transfer in a multi-story frame.  

Much of the previous research have been conducted on the seismic retrofitting of deficient lap 

splices using FRP sheets (Breña and Schlick 2007; ElSouri and Harajli 2011; Hantouche and 

Harajli 2013), or on tensile lap splicing of bundled FRP bars in beams (Aly et al. 2006). 

However, no research can be found on the behavior of FRP lap splices present in columns at 

critical regions. As many experimental studies have demonstrated that some key physical and 

mechanical behaviors of FRP bars are very different from the properties of steel bars, thereby, 

this study aims at investigating the behavior of GFRP lapped bars in columns subjected to cyclic 

reversed loads. 
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1.2 PROBLEM DEFINITION 

Lap splicing of columns in bridge and building structures has been a common practice in low or 

no seismic hazard areas. However, constructing lap splices, which are located in critical hinging 

region of the column, may face major drawbacks in areas of high seismic regions. 

Conventionally, lap splices in columns of a multistory frame are provided immediately above the 

footing. This location coexists with that of the maximum moment along the column height. If the 

column is exposed to severe ground motion, the moments occurring at the column ends will be 

much higher than those obtained from elastic analyses. Hence, as suggested by the codes, plastic 

hinges at end of columns are assumed. Consequently, spliced bars in such end regions are 

subjected to yielding in both tension and compression, resulting in strength and bond 

degradation. It has been observed that most failures of concrete structures, in an event of an 

earthquake, are attributed to substandard detailing and inferior bond performance of the 

reinforcement (either conventional steel or FRP) located at the critical regions where plastic 

hinge is likely to develop. Studies on lapped steel bars subjected to reverse cyclic loading have 

revealed that some of the bond mechanisms available during static loading of splices degrade 

with the number of cycles and deformation amplitude (Lukose et al. 1982).  

In comparison to steel reinforcement, the GFRP reinforcement does not yield, and behaves 

elastically up to failure. Hence, the concrete structural members reinforced with GFRP bars are 

not as ductile as their steel-reinforced counterparts. Despite the fact that GFRP reinforcement 

does not yield, considerable large elastic deformation is shown by GFRP-RC members. This 

deformability controls energy dissipation of seismic force. Moreover, GFRP reinforcement has 

lower modulus of elasticity in comparison to steel. However, the combination of high strength 
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and large strains till failure allows GFRP-RC members to dissipate acceptable level of seismic 

forces. 

In comparison with the steel bars, bond strength of FRP bars is significantly lower than that 

achieved by the steel bars, and the reinforcement modulus of elasticity is an essential variable 

affecting the bond strength (Mosley et al 2008). As bond failure of spliced bars is generally 

caused by the splitting of the surrounding concrete, the performance of lap splices of GFRP-RC 

columns needs to be investigated under cyclic‐reversed loading conditions. 

Moreover, to the author’s best knowledge, virtually no data is available on the behavior of FRP 

lap spliced bars subjected to combine axial and cyclic‐reversed loads. Therefore, and due to lack 

of experimental evidence, the current FRP design codes and guides (CSA 2012, ACI Committee 

440 2015, ISIS 2007) do not recommended the use of FRP bars as longitudinal reinforcement in 

columns or as compression reinforcement in flexural members. The lack of such knowledge not 

only hinder the use of FRP reinforcement in construction leading to new structures with 

improved performance, but also risk the safety of structure. Hence, it is considered necessary to 

investigate the use of GFRP bars in RC columns, including lap splices, under cyclic‐reversed 

loading conditions. 

1.3 RESEARCH OBJECTIVES 

The main objectives of this research are: 

 Experimentally investigate the behavior of lap spliced GFRP-RC columns under reversed 

cyclic loading. 

 Study the effect of steel fiber-reinforced concrete (SFRC) on the seismic performance of 

GFRP-RC columns with deficient lap splice. 
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 Provide recommendations and guidelines for the designers and researchers regarding the 

analysis and design of GFRP reinforced columns with lap splices. 

The specific objectives of this experimental study are to investigate the effect of the following 

parameters on the behavior of lap spliced GFRP-RC columns. 

 Reinforcement type (steel or GFRP) 

 Splice length of longitudinal GFRP reinforcement (40, 50 and 60 times the diameter of 

the longitudinal column reinforcement) 

 Spacing of transverse GFRP shear reinforcement within the spliced length (21% [75 

mm], 29% [100 mm] and 43% [150 mm] of the column depth, 350 mm) 

 Level of axial load (10, 15, and 20% of the column axial capacity,𝐴𝑔𝑓′𝑐). 

 Effect of using SFRC on deficient lap spliced GFRP-RC columns: steel fiber volumetric 

ratio of 0, 1 and 2%. 

 1.4 SCOPE OF WORK 

Due to its lower cost and large deformability compared to the available types of FRP 

reinforcement, GFRP materials are used to reinforce the column specimens in both longitudinal 

and transverse directions. Only rectangular columns using closed-looped stirrups (ties) are 

considered. Other types of columns and reinforcement such as circular columns and spiral 

reinforcement are not covered by this study. The specimen represents a first story building 

column between footing and point of contra-flexure; as they are more critical under seismic 

loading conditions (indicated in Figure 1.2). Splices are considered at the footing-column 

interface; no mid-length splices are covered in this work. All specimens are subjected 

simultaneously to simulated-seismic lateral loading with a monotonic axial load. 
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loading

Concentric monotonic axial load

 

Figure 1.2 – Representation of specimen in a multi-story frame structure.  

1.5 WORK METHODOLOGY 

The research plan includes the study of GFRP-RC columns subjected to cyclic reverse loading 

conditions. The research is comprised of two phases: 

1. Laboratory Investigation: This includes the construction and testing of ten full-scale tied 

rectangular columns (350×350 mm
2
) under reversed cyclic loading. Only one column 

specimen is reinforced with steel bars and used as control, while the other nine specimens 

are reinforced with GFRP bars.  Each column prototype represents the part of a first story 

column between footing and assumed point of contra-flexure at column mid-height. Each 

column had 1850 mm cantilever length (shear span of 1650 mm). To provide rotational 

fixity to the column, a 1400×1400×600 mm
3
 steel-RC footing is provided. To simulate 

the field conditions, the steel-RC footing and the dowel bars are cast monolithically, and 
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then the column is cast a week later. A hydraulic jack is used to pre-stress steel-RC 

footing with the strong floor, to ensure rotational fixity of the column. Quasi-static 

cyclic-reversed loads are applied using an actuator which had 1000 kN capacity and ± 

250 mm stroke. The actuator is centered on the column head (350×550×400 mm
3
) and is 

supported on a laboratory strong wall. During the test, the columns are constantly loaded 

using a hinged frame. The direction and the magnitude of the axial load are to simulate 

the service conditions. 

2. Analytical Studies: In this phase, strength interaction diagrams (P-M) for GFRP-RC 

columns are developed. Based on the ultimate strength approach presented by Choo et al. 

(2006), Hasaballa (2014) and Ali (2015), a series of P-M interaction diagrams is 

developed. Based on these interaction diagrams, the columns are over-reinforced, to 

avoid brittle failure. Also, the bending moment capacity corresponding to the applied 

axial load is predicted. The P-M interaction diagrams are provided in Appendix A and B 

for steel-RC and GFRP-RC columns, respectively. 

1.6 THESIS ORGANIZATION 

This thesis consists of seven chapters. The contents of each chapter are as follows:  

 Chapter one presents a brief introduction on the research topic, problem definition, 

research objectives, scope of the work and work methodology.  

 Chapter two introduces a literature review of the previous studies on earthquake resistant 

steel and FRP-RC columns, and different parameters that can affect this behavior. This 

chapter also provides a brief review of the limited research on the behavior of GFRP lap 

splices in structural members, subjected to seismic loading. 

 Chapter three presents the design concept and methods used in this research program. 
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 Chapter four gives the details of the experimental program which includes: material 

properties, dimensions, reinforcement details and construction of test specimens, 

instrumentation, test setup and loading procedure. 

 Chapter five presents analysis and comprehensive discussion of the test results in terms 

of cracking pattern and mode of failure, hysteretic response, strain measurements, 

cumulative energy dissipation, and drift components for Series (I) and (II).  

 Chapter six presents analysis and comprehensive discussion of the test results in terms of 

cracking pattern and mode of failure, hysteretic response, strain measurements, 

cumulative energy dissipation, and drift components for Series (III) and (IV). 

 Chapter seven gives summary of the research program, conclusions and 

recommendations for future work. 
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CHAPTER 2 - LITERATURE REVIEW 

2.1 BACKGROUND 

Lap splicing for RC members is a common practice in the construction industry. If splices 

provided in RC-members located in seismic regions, they may face major drawbacks. 

Researchers have stated that deterioration of splice bond (in term of strength and ductility) is one 

of the weakest links in earthquake resistant design (Paulay et al. 1981; Lukose et al. 1982; 

Coffman et al. 1993; Stapleton et al. 2005). Reversed cyclic loads impose severe demands on the 

strength and ductility of lap splices and anchorage. Reversed cyclic loading is more detrimental 

than repeated or monotonic loading for lap splices. The reason is that cracks formed in one half 

cycle travel in specific direction, and those formed in the other half travel in opposite direction. 

At higher loads, these two crack systems combine at some distance away from the bar surface to 

create regions of disintegrated concrete. Concrete is crushed on both sides of the bar when 

loading is reversed. Extensive cracking reduces the contribution of concrete cover to bond 

resistance (Lukose et al. 1982). Steel-RC columns of buildings or bridges in moderate or low 

seismic regions may not undergo high displacement demands but experience cycles exceeding 

yielding during an earthquake. In this case, lap splices commonly located at the base of the 

column can prematurely fail after the onset of yielding due to rapid bond degradation or the 

splitting of the spliced bars. 

Recently, FRP reinforcement is being widely used in the industry as a replacement of 

conventional steel reinforcement especially for RC structures that are subjected to harsh 

environments. Bridges and parking garages are prime examples of concrete infrastructure 

subjected to harsh environment where the application of FRP reinforcement has high potential. 
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Reinforced concrete columns are primary structural members in these structures. However, the 

behavior of lap splice in FRP‐RC columns under seismic loading has not yet been explored. 

2.2 FIBER REINFORCED POLYMERS 

Fiber reinforced polymer is an acronym for fiber strengthened polymers, also known as fiber 

reinforced plastics. The term composite material is a nonexclusive term used to depict a 

consolidation of two or more materials to yield an item that is more proficient from its 

constituents. One constituent is known as the reinforcing or fiber (one that gives quality); the 

other in which the strands are installed, known as the matrix. The matrix, for example, a cured 

resin like epoxy, polyester, or vinyl ester, behaves as a fastener and holds the fibers in the 

arranged position, giving the composite material its structural reliability by giving shear transfer 

capacity. 

Four FRPs are normally produced: composites containing glass strands are called glass fiber 

reinforced polymers (GFRP); those containing carbon filaments are called carbon fiber 

reinforced polymers (CFRP); those strengthen with aramid filaments are known as aramid fiber 

reinforced polymers (AFRP); and those containing extremely fine fibers of basalt are known as 

basalt fiber reinforced polymers (BFRP). 

Glass fibers are the most widely recognized of all strengthening fibers. The vital points of 

interest of glass fibers are minimal cost, high elasticity, high chemical resistance, and remarkable 

insulating properties. The disadvantages are moderately low elastic modulus and high density 

(among the commercial fibers), and generally low fatigue resistance.  



 Chapter-2 Literature Review 

12 
 

2.2.1 Fiber Reinforced Polymer Components 

All FRP products are composed of two main elements; fiber and matrix (Figure 2.1). The fibers 

are stronger than the matrix and the reinforcing strength of the FRP depends upon the fibers. The 

properties of the final product depend on the properties of each constituent in addition to the 

manufacturing process. The mechanical properties of the FRP depend on the volumetric ratio, 

fiber quality, orientation, bond with the matrix and the manufacturing process (ISIS Canada. 

2007). 

2.2.1.1 Fibers 

Fibers provide the reinforcing strength to the FRP products. They must have high stiffness, 

strength, toughness, durability and most importantly low cost. The performance of fibers mainly 

dependent upon three parameters and they are length, cross section and the chemical 

composition. To increase the bond strength fibers are coated with coupling agents (chemical 

compound which provides bond between dissimilar materials). The most commonly used fibers 

are: carbon and glass. 

2.2.1.2 Matrix 

During the manufacturing process of composites consideration should be given to the thermal 

and physical properties of the matrix because it affects the final mechanical properties of FRP in 

addition to the process itself. Their ultimate strength should be higher than the fibers in order to 

exploit the maximum strength of the fibers. Matrix not only functions as the protective coating 

for the fibers it also helps to transfer shear stresses and provides lateral support against buckling 

in compression. There are two types of matrix 1) thermosetting 2) thermoplastic. Mostly 

thermosetting polymers are used. They are low weight molecular liquids, once set form a rigid 

three dimensional structure that cannot be deformed by applying heat and pressure. 
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Figure 2.1 – Fiber reinforced polymer components 

2.2.2 FRP Stress-Strain Relationship 

Unidirectional behavior is experienced by the FRP bars, since the fibers only carry load in one 

direction. It is also been observed that the fibers have a linear stress strain relationship due to 

which the bars exhibit linear elastic behavior up to failure. In general the FRP bars have higher 

tensile strength than the compression strength, than the conventional steel. The reason is that the 

fibers buckle under compression. The modulus of elasticity of FRP bars in compression is also 

lower than the steel ones, as shown in Figure 2.2. 

 

Figure 2.2 - Schematic stress-strain relationship of FRP reinforcement  
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2.2.3 Physical Properties of FRP 

The major physical properties that enhance the importance of FRPs are: 

 Density: The specific gravity of FRPs is one sixth to that of steel reinforcement which 

makes it less dense and so it reduces the total weight of the building hence reducing the 

cost without compromising the strength. The transportation is much easier and cost less 

than steel. Workers can easily handle them during the construction process.   

Table 2.1 - Typical densities of FRP bar (gm/cm
3
) ACI 440. 1R-15 

Steel GFRP CFRP AFRP 

7.9 1.25-2.1 1.5-1.6 1.25-1.4 

 

 Coefficient of thermal expansion: Contrary to the steel reinforcement, FRP reinforcing 

bars have different coefficient of thermal expansion for transverse and longitudinal 

direction respectively, based on the type of components and the fiber volume ratio. The 

coefficient for the longitudinal direction is governed by the fiber and the one in transverse 

direction is governed by the resin properties. The coefficient of thermal expansion for 

CFRP is 0 in longitudinal direction which shows that it is not affected by the changes in 

temperature. For AFRP the coefficient of thermal expansion is negative in the 

longitudinal direction which means that it contracts with increased temperature (ACI 

Committee 440 2015) 
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Table 2.2 - Typical coefficient of thermal expansion of FRP reinforcing bars (x10
6
/ °C) ACI 

440.1R-15        

Direction Steel GFRP CFRP AFRP 

Longitudinal 11.7 6 to 10 -9 to 0 -6 to -2 

Transverse 11.7 21 to 23 74 to 104 60 to 80 

      

2.2.4 Mechanical Properties 

FRP composites are utilized within a wide uses. A key component in assessment of FRP 

properties is the characterization of the relative volume and/or mass substance of the different 

constituent materials. FRP strengthening bars in concrete structures is strongly impacted by their 

physical and mechanical properties. Their mechanical properties give special profits to the item 

they are manufactured into. This section presents testing systems and mechanical properties of 

bars, for example,   

 Axial tensile strength 

 Compressive strength 

 Shear strength 

 Bond strength 

2.2.4.1 Axial tensile strength 

Axial tension testing of high quality unidirectional composites is regularly a challenge of the fact 

that load ought to be transmitted from the testing apparatus to the specimen by means of shear, 

and the shear strength of an unidirectional composite is ordinarily much lower than its axial 

tensile strength. Further, shear holding will stack the outside strands more than the interior ones 
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bringing about shear lag and dynamic fiber failure. To stay away from these issues, end tabs are 

required when testing flat laminates. For the testing of FRP rods, anchors of special type are 

required by embedding their ends to steel cylinders that are filled with either a polymer resin or 

cement based grout as described in ACI 440.1R-15 (ACI Committee 440 2015). 

Table 2.3 - Tensile properties of Reinforcing Bars. ACI 440.1R-15 

Property Steel GFRP CFRP AFRP 

Yield Stress (MPa) 276-517 NA NA NA 

Tensile Strength (MPa) 483-1600 483-690 600-3690 1720-2540 

Modulus of Elasticity (GPa) 200 35-51 120-580 41-125 

     

2.2.4.2 Compressive strength 

Due to many different failure modes there is no standard axial compression test (ACI Committee 

440 2015). The mode of failure can be buckling, which traverse from the buckling of the entire 

cross section or local micro buckling of separate fibers. So greater resistance to the buckling, 

higher compressive strength is measured. The various test methods that are used to measure the 

compressive strength of the FRP are some variation of the Celanese compression test as in 

ASTM D3410 (ASTM 2016). To measure the compressive strength of FRP, the process is 

extremely complicated due to local micro buckling of individual fibers as it complements 

anisotropic and nonhomogeneous nature of FRP. So it proposed to reduce compressive strength 

of FRP bars up to 50% of the measured value.  
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2.2.4.3 Shear strength 

Generally FRP bars have weak inter laminar shear strength where unreinforced resin layer is 

bonded with fibers. The shear strength for the unreinforced resins is provided by the polymer 

matrix which is relatively weak. The direction of fibers can play an important role in increasing 

the shear strength. If the fibers are oriented in an off-axis direction, by winding the fibers 

transverse to main fibers it will increase shear strength. This can be achieved by introducing off-

axis fibers through a continuous strand mat in the roving creel during pultrusion (manufacturing) 

process. 

2.2.4.4 Bond strength and load distribution of composite FRP reinforcing bars 

Mosley et al (2008) studied the bond behavior of FRP reinforced concrete. Three series of beam 

were tested, to evaluate the bond strength. Two types of GFRP bras and one type of AFRP bars 

were tested. Beam splice test was chose for the experimental program, as this method represents 

the basis for the design provisions for the development length. To compare the bond strengths 

between individual tests, the authors ensured that steel reinforcement remained in elastic range. 

The strengths were determined by calculating the average uniform bond stress acting along the 

splice length. Based on the experimental results, the following conclusions were made: 

1. Modulus of elasticity of the reinforcement is essential variable affecting the bond 

strength. Increasing the modulus of elasticity also increases the bond strength, of the 

reinforcement. Hence it was proposed that a common design approach can be used for 

calculating the development length, irrespective of the reinforcement material. 

2. The bond strength of FRP reinforcement is significantly lower than that of steel 

reinforcement. The results showed that, both GFRP and AFRP reinforcement developed 

50% of the bond stress, as achieved by steel reinforcement. 



 Chapter-2 Literature Review 

18 
 

3. The effect of splice length on bar strength is nonlinear. The test results for both steel and 

FRP bars support that bond strength is proportional to the square root of the development 

length. 

2.3 RESEARCH ON FRP-RC COLUMNS 

2.3.1 Behavior of FRP-RC Columns under Compression 

Alsayed et al. (1999) did an investigation to measure the influence of longitudinal and transverse 

reinforcement replaced by equal volume of GFRP bars on columns behavior under uniformly 

distributed axial load. This investigation covered tests of 15 rectangular columns. The specimens 

were identical with exception to the longitudinal and transverse reinforcement. The influence of 

reinforcement type on the axial capacity and deformation was studied in this program. 

For the prediction of axial load capacity of columns the authors used modified version of 

available equation in ACI 318-95 (ACI Committee 318 1995): 

For steel-RC columns: 

                               𝑃 = 0.85𝑓′
𝑐
(𝐴𝑔 − 𝐴𝑠𝑡) + 𝑓𝑦𝐴𝑠𝑡      For   ∈𝑠>∈𝑦                    Equation-2.1 

                             𝑃 = 0.85𝑓′
𝑐
(𝐴𝑔 − 𝐴𝑠𝑡) +∈𝑠 𝐸𝐴𝑠𝑡      For   ∈𝑠<∈𝑦              Equation-2.2 

For GFRP-RC columns: 

                               𝑃 = 0.85𝑓′
𝑐
(𝐴𝑔 − 𝐴𝑠𝑡) + 0.6𝑓𝑢𝑓𝐴𝑠𝑡      For   ∈𝑓≥ 0            Equation-2.3 

Comparison of the test results with these equations showed a 10% error in predicting the 

capacity of the columns reinforced with steel longitudinal bars. However, the error for GFRP-RC 

columns was 12%.   
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Due to low stiffness of GFRP bars, the columns tied with GFRP showed similar behavior to that 

having no transverse reinforcement, up to 80% of ultimate capacity. But it was observed that for 

columns under higher loads, GFRP ties were effective in providing lateral confinement and 

reducing lateral expansion. As a result, the columns ultimate capacity was increased. A 

comparison of this behavior can be done with the columns reinforced with steel longitudinal and 

transverse reinforcement in which the later was effective from the start of loading. Particularly 

these specimens showed less axial shortening than the others.  

It was concluded that using GFRP bars the columns capacity was reduced by 13% with 

longitudinal reinforcement and 10% when reinforced with GFRP ties.   

De luca et al (2010) studied the conduct of GFRP bars as longitudinal support in compression 

members. The results indicated that the GFRP-RC specimens carried on likewise to the steel RC 

reinforcement. While the spacing of the ties emphatically affected the failure mode. The 

experimental program consisted of testing full scale GFRP columns under pure axial load. The 

specimens had square cross sections of 24×24 in
2
 (610×610 mm

2
) and length equal to 10 ft (3048 

mm). Total of five specimens were tested. One specimen was reinforced with steel which was 

used as a benchmark. Others were reinforced with GFRP bars. Two different types of GFRP bars 

were used. The significance of using them were to ensure that the GFRP bars performed 

similarly under axial load, irrespective of different manufacturer. It was identified that the 

specimens reinforced with GFRP bars behaved similarly to the specimen reinforced with steel. 

Onset of the failure was due to the vertical cracks followed by the lateral deflection of 

longitudinal reinforcement. This contributed towards the splitting of concrete cover and then 

crushing of the concrete simultaneously with bulking of the bars. 
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It was observed that in all specimens the peak compressive strength of concrete was close to 

0.85f’c, the value defined in ACI 318-08. The average load carried by the longitudinal GFRP 

reinforcement was equal to 2.9 and 4.5% of peak load whereas for the longitudinal steel 

reinforcement it was equal to 11.6% of the peak load. For all GFRP specimens the strain in 

concrete and longitudinal reinforcement was greater than steel reinforced specimens. This was 

due to the fact that the failure of steel reinforced specimen was due to the buckling of 

longitudinal reinforcement rather crushing of concrete. For GFRP reinforced specimens it was 

found that there was relatively low contribution from the longitudinal bars, and the confinement 

provided by the closely spaced ties resulted in crushing of concrete at failure. 

The authors further proposed that closely spaced ties in GFRP reinforced specimens had less 

brittle failure as compared to large tie specimens. Hence the design of transverse reinforcement 

for GFRP-RC columns can't be focused around the same criteria on which prerequisites for 

customary steel transverse reinforcement are based. The brittle failure experienced by GFRP 

reinforced specimens, designed on the basis of ACI 318-08 was found out to be not acceptable 

and further investigation was proposed with more economical and efficient GFRP tie spacing. 

Tobbi et al. (2012) presented an experimental study of the behavior of rectangular GFRP-RC 

columns. Increase in strength and ductility were recorded for the well confined columns. The 

larger the effectively confined concrete area, the higher the confinement efficiency was noted. 

All the specimens had identical cross section. Three different types of configurations were used.  

Double pairs of C-shaped 12.7 mm bars were used in configuration 3. Test results indicated that 

configuration 3 was the most effective configuration. In addition to this it was found that for 

similar configuration and with decreased tie spacing, confinement efficiency was increased. 
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From the axial /stress and lateral strain response of the specimens it was observed that GFRP ties 

significantly increased the ductility and strength of concrete. 

2.3.2 General Design Guidelines 

Paramanatham (1993) performed the pioneer test on the behavior of concrete columns 

reinforced with FRP bars. The main objective of the test was to generate equations for concentric 

and eccentric loaded columns. The specimens which were used in the program were reinforced 

with GFRP bars. 

For the columns subjected to concentric loading (axially loaded), the following equation was 

developed for the axial load capacity.  

                                               𝑃𝑛 = 0.85𝑓′
𝑐
(𝐴𝑔 − 𝐴𝑓)+0.003𝐸𝑓𝐴𝑓                Equation-2.4 

𝑓′
𝑐
: Concrete compressive strength 

𝐴𝑔: Gross cross sectional area 

𝐴𝑓: Area of FRP bars 

𝐸𝑓: Tensile modulus of elasticity of FRP bars 

For eccentric loading case: 

                                                            𝑃𝑛 = 𝐶𝐶 + 𝐶𝐹 + 𝑇𝐹                     Equation-2.5 

Compression force due to concrete: 𝐶𝑐 = 0.85𝑓′𝑐𝛽1𝑎𝑏 

Compression force due to FRP bar: 𝐶𝑓 = 0.5𝐴𝑓 ∈ ′𝑐𝐸𝑓𝑐 

Tension force due to FRP bar: 𝑇𝑓 = 0.5𝐴𝑓 ∈𝑡 𝐸𝑓 
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𝛽1: Ratio of depth of rectangular stress block to depth of neutral axis 

𝑎: Depth of equivalent stress block 

𝑏: Compression face width 

∈ ′𝑐: Compressive strain of FRP bars 

∈𝑡: Tensile strain of FRP bars  

𝐸𝑓𝑐: Compressive modulus of elasticity of FRP bars 

Tobbi et al (2012) determined the ultimate capacity of GFRP-RC columns using equations 

specified by ACI Committee 318 2008 and CSA S806-02. The authors proposed that setting 

compressive strength of GFRP at 35% of the GFRP tensile strength made it possible to 

accurately predict the maximum axial load. They also suggested that more experimental studies 

are needed to determine the compressive strength of GFRP bars. It was found that GFRP bars 

contributed 10% of the total column capacity which was very close to steel’s contribution (12%), 

supporting that GFRP bars could be used as compression reinforcement provided effective 

concrete confinement. 

Column reinforced with FRP bars showed two types of failure: compression failure and brittle 

tension failure. The two failures had been discussed by Choo et al. (2006). The brittle tension 

failure occurs, when the ultimate concrete strain in compression and the ultimate tensile strain of 

the outermost tension FRP bars are reached prior to the column reaching pure flexural strength. 

Whereas the compression failure occurs, when the ultimate concrete strain in compression is 

reached prior to the ultimate tensile strain of the outermost tension FRP bars. Brittle tension 
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failure is sudden and explosive and, therefore, concrete crushing failure is more desirable for 

concrete columns reinforced with FRP bars. 

The approach presented in this paper by the authors stipulated that brittle tension failure of 

concrete columns can be avoided by specifying a required reinforcement ratio designated 

as 𝜌𝑓,𝑚𝑖𝑛. To facilitate the determination of 𝜌𝑓,𝑚𝑖𝑛 interaction diagrams in the form of tensile 

elastic modulus-tensile strain (𝐸𝑓𝑡 − ɛ 𝑓𝑡) were used which were previously developed. The 

authors were of the view that in addition to brittle tension failure, the compression strain of FRP 

bars should also be checked against premature compression failure, by calculating the strains of 

FRP bars based on linear strain distribution and static equilibrium conditions and doing a 

comparison of these strains with ultimate strains. It was recommended that FRP bars with strains 

greater than that of concrete compressive strain (ɛ𝑐𝑢 = 0.003) shall be employed in the 

calculations. It was also mentioned that the analytical methodology presented should be 

complimented by experimental investigations. 

Zadeh and Nani (2013) suggested considering GFRP bars as reinforcement for concrete columns 

subjected to both axial and flexural loads. They provided guidelines for the design of GFRP-RC 

columns similar to those in practice of steel-RC columns. The ultimate tensile strain for GFRP 

bars exceeds 0.02, which may cause unacceptable large deformations if the full tensile capacity 

of the bars is reached. Therefore, the authors proposed limiting the maximum strain in the GFRP 

bars to 0.01.  

Considering all the previous theoretical approaches, the authors suggested the following set of 

limitations for the spacing of transverse reinforcement; 𝑠𝑚𝑎𝑥= Min (least dimension of column, 

12 longitudinal bar diameter, 24 tie bar diameters), noting that to be more conservative 
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𝑠𝑚𝑎𝑥=12𝑑𝑏. In the computation of flexural stiffness for steel-RC structures, certain modifications 

were made to account for cracks. As GFRP has different mechanical properties so these 

modifications need to be adjusted for GFRP reinforcement. The proposed flexural stiffness for 

GFRP-RC columns was as: 

                                          𝐼𝑐𝑜𝑙𝑢𝑚𝑛 = [0.40 + 0.30 (
𝐸𝑓

𝐸𝑠
)]𝐼𝑔 ≤ 0.70𝐼𝑔               Equation-2.6 

On the basis of previous research done it was stated that, to neglect the slenderness effect for 

columns in a sway frame the slenderness ratio (𝑘𝑙𝑢/𝑟) should be less than 17. The authors 

proposed their own similar limit change in the article as follow: 

                                                 
𝑘𝑙𝑢

𝑟
≤ (

𝑘𝑙𝑢

𝑟
)

𝑚𝑎𝑥
= 34 − 12(

𝑀1

𝑀2
) ≤ 40                Equation-2.7 

Where 𝑀2 is larger end moment; and  𝑀1 is smaller end moment obtained by an elastic frame 

analysis, and the ratio 
𝑀1

𝑀2
 is positive if column is bent in single curvature, negative if bent in 

double curvature. 

To plot the interaction diagrams for the rectangular columns the authors assumed compressive 

forces to be positive and moment applied around the center line “C.L”. Few critical points were 

located to construct the interaction diagram, and the succession of points was maintained 

according to the level of axial load: from maximum tensile load to maximum compressive load 

or equally according to x, the location of neutral axis (N.A.) from -∞ to +∞. 

The critical points are listed here: 

1. 𝑥 = -∞ 

2. 𝑥= 0 
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3. 𝑥𝑏 ≤ 𝑥 ≤d 

4. 𝑑 < 𝑥 ≤ ℎ 

5. 𝑥 = +∞ 

2.4 EARTHQUAKE RESISTING COLUMNS 

2.4.1 Research on Steel RC-Columns Subjected to Cyclic Loading 

The ability of structures to deform in a ductile manner is a major factor considered in the design 

of earthquake resistant structures. The energy induced from earthquake, is dissipated by post 

elastic deformation, when subjected to cyclic load reversals. However, the actual behavior of 

reinforced concrete members have a significant reduction in stiffness due to applied load 

reversals. Reduction in stiffness increases the deformation until the flexural strength is reached.  

This section presents a summary of major parameters that affect the performance of steel-RC 

columns under seismic loading. 

2.4.1.1 Effect of confinement  

Ozcebe et al. (1987) studied the effect of confinement in concrete columns subjected to 

simulated seismic forces. The test variables used were the stirrup spacing and confinement 

configuration. Four full-size columns were tested under simulated seismic loading. The 

specimens represented the column between the foundation and the inflection point. Lateral load 

reversals were applied by two 250 kN capacity actuators, in addition to two 500 kN capacity 

hydraulic jack which applied the axial compression. Three configurations were used for 

transverse reinforcement. The first configuration (labeled Type A) had closed perimeter hoops 

with 135 degree end hooks, which extended at least 10 times the diameter of the stirrup into the 
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confined core. The other two configurations included crossties (C-shaped stirrups) either with 

135 degree hooks at both ends (Type B) or with a crosstie having a 90 degree hook at one end. 

The test results showed that the specimen having Type B stirrup configuration, showed superior 

behavior with stable hysteresis loops (insuring ductile behavior of columns) as compared to 

specimens having Type A and Type C stirrup configuration, but with similar spacing.  

Saatcioglu et al. (1992) investigated the strength and ductility of confined columns based on the 

analytical models of a wide range of substandard and well-confined columns. It was concluded 

that the deformability of the RC-column is affected by the behavior of longitudinal and 

transverse reinforcement. As long as concrete cover is not spalled off, the longitudinal bars 

didn’t showed any sign of buckling, however, when the concrete was spalled off, the longitudinal 

bars were susceptible to buckling. On the other hand, the transverse reinforcement provided 

lateral support to the longitudinal bars which restrain the lateral expansion. 

Watson et al. (1994) studied the quantity of confinement of the concrete core, which works 

efficiently in achieving a certain ductility level in the plastic hinge region. It was reported that 

the quantity of transverse reinforcement increases significantly, for a particular curvature 

ductility factor when the axial load ratio increased. The reason for this is that when the axial-load 

ratio is high, the flexural strength of columns was more dependent on the concrete compressive 

strength and stress distribution. In addition, the quantity of transverse reinforcement increased 

when the longitudinal reinforcement ratio decreased because the flexure strength of the column 

was more dependent on the concrete compressive strength. Furthermore, it was mentioned that 

the quantity of transverse reinforcement was increased when the concrete-cover thickness ratio 
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was increased. The reason is that, when concrete cover thickness ratio is high, the column loses 

significant flexural strength when the cover spalls off. 

2.4.1.2 Effect of Axial Load  

Rabbat et al. (1986) studied the behavior of concrete columns subjected to simulated seismic 

forces; one of the major variables was the effect of column axial load. The study was conducted 

by testing sixteen full scale columns. A constant axial load was applied before the application of 

cyclic loading. When the specimens survived the basic loading cycles, higher axial load was 

applied in addition to cyclic load reversals. This sequence was adopted to provide a severe test, 

and not to represent a specific major earthquake. 

It was observed that, during the basic loading cycles (10% of the column axial capacity), a large 

amount of ductility was observed which was indicated by the hysteretic loops. Even at 20% 

column axial capacity, adequate energy was dissipated and confining hoops performed equally 

acceptable performance. However, at 30% column axial load capacity, the dissipated energy was 

decreased with increased flexure capacity. The increase in the axial load accelerated the 

degradation which occurred to the column. 

Saatcioglu et al. (1992) investigated the response of RC columns subjected to cyclic loading. 

The column geometry was selected such that flexure yielding occurs prior the premature shear 

failure. The effect of constant axial load (600 kN) was investigated by testing four columns (D1, 

U1, D2, and U2), having same design strength and reinforcement arrangement. Specimens D1 

and U1 were tested under zero axial load. It was concluded that column subject to constant axial 

load showed a reduction in ductility and accelerated strength and stiffness degradation, however, 
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the flexural capacity was increased. The use of proper confinement was reported to be effective 

in improving the ductility of column subjected to axial load and cyclic load reversals. 

2.4.1.3 Effect of lap splices  

The behavior of lapped splices under cyclic loading is very different from that under monotonic 

loading. Structural strength is of more concern than the ability to counter lateral displacement 

under monotonic loading. But for seismic loading strength and ductility of the structure are both 

equally important. The structure must resist the lateral drift in case of seismic activity. Thus 

under cyclic loading the total energy dissipated and absorbed by the lap splices is of primary 

concern. 

Many researchers have studied the effect of cyclic loading on contact steel reinforced lap splices. 

One of the earliest studies relevant to this research was carried out by Paulay et al. (1981). They 

investigated the behavior of contact lap splices, in high moment (end) regions of RC-columns of 

multi-story frame, subjected to reversed cyclic loads. The study was carried out by testing ten 

column specimens with octagonal or square cross-sections, to failure. Splice lengths ranged from 

22.5 to 32 longitudinal bar diameters. The columns were designed in accordance with Draft New 

Zealand Code for the Design of Reinforced Concrete Structures, DZ 3101-1980. The objective of 

this study was to assess if lap splices in columns can sustain seismic loading, and whether the 

code requirements with respect to confinement were satisfactory. The results were conclusive, 

demonstrating that lap splices can be used in high moment regions of multi-story columns, 

possibly subjected to seismic loading (reversed cyclic loads). Furthermore, it was concluded that 

splice lengths obtained in accordance with the Draft New Zealand Code (DZ 3101-1980), which 

followed the recommendations of ACI Committee 408 (1979) very firmly, were adequate. 
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Lukose et al (1982) studied that the repeated and reversed cyclic flexural loading imposes severe 

demands on the strength and ductility of anchorage and lap splice regions in RC structures. The 

experimental program was divided in four stages. First two stages involved the study of beam 

splice and the later stages were extended to study column splices. Splice length were initially 

based on ACI committee 408 (1979). The lengths ranged from 24 to 45 bar diameters. The 

research on column splice was carried mainly to study the relationship between spacing of 

transverse reinforcement and splice length of longitudinal bars. Some of the parameters studied 

in this study are summarized below: 

The most significant area of this research was the evaluation of transverse reinforcement as a 

confinement. It was found that multiple stirrups at the spliced ends sustained high loads for 

monotonic loading cases but for cyclic loading the yield penetrates into the splice pass the heavy 

reinforcement and so it is less effective. Uniformly distributed stirrups, at the splice region was 

proposed for adequate resistance.  

Stirrups below yield improve splice strengths and ductility. The rate of increase of the stirrup 

strain with the main bar strain in the cyclic tests can be reduced by increasing the total area of 

stirrups either by using large diameter for stirrups or closer spacing. It was found that the amount 

as well as the distribution of steel is also important for increasing splice strength. These tests 

revealed that closely spaced stirrups were preferable to large bar diameters. Stirrups reduced the 

cover splitting cracks. 

Test observations clearly indicated that the splice performance was always better in the presence 

of shear in beams and columns specimens. The reason is that damage propagates from both ends 

under uniform (constant moment) whereas failure initiates from high moment end in the 
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presence of lateral load. The greater the shear due to applied lateral load, the larger will be the 

moment gradient and hence there will be reduced interaction between the splice on both ends. 

The column test specimens had showed the likelihood of two unique sorts of failures for shear 

specimens depending upon the distribution of transverse reinforcement. Concrete splitting failure 

for average amount of transverse reinforcement in splice region, and closely spaced at high 

moment region. However to prevent the splitting failure, specimens in which very closely spaced 

transverse reinforcement, and splice length of 40 times the longitudinal bar diameter was 

provided, failure occurred through a localized shear dowel type deterioration. 

2.4.2 Behavior of FRP-RC Columns Subjected to Seismic Loading 

2.4.2.1 Effect of transverse and longitudinal reinforcement 

Sharbatdar (2003) studied the behavior of CFRP-RC columns under cyclic loading. Ten column 

specimens were tested; all had a cross section of 355 mm square cross section. The specimens’ 

height represented a portion between the footing and point of inflection. To simulate the seismic 

loading, two actuators were used to apply axial compression load, while the ± 250-mm stroke 

actuator was used to apply the lateral load. The axial load was applied first and was kept constant 

during the test. The lateral deformation reversals were applied starting with three cycles at 0.5% 

drift ratio, followed by three cycles with incremental increase of the drift ratio by 0.5% until the 

columns had sudden strength decrease. 

To study the effect of transverse reinforcement, four short columns were tested with two levels 

of grid spacing (88 and 175 mm). Four short columns were divided in two pairs; one pair with an 

8-bar arrangement and the other with 12-bar arrangement. The specimen with long shear span 

and 8-bar arrangement showed 16% increase in flexural capacity due to reduced grid spacing, 
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and 200% improvement in lateral drift. On the other hand, long columns with 12-bar 

arrangement did not show a higher improvement than the previous case due to lower 

deformability. In case of the short columns, reducing the grid spacing did not have a significant 

effect on column strength; however the column with closer grid spacing had an improved 

deformability. 

Tavassoli et al. (2015) investigated the effect of spiral confinement on GFRP-RC circular 

columns.  The column specimens had 356 mm diameter and 1473 mm cantilever length. The 

column specimens represented the column between the sections of maximum moment and zero 

moment in a structure. The transverse reinforcement in the test region of the column consisted of 

12 or 16 mm (0.47 or 0.63 in.) diameter GFRP spirals at specified spacing. The specimens were 

tested under constant axial load and quasi-static lateral cyclic displacement (seismic loading). It 

was reported that, the GFRP transverse reinforcement (despite being softer than steel at small 

strain) continue to provide increasing confinement until the column failure. As expected, column 

under higher axial load showed greater hoop strains. Moreover the maximum recorded spiral 

strains before column failure indicated that, GFRP spirals were able to provide increasing 

confinement to the core, while the maximum strain was significantly less than the rupture strain. 

The average maximum spiral strain for the columns was about four times the steel yield strain 

before failure.  

Ali and El-Salakawy (2016) studied the effect of stirrup spacing on the rectangular GFRP-RC 

columns (350 mm square cross section). Three columns with different stirrup spacing; 75 mm, 

100 mm, and 150 mm were tested. It was reported that, decreasing the stirrup spacing enhanced 

the strength and deformability of the columns. The specimen with 75 mm stirrup spacing showed 

26% more lateral resistance, compared to other two specimens, with 200% increase in the drift 
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capacity at failure. This improvement was attributed to the sufficient lateral resistance to the 

expansion of concrete core confined by the closely-spaced stirrups. Moreover the arching action 

was observed vertically between the Transverse reinforcement and horizontally between the 

longitudinal bars. Accordingly, by reducing the stirrup spacing, greater volume of confined 

concrete was achieved, which enhanced the deformability and strength of the column. However 

all three specimens showed similar level of absorbed energy due to high elasticity of longitudinal 

bars.  

Three columns with different reinforcement ratio; 1.3, 1.9 and 2.6, were tested under seismic 

loading. The objective was to study the effect of longitudinal reinforcement ratio. It was 

observed that the lateral resistance increased by increasing the longitudinal reinforcement ratio. 

However, it affected adversely to the drift capacity of the columns due to increased stiffness. As 

a result, specimens with higher longitudinal reinforcement ratio showed relatively lower 

cumulative energy dissipation. Furthermore, measured strain in the specimen (having 1.3 

longitudinal reinforcement ratio) was maximum, 47% of the ultimate tensile strain. The higher 

strains developed explained the enhanced deformability. 

2.4.2.2 Effect of axial load 

Sharbatdar (2003) studied the effect of axial load on CFRP-RC columns under cyclic loading. 

Two different constant values of axial load were applied on the short columns (shear dominant, 

having 1280 mm shear span). Four short columns were divided in two pairs; one pair with an 8-

bar arrangement and the other with 12-bar arrangement. The first pair of columns (8 bar 

arrangement) were loaded constantly with 33% and 17% of their concentric capacity. It was 

observed that column under higher axial load; experienced 25% more lateral force, however, the 

deformability of the column was reduced when compared with column under lower axial load, 
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which developed 50% higher drift ratio. Similar loadings were applied to the second pair of 

columns. The column under lower axial load showed 50% more inelastic deformability than the 

column under higher axial load, confirming earlier observations. 

Tavassoli et al. (2015) studied two levels of column axial load, 0.27𝑃° 𝑎𝑛𝑑 0.42𝑃° where 𝑃° is 

the nominal axial load capacity of concrete. It was observed that the plastic hinge zone (most 

damaged zone) was greater with high axial load indicating wider spread of concrete damaged 

zone.  The effect of axial load on column ductility was more visible on well-confined specimens. 

For] example, Column under lower axial load of 0.27𝑃°  achieved a displacement ductility factor 

𝜇∆ of 6.8 while the similar Column, carrying an axial load of 0.42𝑃° showed  𝜇∆ of 5.8. 

Ali and El-Salakawy (2016) investigated the effect of axial load level on the performance of 

GFRP-RC columns (350×350 𝑚𝑚2 cross-sections). Three different axial load levels, 0.1𝐴𝑐𝑓′𝑐, 

0.15𝐴𝑐𝑓′𝑐 or 0.2𝐴𝑐𝑓′𝑐, were applied simultaneously with seismic loading on the columns. The 

lateral load-drift responses showed that specimens under higher axial load developed early lateral 

strength followed by strength degradation before failure. Moreover, specimen under 0.1𝐴𝑐𝑓′𝑐 

axial load developed 200% more drift capacity compared to other two specimens. The strains 

developed in specimens under higher axial load were larger, contrary to specimen under lower 

axial load at failure.  Also, there was excessive damage in the inelastic deformability hinge in the 

specimens with the higher axial load, which was supported by the unstable rotation of the plastic 

hinge zone. 

2.4.2.3 Behavior of GFRP lap splices under seismic loading 

Virtually no research data is available to evaluate the effects of lap splice on the behaviour of 

GFRP-RC columns. However, limited research findings were gathered from Hasaballa (2015). 
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This research was aimed to study the behavior of exterior beam-column joints subjected to 

seismic loading. The researcher stated that, one of his beam-column specimens (designed to 

study the anchorage detailing of longitudinal beam reinforcement inside the joint) was reinforced 

with longitudinal bent bars that were not long enough to cover the whole length of the beam, due 

to some manufacturing restriction at the time of construction. As a result beam longitudinal 

reinforcement was spliced within the beam length. Because no previous research was available in 

this subject, accordingly, the manufacturer recommendation of using 40 times the longitudinal 

bar diameter-splice length was used. The test results for that specimen showed no compatibility 

between the lateral load resistances in the reversed loading directions. The specimen failed to 

achieve its lateral load capacity. Vertical splitting cracks were observed in the concrete cover 

which was attributed to the slippage failure of the spliced bars. As the results were not 

satisfactory, it was decided to disregard that specimen and reconstruct it using full-length longer 

longitudinal bent bars that had been made available at later time. 

2.4.3 Performance of Steel Fiber Reinforced Concrete  

Steel fiber-reinforced concrete (SFRC) is composed of traditional constituents of plain (normal) 

concrete and randomly dispersed distinct steel fibers. Compared to the compressive strength of 

plain concrete, its tensile strength is very weak. The addition of steel fibers results in significant 

improvement in the tensile behavior of plain concrete, and enhances the post-cracking strength 

and ductility. This improvement of tensile behavior is attributed to the ability of steel fibers to 

bridge and control the crack propagation. Moreover, the maximum compressive strength of 

SFRC and plain concrete is essentially similar. Nevertheless, SFRC has a higher toughness than 

regular concrete in compression. When the concrete cylinders are subjected to compression 

forces, the outward expansion of the sides induces tensile forces within the sample. This 
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expansion causes the regular concrete cylinder to fail in a brittle manner. The addition of steel 

fibers increases the resistance to these internal tensile forces and improves the post-cracking 

behavior (Aoude 2007). 

Two main characteristics which affect the performance of SFRC are: fiber aspect ratio and the 

fiber content. The ratio of the length of the fiber (Lf) and the diameter of the fiber (df) is known 

as aspect ratio (i.e. Lf/ df). Increasing the aspect ratio of the steel fibers enhances the mechanical 

properties of SFRC; however, workability of the SFRC in the fresh condition is reduced 

(Gopalaratnam and Shah 1986). Considering the content in the concrete mix, quantities greater 

than 0.5% are effective for most structural applications. However, fiber content above 1% can 

reduce the workability during concrete mix and placement (Aoude 2007).  

2.4.3.1 Structural behavior of steel fiber reinforced concrete members 

The construction of load carrying structural members by SFRC is not very common, due to the 

lack of reliable prediction models and design guidelines for engineers. Despite this fact, several 

researchers have studied the behavior of SFRC members, which takes into account parameters 

that influence confinement effectiveness, fiber volumetric ratio, and bond strength and anchorage 

of reinforcing bars embedded in SFRC. Some of the researches on SFRC columns are 

summarized in this section. 

Aoude et al. (2009) tested SFRC concrete columns under constant axial load. They used varying 

amount of hooked-end steel fibers (0% ≤ vf ≤ 1.5%), with different transverse reinforcement 

spacing. The results showed that the addition of 1% by volume (vf = 1.0%) steel fibers resulted in 

superior performance of column which had transverse reinforcement spacing of 240 mm, 

compared to the regular concrete column specimen with double the amount of stirrups (confined 
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with 120 mm stirrup spacing). In addition, the SFRC column specimen was able to higher peak 

loads, with improved post-peak response. 

An experimental and analytical study was carried out by Aviram et al. (2014) on circular high-

performance fiber reinforced concrete (HPFRC) bridge columns. The specimens were subjected 

to bidirectional cyclic loading. The HPFRC material was reinforced with 1.5% volumetric 

fraction of hooked steel fibers with a length of 30 mm. the results showed that HPFRC column 

specimen exhibited enhanced damage tolerance compare with geometrically identical regular 

steel-RC specimen. Damage was minor in the HPFRC column with no spalling despite 

experiencing relatively large drift reversals, compared to regular concrete specimen.  

2.4.3.2 Bond performance of GFRP bars in steel fiber reinforced concrete 

To predict the bond behavior between the GFRP bar and concrete, there is not yet a formulation 

that has a large acceptation of the technical and scientific committees. Also, due to the low 

modulus of elasticity and difference in surface characteristics, the GFRP bar develops 

significantly less bond stress, as achieved by steel reinforcement. Mazaheripour et al. (2012) 

studied the bond performance of the GFRP bars in SFRC. The experimental program consisted 

of 36 pullout bending tests. The test results showed that the development length higher than 20 

db was sufficient for the GFRP bars embedded in SFRC, to attain the ultimate tensile strength. 

Splitting failure never occurred regardless of the surface treatment (ribbed versus sand coated) 

and bar diameter (8 mm and 12 mm). The fiber bridging mechanism avoided the degeneration of 

micro into macro-cracks. It is expected that the use of SFRC in deficient lap spliced GFRP 

columns can avoid the splitting-bond failure, because of enhanced GFRP bar to concrete 

behavior. Similar to conventional transverse reinforcement, the presence of steel fiber in plain 
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concrete will increase the ductility of bond failure and improve the development/splice strength 

with plain concrete under cyclic load reversals. 

2.4.4 Feasibility of Using FRP-RC Columns in Seismic Regions 

Recently, experimental instigations have been conducted to verify behavior of different concrete 

elements reinforced with FRP. Usually, behavior of individual FRP-RC members is investigated 

in these studies. However, it is assumed that more researches should be conducted to study the 

seismic performance of FRP-RC members, especially columns. FRP materials’ linear elastic 

stress-strain relationship of materials and lower modulus of elasticity, results in significantly 

different stiffness, damping and dissipation characteristics for FRP-RC members. 

The amount of energy dissipation is one of the main parameters resulting in satisfactory seismic 

performance. The area under the moment-curvature graph represents the magnitude of the 

dissipated energy. Due to significant ductility in steel, steel-RC members exhibits desirable 

energy consumption. This phenomenon is not applicable for FRP-RC members, which behave in 

linear elastic manner up to failure. However, FRP-RC members experience large deformation 

prior to failure, due to low elastic modulus and high strength. The term “deformability” is used to 

characterize this large deformation. 

The brief review of the researches in the previous sections (Sharbatadar 2003, Tavassoli et al. 

2015 and Ali and El-Salakawy 2016) concludes that: 

 FRP-RC columns showed stable response and adequate drift capacity under seismic 

loading. 

The FRP-RC columns can successfully sustain the gravity loads in the presence of the seismic 

excitations. 
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CHAPTER 3 – PROPOSED DESIGN PROCEDURE 

3.1 INTRODUCTION 

Lap splices in RC structural elements are required to: (1) suit concreting schedule; (2) satisfy the 

limited lengths of the reinforcing bars; (3) facilitate the continuation to smaller diameter bars at 

upper storeys where reduction in loads is expected. In columns, lap splices are under 

compression due to the axial load but in the event of an earthquake, they are one of the weakest 

locations. Both compression and tensile stresses are being developed along the length of lap 

splice under seismic loads. The behavior of lap splices particularly in GFRP-RC columns 

depends on many parameters including the following: 

 Properties of GFRP reinforcing bars 

 Concrete strength 

 Concrete cover thickness 

 Splice length of longitudinal GFRP reinforcement 

 Level of axial load 

 Amount and spacing of transverse GFRP reinforcement (ties) 

However, lack of detailed design guidelines of GFRP reinforcement limits the provision of lap 

splices in GFRP-RC members, such as columns. Therefore, the design of the lap spliced GFRP-

RC specimens was conducted based on the available recommendations of previous studies (Choo 

et al. 2006; Hasaballa 2014; and Ali 2015) and some relevant clauses in CSA/S806-12 (CSA 

2012) and CSA/S6-14 (CSA 2014a), where applicable.  
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3.2 DETAILS OF PROPOSED METHOD 

3.2.1 Design for Flexure 

As mentioned in the literature review, the flexural behavior of FRP-RC members is comparable 

to those reinforced with steel. However, FRP differs in some mechanical properties from steel, 

such as linear stress-strain relationship and low compressive strength which should be accounted 

for in the design procedure. The assumptions made for the design of FRP-RC members are: 

1. Plane sections remain plane after bending, so that the strain in concrete and steel 

remain proportional to the distance from the neutral axis. 

2. Perfect bond exists between the reinforcement and surrounding concrete. 

3. The tensile strength of concrete can be neglected. 

4. The compressive strength of FRP bars is neglected. 

5. FRPs stress-strain relationship is linear elastic up to failure. 

6. The compression strain in concrete at failure is 0.0035 

Brittle or sudden failure is avoided in steel-RC sections by utilizing large deformations caused by 

yielding of steel. Because of FRP’s linear behavior, CSA S806-12 (CSA 2012) proposed flexure 

design of FRP-RC sections based on compression failure through crushing of concrete. Due to 

inelastic behavior of concrete before crushing, this mode provides better deformability, 

compared to the brittle failure of FRP bars due to rupture. 

Generally, three different flexure modes of failure are defined for FRP-RC section: 

1. First is the hypothetical case, regarded as balanced mode of failure. The outermost FRP 

reinforcement layer and the outermost compression block fibre attain their ultimate 
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strains simultaneously. The provided reinforcement ratio is defined as balanced 

reinforcement ratio (𝜌𝐹𝑅𝑃,𝑏). 

2. The axial-moment interaction behavior of FRP-RC columns may exhibit failure before 

the strength interaction reaches a pure bending condition. This failure is classified as 

brittle-tension failure. It happens when the outermost FRP reinforcing bars reach the 

ultimate strain in tension (𝜀𝐹𝑅𝑃,𝑢) before the outermost concrete fibre reaches the limiting 

strain in compression (𝜀𝑐𝑢= 0.0035). FRP-RC columns are susceptible to this type of 

failure when low reinforcement ratios are provided.  

3. To avoid having brittle tension failure, a reinforcement ratio (𝜌𝐹𝑅𝑃) larger than the 

balanced ratio (𝜌𝐹𝑅𝑃,𝑏) should be provided in the column (Hasaballa 2014). In this case, 

outermost compression block fiber will reach its ultimate compressive strain (𝜀𝑐𝑢= 

0.0035), before the outermost FRP reinforcement layer reaches its ultimate tensile strain 

(𝜀𝐹𝑅𝑃,𝑢). 

The balanced reinforcement ratio is calculated by: 

 𝜌𝐹𝑅𝑃,𝑏 =∝1 𝛽1
𝜑𝑐

𝜑𝐹𝑅𝑃

𝑓′
𝑐

𝑓𝐹𝑅𝑃,𝑢
(

𝜀𝑐𝑢

𝜀𝑐𝑢+𝜀𝐹𝑅𝑃,𝑢
) =

𝐴𝐹𝑅𝑃

𝑏𝑤𝑑
 Equation 3.1 

𝜌𝐹𝑅𝑃,𝑏: FRP balanced reinforcement ratio (%) 

 𝜑𝐹𝑅𝑃: FRP reinforcement resistance factor 

𝑓𝐹𝑅𝑃,𝑢 : Ultimate tensile strength of FRP reinforcement 

𝜀𝑐𝑢 : Ultimate compressive strain of concrete 

𝜀𝐹𝑅𝑃,𝑢 : Ultimate tensile strain of FRP bars 
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𝐴𝐹𝑅𝑃 : Area of FRP longitudinal reinforcement 

The Equation 3.1 is only applicable for sections with single layer of reinforcement. Contrary to 

steel-RC section, multiple layers cannot be converted to one single lumped layer. Tensile stress 

of each layer should be considered separately in the design. The stress in a FRP layer can be 

calculated as follows: 

 𝑓𝐹𝑅𝑃 =
1

2
𝐸𝐹𝑅𝑃𝜀𝑐𝑢((1 +

4𝛼1𝛽1𝜑𝑐𝑓′𝑐

𝜌𝐹𝑅𝑃𝜑𝐹𝑅𝑃𝐸𝐹𝑅𝑃𝜀𝐹𝑅𝑃
)0.5 − 1) Equation 3.2 

The major concern while designing the RC-members is to avoid sudden failure. In steel-RC 

members this can be achieved when reinforcement yield before concrete crushes. Due to FRP’s 

linear behavior CSA/S806-12 (CSA 2012) suggested a design based on compression failure. In 

this mode, concrete due to its inelastic behavior before crushing, fails compared to the brittle 

failure of FRP.  

The minimum and maximum reinforcement ratio shall be 0.01 times the gross area and 0.08 

times the gross area, respectively. The upper limit is set to avoid reinforcement congestion, 

whereas the lower limit is set to provide sufficient reinforcement which can resist sustained 

service loads, as load acting on concrete due to creep and shrinkage is transferred to the 

reinforcement. It should be noted that, the minimum and maximum reinforcement ratio for steel 

is exactly the same as in case of FRP reinforcement. For steel-RC columns the lower limit was 

established to prevent steel reinforcement from yielding under sustained service loads. 

Nevertheless, this lower reinforcement ratio limit of 1% is high, but reasonable as FRP 

reinforcement have ultimate tensile strength approximately three times higher than steel.  

  The maximum axial load resistance 𝑃𝑟,𝑚𝑎𝑥 of tied columns shall be 
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                                                            𝑃𝑟,𝑚𝑎𝑥 = 0.80𝑃𝑟𝑜                         Equation-3.3 

The applied axial load on the FRP-RC columns has significant effect on the flexural strength of 

its cross section (Choo et al. 2006). To consider this effect axial load – moment interaction 

diagram were established, to estimate the flexural strength of the cross section under specified 

(applied) axial load. 

It should be mentioned here that neither CSA/S806-12 (CSA 2012) nor ACI-440-15 (ACI 

Committee 440 2015) has guidelines to obtain load moment interaction (P-M) diagrams for FRP-

RC columns. The interaction diagrams for the specimens in this program were obtained 

according to the procedure introduced by Choo et al. (2006) as stated earlier in Chapter 2. This 

procedure has been used by Hasaballa (2014) and Ali (2015) in the previous studies on the 

seismic behavior of GFRP-RC exterior beam-column joints and columns, respectively. 

The axial load-moment interaction diagram for steel-RC column section is shown in Figure 3.1. 

Three distinct points can be identified in the interaction diagram: pure axial; balanced point; and 

pure moment. The interaction diagram has following features: 

 From pure axial to balanced point, reduction of axial load causes increase in the moment 

capacity.  

 This is followed by decrease in axial load and moment capacity simultaneously, from the 

balanced point to pure flexure stage. 

As stated above, based on the assumptions and proposed design guidelines for FRP-RC columns, 

theoretical interaction diagrams for FRP-RC columns were produced, shown in Figure 3.2. Type 

of FRP reinforcement (GFRP) and mechanical properties were also considered for developing 
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the diagrams. The outline of the interaction diagram for both RC column sections (steel and 

GFRP), was similar.  

Following observations were made for load-moment interaction diagram of FRP-RC column 

cross section: 

 The interaction between the load and the moment was not explicit, contrary to steel-RC 

column cross section. From pure axial to balanced condition, steel-RC column cross 

sections show increase in moment strength accompanied by reduction in axial load 

capacity, and then decrement of both axial load and moment from balanced to pure 

bending. However, for GFRP-RC column cross section, there was insignificant decrease 

in the moment capacity with decrease in axial load, from pure axial to pure bending 

condition (Figure 3.2). Moreover, increase in the moment capacity with decrease in axial 

load is much more probable with greater reinforcement ratio, 𝜌𝐹𝑅𝑃 ≥ 3% (Choo et al. 

2006). 

 GFRP strength interaction did not showed any balanced point due to its linear 

stress/strain behavior. 
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Figure 3.1 - Strength (P-M) interaction diagram of steel-RC column cross section. 

 

Figure 3.2 - Strength (P-M) interaction diagram of GFRP-RC column cross section. 
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3.2.2 Design for Shear 

With reference to clause 8.4.4.5 CSA/S806-12 (CSA 2012), shear resistance of the concrete is: 

𝑉𝑐 = {0.05λ𝜑𝑐𝐾𝑚𝐾𝑟(𝑓′𝑐)
1

3𝑏𝑤𝑑𝑣}𝐾𝑠𝐾𝑎(1 −
0.3𝑁𝑓

14𝐴𝑔
)  Equation-3.4 

Where: 

𝐾𝑚: Coefficient taking into account of the effect of moment at section on shear strength. 

𝐾𝑟: Coefficient taking into account of the effect of reinforcement rigidity on its shear strength. 

𝐾𝑎: Coefficient taking into account of the effect of arch action on member shear strength. 

𝐾𝑠: Coefficient taking into account of the effect of member size on its shear strength 

𝑁𝑓: Factored axial load normal to the cross-section occurring simultaneously with 𝑉𝑓 including 

compression. 

𝑉𝑐 Should be greater than 0.11λ𝜑𝑐√𝑓′𝑐𝑏𝑤𝑑 and less than 0.22λ𝜑𝑐√𝑓′𝑐𝑏𝑤𝑑 

The factored shear resistance of FRP transverse reinforcement is given by: 

𝑉𝑓 =
0.4φfAFvffudv

s
cotθ  Equation-3.5 

Where: 

𝑑𝑣:  Effective shear depth (greater of 0.9 d or 0.72 h) 

𝑓𝑓𝑢:  Ultimate strength of FRP reinforcement (Should not be greater than 1200 MPa or 0.005 E) 

S: Spacing of shear reinforcement 
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𝐴𝑓𝑣,𝑚𝑖𝑛: Minimum area of transverse FRP reinforcement. 

The minimum shear reinforcement should not exceed: 

𝐴𝑓𝑣,𝑚𝑖𝑛 = 0.07√𝑓′𝑐
𝑏𝑤𝑠

0.4ffu
                             Equation-3.6 

The spacing of FRP ties shall not exceed the least of the following dimensions:  

 16 times the diameter of the smallest longitudinal bars or the smallest bar in a bundle;  

 48 times the minimum cross-sectional dimension (or diameter) of FRP tie or grid;  

 The least dimension of the compression member; or  

 300 mm in compression members containing bundled bars.  

According to Clause 12.7.3.4 (provision for seismic design), transverse reinforcement shall be 

spaced at distances not exceeding the least of the following:  

 One-quarter of the minimum member dimension;  

 150 mm; or  

 6 times the diameter of the smallest longitudinal bar.  

3.2.3 Provisions for Development Length and Lap Splice Length in Codes 

The length of a bar anchored in a concrete, in which the bar stress can be developed from zero to 

the required tensile stress in the bar (for FRP reinforcement) or from zero to the yield strength, 𝑓𝑦 

(for steel reinforcement), is known as development length. It is the shortest length which will 

prevent the bond failure between the bar and concrete. Following are the equations proposed in 

different design codes, to calculate the development length for the FRP bars. 
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3.2.3.1 Canadian standards association CSA/S806-12  

To determine the development length, Canadian Standards Association CSA/S806-12 (CSA 

2012) recommends the following equation: 

 𝑙𝑑 = 1.15
𝑘1𝑘2𝑘3𝑘4𝑘5

𝑑𝑐𝑠

𝑓𝑓

√𝑓′
𝑐

𝐴𝑏  Equation-3.7 

 But, 𝑑𝑐𝑠 ≤ 2.5𝑑𝑏 and √𝑓′
𝑐
 ≤ 5 MPa 

Where, 𝑙𝑑 = development length of FRP bar (mm); 𝑘1 = bar location factor (1.3 for horizontal 

reinforcement placed so that more than 300 mm depth of fresh concrete is cast in the member 

below the development length or splice); 𝑘2 = concrete density factor ( 1.0 for normal density 

concrete); 𝑘3 = bar size factor(0.8 for 𝐴𝑏 ≤ 300 𝑚𝑚2  and 1.0 for 𝐴𝑏 > 300 𝑚𝑚2); 𝑘4 = bar 

fibre factor (1.0 for GFRP); 𝑘5 = bar surface profile factor (1.0 for sand coated surfaces); 𝑑𝑐𝑠 = 

the smaller of the distance from the closest concrete surface to the center of the bar being 

developed, or two-thirds of the center to center spacing of the bars being developed (mm); 𝑓𝐹 = 

design stress in FRP tension reinforcement at ultimate limit state (MPa); 𝑓′𝑐 = specified 

compressive strength of concrete (MPa); and 𝐴𝑏 = area of individual bar (𝑚𝑚2). 

The bond strength can be expressed as: 

 𝜏𝐹 =
𝐴𝑏∆𝑓𝑓

𝜋𝑑𝑏𝑙𝑑
=

𝑑𝑏∆𝑓𝑓

4𝑙𝑑
  Equation-3.8 

Where, 𝜏𝐹 = average bond stress; 𝐴𝑏 = area of the FRP bar; ∆𝑓𝑓 = change in tensile strength 

along the length of the bar; 𝑑𝑏 = diameter of the bar; and 𝑙𝑑 = development length. 

Substituting Equation-3.7 into Equation-3.8, following expression of the average bond strength is 

produced: 
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  𝜏𝐹 =
𝑑𝑐𝑠√𝑓′

𝑐

1.15𝑘1𝑘2𝑘3𝑘4𝑘5𝜋𝑑𝑏
 Equation-3.9 

According to Equation-3.9, it can be concluded that the average bond strength is dependent upon 

concrete cover, concrete compressive strength, bar location, concrete density, bar size, bar fibre, 

bar surface profile, and diameter of the bar. 

The lap splice length shall be 1.3𝑙𝑑  where 𝑙𝑑 is the basic development length of the bar. 

3.2.3.2 Canadian highway bridge design code CSA/S6-14  

In the Canadian Highway Bridge Design Code, CSA/S6-14 (CSA 2014a), the development 

length equation for steel reinforcement is modified for the FRP reinforcement as follows: 

 𝑙𝑑 = 0.45
𝑘1𝑘4

𝑑𝑐𝑠+𝐾𝑡𝑟

𝐸𝑓𝑟𝑝

𝐸𝑠

𝑓𝑓

𝑓𝑐𝑟
𝐴𝑓,𝑏𝑎𝑟  Equation-3.10 

Where, 𝑙𝑑 = development length of FRP bar (mm); 𝑘1 = bar location factor (1.3 for horizontal 

reinforcement placed so that more than 300 mm depth of fresh concrete is cast in the member 

below the development length or splice); 𝑘4 = bar fibre factor (1.0 for GFRP); 𝑑𝑐𝑠 = the smaller 

of the distance from the closest concrete surface to the center of the bar being developed, or two-

thirds of the center to center spacing of the bars being developed); 𝐾𝑡𝑟 = transverse 

reinforcement index (mm) = 
𝐴𝑡𝑟𝑓𝑦

10.5𝑠𝑛
; 𝐴𝑡𝑟 = transverse reinforcement area perpendicular to the 

plane of splitting through the bars (𝑚𝑚2); 𝑓𝑦 = yield strength of the transverse reinforcement 

(MPa); 𝑠 = center to center spacing of transverse reinforcement (mm); n = number of the bars 

being developed along the plane of splitting; 𝐸𝐹𝑅𝑃 = modulus of elasticity of FRP bar (MPa); 𝐸𝑠 

= modulus of elasticity of steel (MPa); 𝑓𝐹 = tensile strength of FRP bar (MPa); 𝑓𝑐𝑟 = cracking 

strength of concrete (MPa); and 𝐴𝑏 = area of individual bar (𝑚𝑚2). 
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Substituting Equation-3.10 into Equation-3.8 yields the following expression: 

 𝜏𝐹 = 
𝑓𝑐𝑟(𝑑𝑐𝑠+𝐾𝑡𝑟

𝐸𝑓𝑟𝑝

𝐸𝑠
)

0.5𝜋𝑑𝑏𝑘1𝑘4
 Equation-3.11 

Therefore, from the above expression it is clearly depicted that according to CSA/S6-14 (CSA 

2014a) the development length equation is obtained by multiplying the transverse reinforcement 

index with the modular ratio. Furthermore, Equation-3.11 shows that the bond strength is the 

function of the confinement provided by the transverse reinforcement, in addition to concrete 

strength, concrete cover, bar surface bar diameter and.  
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CHAPTER 4 – EXPERIMENTAL WORK 

4.1 INTRODUCTION 

To investigate the behavior of lap spliced GFRP-RC columns subjected to axial and cyclic 

reversed loads, nine full scale columns were constructed and tested in “W.R. McQuade 

Structures Laboratory”, at the University of Manitoba.  One steel-RC column was constructed 

for comparison purposes. The specimen simulates the part of a first‐story building column 

between the foundation and point of inflection (as shown in Figure 4.1). In a seismic event, the 

forces of inertia are transferred from one floor to another through the columns. For a typical 

multi-story frame, often columns have to resist approximately equal but opposite horizontal 

forces and moments at the extreme ends. Therefore, column mid-height presents favorable 

approximation of the point of contra flexure. The main objective of the experimental study was 

to find out the adequate splice length as well as evaluating the performance of columns with such 

a splice length with different transverse reinforcement ratio, under different axial load levels. In 

addition, the effect of using SFRC on the behavior of columns with inadequate splice length was 

investigated. 

 

Figure 4.1 – Simulated test specimen 
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4.2 TEST SPECIMENS 

Ten full-scale column specimens were designed, constructed and tested to study the behavior of 

lap spliced GFRP-RC columns under combined axial and cyclic-reversed loads. The specimen 

simulates the part of a first‐story building column, between the foundation and point of 

inflection. All specimens had same dimensions (as shown in Figure 4.2). The 350-mm square 

cross-section column had a 550×350×400 mm top block which was provided to transmit the 

axial and lateral loads to the column. The overall length of the column was 1,850 mm, with a 

shear span (distance between the column-footing interface and point of load application) of 1,650 

mm. All specimens had a longitudinal reinforcement ratio of 1.3%, which is higher than the 

minimum longitudinal reinforcement ratio of 1.0% specified by CSA/A23.3-14 (CSA 2014b) for 

steel-RC and CSA/S806-12 (CSA 2012) for GFRP-RC compression members. Size 10M steel 

bars and No. 10 bent GFRP bars were used as transverse reinforcement for the steel-RC and the 

GFRP-RC columns, respectively.  

A massive 1,400×1,400×600 mm steel‐RC footing was designed to provide adequate fixity to the 

column. The steel‐RC footing was cast with straight 575-mm long dowel bars (either steel or 

GFRP), then a week later the column was cast, simulating field conditions. It is worth 

mentioning that this 575-mm embedment length of the dowels exceeds the development length 

required by relevant codes (CSA 2014b; CSA 2014a). Moreover, the reported results from the 

strain profiles by Ali and El-Salakawy (2016) showed that the development length of 575 mm 

was adequate, and assured no slippage. The footing was adequately reinforced with top and 

bottom layers of No.15M steel bars to resist cyclic load reversals. The test parameters included 

type of reinforcement (GFRP and steel), lap splice length of the longitudinal column bars (40, 50 

or 60 db, where db is the bar diameter of the longitudinal column reinforcement), transverse 
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reinforcement spacing (75, 100 and 150 mm), level of axial load (10, 15 and 20% of the column 

axial capacity), and concrete type (plain and steel fibre reinforced).  

The test specimens were grouped in four series, as shown in the test matrix in Figure 4.3 and 

Table 4.1. Specimens grouped in each series were labeled using three characters. Series (I) was 

designed to study the effect of reinforcement type, and lap splice length.  For comparison 

purposes, one GFRP-RC column (control specimen without lap splice) tested by Ali and El-

Salakawy (2016), was also included in this series. The first character identifies the type of 

reinforcement, “G” for GFRP and “S” for steel. The second character indicates the provided lap 

splice length, 40 db, 50 db and 60 db, and “NO” for no splice. The third character represents the 

series number “I”. This combination of variables resulted in five specimens (S-40db-I, G-40db-I, 

G-50db-I, G-60db-I, and G-NO-I).  

Series (II) was designed to study the effect of transverse reinforcement spacing on adequately lap 

spliced GFRP-RC column. The first character represents the type of reinforcement, “G” for 

GFRP. The second character describes the spacing of transverse reinforcement, 75, 100, 150 

mm, which represent 21, 29 and 43% of the column side length (350 mm), respectively. The 

third character indicates the series number “II”. This combination of variables resulted in three 

specimens (G-75-II, G-100-II, and G-150-II).  

Series (III) was modeled to study the effect of axial load on adequate lap spliced GFRP-RC 

column. The first character represents the type of reinforcement, “G” for GFRP. The second 

character refers to the level of applied axial load, 10, 15, and 20% of the column axial capacity 

(calculated as 𝐴𝑔𝑓′𝑐). The third character refers to the series number “”III”. This sequence of 

variables resulted in three specimens (G-10-III, G-15-III, and G-20-III). 
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Series (IV) was arranged to study the effect of SFRC on inadequate lap spliced GFRP-RC 

column. The first character represents the type of reinforcement, “G” for GFRP. The second 

character indicates the type of the concrete and the steel fiber volumetric ratio (“0.0” for concrete 

without fiber while “1.0” and “2.0” for SFRC with 1.0 and 2.0% volumetric ratio, respectively). 

The third character represents the series number “IV”. This sequence of variables resulted in 

three specimens (G-0.0-IV, G-1.0-IV, and G-2.0-IV). 

The test results of Series (I) specimens, G-60db-I and G-40db-I showed that lap splice length of 

60 db was adequate, whereas lap splice length of 40 db was inadequate and had the most adverse 

effect on the GFRP-RC column. Therefore, specimen G-60db-I was included in Series (II) and 

Series (III), designated as G-75-II and G-10-III, respectively. While, specimen G-40db-I was 

included in Series (IV) and designated as G-0.0-IV.  
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Figure 4.2 – Typical concrete dimension of test specimens (all dimensions in mm) 
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Table 4.1 - Characteristics of test specimens 

 

Specimen 

Concrete 

Strength, 

𝑓′𝑐 

 

(MPa) 

Axial 

Load, 

𝑃/𝑓′𝑐𝐴𝑐 

 

(%) 

Fibers 

volume, 

vf 

 

(%) 

Longitudinal 

Reinforcement 

Splice 

Length 

(mm) 

Transverse Reinforcement 

  Spacing 

 

(mm) 

𝜌𝑣 = 

𝐴𝑓𝑣/𝑏𝑐𝑆 

(%) 

Type Bars 

G-NO-I 
a
 38 10 0.0 GFRP 8 No. 16 None 75 0.811 

S-40db-I 39 10 0.0 Steel 8 No. 15M 640 75 1.143 

G-40db-I 40 10 0.0 GFRP 8 No.16 640 75 0.811 

G-50db-I 36 10 0.0 GFRP 8 No.16 800 75 0.811 

G-60db-I 39 10 0.0 GFRP 8 No.16 960 75 0.811 

G-100-II 46 10 0.0 GFRP 8 No.16 960 100 0.609 

G-150-II 48 10 0.0 GFRP 8 No.16 960 150 0.406 

G-15-III 39 15 0.0 GFRP 8 No.16 960 75 0.811 

G-20-III 41 20 0.0 GFRP 8 No.16 960 75 0.811 

G-1.0-IV 49 10 1.0 GFRP 8 N o.16 640 75 0.811 

G-2.0-IV 47 10 2.0 GFRP 8 No.16 640 75 0.811 

a
 G-NO-I is an identical column without lap splice tested by Ali and El-Salakawy (2016). 
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Figure 4.3 - Schematic diagram for test matrix
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4.3 MATERIAL PROPERTIES 

Eight specimens were constructed using ready-mixed normal strength concrete with a targeted 

28-day compressive strength of 35 MPa. The maximum aggregate size was 20 mm and a slump 

of approximately 130 mm was maintained for all columns. A SFRC with either 1 or 2% of 

commercially available steel fibers was used to construct the remaining two specimens. The 

SFRC mix proportions are listed in Table 4.2. Standard tests were performed on 100×200 mm 

cylinders to obtain the actual compressive strength of the specimens according to CSA/A23.1-

14/A23.2-14 (CSA 2014c). The average compressive strength attained on the day of testing was 

in the range of 38 to 49 MPa, for the tested specimens (Table 4.1). A clear concrete cover of 30 

mm was provided in all column specimens as specified by Clause 12.2.3 in the CSA/A23.3-14 

(CSA 2014b) and Clause 8.2.3 in the CSA/S806-12(CSA 2012). The used steel fibers had a 

length of 30 mm and an aspect ratio of 45, as shown in Figure 4.4. The properties of hooked steel 

fibers are listed in Table 4.3.  

Grade 400 deformed steel bars were used for the steel-RC specimen, whereas for the GFRP-RC 

specimens, sand-coated GFRP bars and stirrups (Pultrall Inc. 2014) were used as longitudinal 

and transverse reinforcement, respectively. The mechanical properties of the used steel bars were 

obtained through tensile tests; carried out in the laboratory (CSA/G30.18-09). For the GFRP bars, 

the properties from the material certificate that was provided by the manufacturer were used. 

Table 4.4 provides the mechanical properties of the steel and GFRP reinforcement used in this 

study. In addition, the area of the GFRP bars was calculated according to immersion test 

specified in Annex A of the CSA/S806-12 (CSA 2012); however, the nominal area of GFRP bars 

was used in all calculations as suggested by ASTM D7205-11 (ASTM 2011). Figure 4.5 shows 

the reinforcement details of the test specimens. 
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Table 4.2 - Mix proportions for steel fiber reinforced concrete (SFRC) per cubic meter 

Materials Quantity (kg/m
3
) 

Type GU Portland Cement  288 

Fly Ash/Class F  72 

Water  160.8 

Gravel  870 

Coarse sand  874 

Steel fiber (1% by volume)  77 

Steel fiber (2% by volume)  154 

 

 

 

Figure 4.4 - Photo of hooked steel fibers 
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Table 4.3 - Properties of hooked steel fibres 

 

Diameter 

(mm) 

 

Length 

(mm) 

 

Aspect Ratio 

Lf/df  
a
 

 

Density 

(g/cm
3
) 

Tensile 

Strength 

(MPa) 

Elastic 

Modulus 

(GPa) 

0.65 30 45 7.70 1200 200 

a
 Lf = length of steel fiber, df = diameter of steel fiber 

 

Table 4.4 - Mechanical properties of reinforcing bars 

 

 

Bar size 

Nominal 

diameter  

(mm) 

 

Area 

(mm
2
) 

Modulus  of 

elasticity  

(GPa) 

Tensile 

strength  

(MPa) 

Ultimate 

strain 

(%) 

Steel bars and stirrups 

No. 15M 15.9 200 200 𝑓𝑦= 460
a
 𝜀𝑦= 0.23

a
 

No. 10M 11.3 100 200 𝑓𝑦= 420
a
 𝜀𝑦= 0.21

a
 

GFRP bars and stirrups 

No. 16 15.9 198 

[287]
c
 

62 ± 0.6 1,184 ± 32 1.89 ± 0.1% 

No. 10 (bent-straight portion) 9.5 71 

[93]
c
 

50 ± 0.7 1,022 ± 38
b
 2.04 ± 0.1% 

a 𝑓𝑦 and 𝜀𝑦 are the experimentally obtained yield stress and yield strain of the used steel. 

b 
Strength of straight portion of the bent GFRP bar. 

c 
Calculated values based on Annex A of CSA/S806-12 (CSA 2012) 
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Figure 4.5 - Details of reinforcement (a) GFRP bars (b) GFRP stirrups (c) geometrical details of 

the GFRP stirrups (all dimensions in mm) 
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4.4 CONSTRUCTION OF SPECIMENS 

The formwork was constructed from 20 mm plywood and 20×40 mm wood studs, according to 

the specified dimensions determined from the design process. The lateral movement of the 

column form work was restrained with the help of wood studs. For the footing formwork, 

additional stiffeners were provided to restrain its movement, which were built from the plywood 

itself. Before concrete casting of specimens, the inner surface of the plywood was coated by a 

layer of form-oil, which helped in removing the specimens form the formwork. To fix the 

footing to the strong floor, four holes were made in the footing, in order to pass the dywidag 

bars. Before casting concrete, four PVC pipes of 20 mm-diameter were installed at the specified 

locations in the footing formwork, to make the holes. The concrete footings were cast with dowel 

(starter) bars. The dowel bars were rested at the bottom on holes made in the formwork, and 

leveled at the top using 20×40 mm wood studs. To simulate the actual construction practice, the 

footings with dowels were cast a week before the columns. Figure 4.6 shows the different stages 

of construction. 
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 (a) Assembling footing cage and dowels (b) Footing casting         

  

                        (c) Column cage (b) Column casting         

Figure 4.6 – Construction of specimens 

 

 



Chapter 4- Experimental Work 

63 
 

4.5 INSTRUMENTATION  

To monitor strains, displacements and rotations, all specimens were comprehensively 

instrumented. Readings were collected by using Data Acquisition (DAQ) system from all 

instruments together with: linear variable displacement transducers (LVDTs), strain gauges and 

load cells.   

4.5.1 Linear Variable Displacement Transducers (LVDTs) 

A total of four Linear Variable Displacement Transducers LVDTs were used in the test setup. 

Two LVDTs were mounted directly on the top surface of the footing covering both sides of the 

column, in loading direction (as shown in Figure 4.7 (a)). One end of the LVDT was attached to 

the footing, and the other end was attached to the column. The distance between the two was 400 

mm. These LVDTs measured the total rotation in the column relative to footing. During the 

lateral movement of the column, one of the LVDT was expanding while the other one was 

contracting. The difference between the readings of the two LVDTs divided by the displacement 

(i.e. 400 mm) gave the relative rotation of the column with respect to the footing.  

To calculate the column plastic hinge rotation, the other two remaining LVDTs were mounted 

directly on the column surface, in loading direction (as shown in Figure 4.7 (b)). The distance 

between the two was also 400 mm. The rotation was calculated using the same procedure as 

described above. 
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 (b) Location of LVDT set for measuring column plastic hinge rotation 

Figure 4.7 - Location of LVDTs (all dimensions in mm) 
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4.5.2 Load Cell 

A load cell is a transducer which converts energy from one form to another. The mechanism of a 

load cell is such that it creates an electrical signal which is proportional to the force being 

applied. One load cell was attached just below the hydraulic jack to measure the applied axial 

load. The dynamic actuator which was used to apply the lateral load had an embedded load cell 

to measure the force. 

4.5.3 Strain Gauges 

For each specimen, 21 strain gauges were mounted at critical locations to the longitudinal and 

transverse reinforcement, as shown in Figure 4.8. They monitored the strains developed in the 

reinforcement due to reversed cyclic loading. Sixteen strain gauges were attached to the 

longitudinal bars and dowels to monitor the strains induced in the column under reversed cyclic 

loading, and to plot strain profiles. For dowel bars “A” and “C”, one strain gauge was attached at 

the end of the bar in order to ensure that there is no slippage occurred (adequate development 

length) during the test. To measure the strain variation inside the footing, a strain gauge was 

attached on the dowel bar 150 mm below the column-footing interface. The force transfer 

mechanism was monitored by six strain gauges attached on the column and dowel bars, above 

the joint. Five strain gauges were used to monitor the behavior of transverse reinforcement at the 

location of lap splice. 

 



Chapter-4 Experimental Work 
 

66 
 

Splice Length
=640, 800, or
960

1st Stirrup

2nd Stirrup
3rd Stirrup

Spacing = 75,
100, or 150

4
3

5

9
2

0
, 

1
0

0
0

, 
o

r 
1

0
8

0

6
0

0

1
2

4
0

, 
1

4
0

0
, 

o
r 

1
5

6
0

Column Bar A,C

Dowel Bar A,C

A A

PULLINGPUSHING
+ -

1
6

5
0

550

4
0

0

6
0

0

1400

A

C

A

C

A

C

1st Stirrup

2nd Stirrup

3rd Stirrup

Dowel Bar

350

3
5

0

Column Bar

Strain Gauge

PULLING

PUSHING

Loading

B B

550

3
5

0

Sec- B-B

Column Bar

No. 15M Steel Bar

3
0
0

1340

Footing Reinforcement

No. 15M @ 120 mm c/c

 

   

Figure 4.8 - Details of test columns, reinforcement and locations of strain gauges (all dimension in mm)  
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4.6 TEST PROCEDURE AND SEISMIC LOADING SCHEME  

All specimens were tested under simultaneous axial and quasi-static lateral cyclic reversed loads. 

The axial load was applied by a hydraulic jack, which was supported on the hinged frame. The 

hinged frame was able to rotate freely in plane and kept the axial load constant during the test. 

The cyclic lateral loading was applied using a dynamic actuator with a 1000 kN load and 250 

mm stroke capacity. The actuator was supported on a massive RC reaction wall available in the 

laboratory. Each specimen was aligned before the start of test, to ensure that the center line of 

column coincides with the line of action of axial and lateral loads. The steel RC footing was tied 

to the strong floor using four dywidag bars to ensure rotational fixity to the column. Details of 

the test setup are shown in Figure 4.9. 

The loading scheme was divided into two phases, as shown in Figure 4.10. The first phase 

included two cycles; cracking and service, that was applied in a load-controlled rate of 10 

kN/min. In the cracking cycle, the column was loaded until the first crack was visually observed. 

In the service cycle, the load was applied until service loading conditions were reached (25% of 

ultimate strain of GFRP longitudinal bars or 60% of the yielding strain for steel bars). The 

second phase of loading was conducted under quasi-static displacement-control mode, which 

consisted of variable displacement amplitudes (steps) reflecting the increase in drift ratio. This 

loading phase followed the recommendation of the ACI 374.1-05 (ACI Committee 374 2005). 

In order to ensure that applied displacements are increased gradually in steps that are neither too 

large nor too small, quasi-static cyclic drift reversals were applied. The drift capacity of the test 

module cannot be predicted accurately if the applied drift steps are too large. If the drift steps are 

too small, the loading repetitions will make the test module unrealistically softened, resulting in 

low maximum lateral strength and artificially large maximum drift capacity. Moreover, too small 
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drifts will result in low energy dissipation of the module, due to small rate of change of energy 

stored, compared to the change occurring in the natural seismic event. Hence, small drift steps 

may avoid undesirable brittle failure of the test module that might occur during major seismic 

event. 

Furthermore, a particular magnitude cannot represent the drift capacity of a frame structure in a 

seismic event. The drift capacity depends on how the seismic forces shake the structure. In case 

of ground motions closed to rupture fault (near-field), a single drift may determine the maximum 

drift capacity. To represent this event, a single large drift cycle for the test module would give 

the accurate estimation of the drift capacity. However, in general, many small drift cycles 

precede the main earthquake shock. This is the scenario which is represented by the 

displacement controlled loading phase, specified by the ACI 374.1-05 (ACI Committee 374 

2005). 

Each cyclic loading step included three identical cycles (at the same displacement amplitude), in 

order to establish the cracking pattern at each drift ratio. Furthermore, the design seismic drift 

applied to a building must be less than a specified allowable drift. The allowable story drift ratio 

specified by the National Building Code of Canada (NRCC 2015) and CSA/S806-12 (CSA 

2012) is 2.5 and 4.0%, respectively. Structures designed to meet these drift limits, however, may 

experience greater drifts during an earthquake. The actual drift capacity will depend on the 

strength of the structure, its stiffness, and its deformability. The best estimation of maximum 

drift capacity for the test modules requires interpretation of strength degradation (Ghobarah and 

El-Amoury 2005). Therefore, once the cyclic loading step reached 2% drift ratio, one load-

controlled service cycle was applied, to assess the stiffness degradation of the column, if any.
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Figure 4.9 - Test Setup (a) photo of a specimen on the setup (b) side view schematic drawing (all dimensions in mm) 
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(a) Load-controlled phase  

 

(b) Displacement-controlled phase 

Figure 4.10 - Loading scheme  
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CHAPTER 5 – TEST RESULTS AND DISCUSSION OF SERIES (I) & (II) 

5.1 INTRODUCTION 

In an intense seismic event, large inelastic deformations cause formation of plastic hinges in 

columns of a multistory frame near foundations. Most current codes for seismic design do not 

recommend providing lap splices in areas where severe stresses are anticipated (i.e. plastic hinge 

locations). However, investigations on the behavior of lap spliced bars in steel-RC columns 

showed that such splices can be designed under seismic loading (Paulay et al. 1981; Lukose et 

al. 1982; Coffman et al. 1993; Stapleton et al. 2005). Splice lengths varied between 30 db and 45 

db, (where db is the largest diameter of column reinforcing bars) with most at 40 db, were found 

to be adequate. Moreover, in case of structures subjected to seismic loads, the drift capacity that 

can be attained along with the specified strength is of equal concern. To increase the ductile 

behavior of steel-RC columns with lap splices, closely spaced transverse reinforcement is also 

recommended. On the other hand, up to the authors’ knowledge, no research has been done to 

investigate the behavior of lap splice in GFRP-RC columns subjected to a combination of axial 

and cyclic‐reversed loads. One of the main objectives of this research is to partially fill this gap 

through determining the adequate splice length as well as evaluating the performance of columns 

with such a splice length having different transverse reinforcement ratios.  

This chapter presents the analysis and discussion of the experimental results of Series (I) and 

Series (II) specimens. Series (I) was designed to study the effect of reinforcement type, and lap 

splice length, whereas Series (II) was designed to study the effect of transverse reinforcement 

spacing on adequate lap-spliced GFRP-RC column. The experimental results are grouped into 

five different categories, which deal with general behavior and mode of failure, longitudinal 
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reinforcement strain profile, hysteresis behavior, cumulative energy dissipation, column rotation 

measurements, and developed strains in the transverse reinforcement. The cracks development 

along the column is illustrated by photographs taken at preferred loading steps. The experimental 

results of other six categories were collected by Data Acquisition System (DAQ). 

5.2 SERIES (I) – EFFECT OF LAP SPLICE  

5.2.1 General Behavior, Cracking and Mode of Failure 

As anticipated, all test specimens exhibited flexural failure, as shown in Figure 5.1. The first 

crack was visually observed at a load of 55, 50, 50, 48 and 48 kN in specimens, S-40db-I, G-NO-

I, G-40db-I, G-50db-I and G-60db-I, respectively. At service load level, few flexural cracks (3 to 

5) formed on the column faces within a distance of approximately 700 mm (twice the column 

side length) form the column-footing interface. In the cyclic loading phase, new flexural cracks 

formed, while the existing cracks widened. In addition, a crack at the column-footing interface 

was observed in all specimens. At failure, the cracks were within a distance of 1,000 mm from 

the column-footing interface. For the GFRP-RC specimens, the intensity of flexural cracks was 

higher due to the different bond characteristics of the sand-coated bars compared to that of the 

steel bars 

For all specimens, spalling of concrete started at 3% drift ratio. At higher drift ratios, concrete 

spalling increased in the hinging zone approximately at a distance of 350 mm form the column-

footing interface. For steel-RC structures, a plastic hinge is formed due to excessive concrete 

damage caused by the yielding of steel. In the current study, the measured plastic hinge length 

for steel-RC column specimen S-40db-I was approximately 300 mm. This behavior is not 

pertinent to GFRP-RC structures due to the linear-elastic behavior of the GFRP reinforcement. 



Chapter-5 Test Results and Discussion of Series (I) & (II) 
 

72 
 

Nevertheless, due to the low modulus of elasticity and the high strength of the GFRP bars, 

GFRP-RC members can experience severe damage due to large deformations. Therefore, the 

term “inelastic deformability hinge” has been used for GFRP-RC framed structures (Hasaballa 

2014). The measured lengths of the inelastic deformability hinge zones were approximately 400, 

380 and 300 mm in specimens G-40db-I, G-50db-I and G-60db-I, respectively. It was reported by 

Ali and El-Salakawy (2016) that the spalling of concrete in GFRP-RC specimen (without lap 

splice) G-NO-I was pervasive as compared to the steel-RC specimen, and the inelastic 

deformability hinge zone extended up to the mid height of the column (900 mm) from the 

column-footing interface. However, in the current investigation of GFRP-RC lap-spliced 

columns, the height of the inelastic deformability hinge zone was limited to approximately 350 

mm from the column-footing interface, which was similar to that in the steel-RC lap-spliced 

column, due to the fact that lap splice within the critical region had stiffened the column section 

substantially (Pam and Ho 2010).  

In specimen G-40db-I, in addition to spalling of concrete near the column-footing interface, 

concrete spalling occurred at the end of the dowel bars as can be seen in Figure 5.1(e). This 

indicates the formation of a secondary inelastic deformability hinging zone, due to the high 

stresses in the bars in this region, as indicated by the strain profiles (Figure 5.2), which will be 

discussed later. The length of this secondary inelastic deformability hinge zone was 

approximately 550 mm. In specimen G-50db-I, although the spalling of concrete was limited to 

the inelastic deformability hinge zone near the column-footing interface, wide vertical cracks 

were observed at the end of the dowel bars. This response was again due to high strains in the 

longitudinal reinforcement at the end of the dowel bars. Apart from the intensity of the flexural 
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cracks, the cracking pattern for specimen G-60db-I was similar to the steel-RC control specimen 

(S-40db-I). 

In the steel-RC specimen (S-40db-I), the buckling of steel bars was observed at 6.5% drift ratio, 

and then failed at 8.5% drift ratio by rupture of steel bars along with severe damage of concrete. 

The failure of the GFRP-RC specimens occurred due to crushing of concrete, followed by 

buckling and compression failure of the dowel bars. At failure drift, the lateral load capacity of 

the specimens reduced substantially, to the extent that during the second cycle of the same drift, 

the lateral load dropped below the load used for the service cycle. The failure of specimens G-

60db-I, G-50db-I and G-40db-I occurred at 12.5% drift ratio. The two columns with a splice 

length less than 60 db (G-50db-I and G-40db-I) were able to reach that high drift ratio because of 

the excessive concrete damage and wide cracks that, in turn, resulted in more rotations. 

 

 (a) G-NO-I (b) S-40db-I 

  Figure 5.1 – Photos of the specimens at failure- Series (I)  
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 (c) G-60db-I   (d) G-50db-I  (e) G-40db-I                  

  Figure 5.1 – Photos of the specimens at failure- Series (I) (continued) 

5.2.2 Strains in the Longitudinal Reinforcement  

The CSA/S806-12 standard (CSA 2012) specifies a maximum allowable drift of 4% for columns 

in seismic regions. Therefore, this drift ratio is used to evaluate the performance of the 

specimens. The strain profiles for longitudinal column and dowel bars, at 4% drift ratio, are 

shown in Figure 5.2. Strain profile for the specimen G-NO-I showed that the strain inside the 

footing decreased gradually until reaching approximately zero at the bar end (Figure 5.2(c)). This 

indicates that the embedment length of the bar inside the footing was sufficient to develop the 

bar capacity. A strain value of 8700 με was measured at the column-footing interface. The 

strains in the reinforcement in the column decreased as the distance from the column footing 

interface increased. 

For the lap splice length to be adequate, the strain at the middle of the lap splice of a column bar 

needs to be sufficiently higher than the strains developed at both start and end of the splice, to 
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complete bond transfer mechanism without showing any signs of splitting cracks and bond 

slippage (Paulay et al. 1981; Lukose et al. 1982). At the column-footing interface (maximum 

moment), the column bar ends and the entire load is transferred to the dowel bar; therefore, 

approximately zero strains should develop in the column bar, as shown in Figure 5.2. From the 

column-footing interface to the middle of the lap splice, the stress is transferred from the dowel 

bar to the column bar, and therefore, the maximum column bar stress occur at this location, with 

minimum strain lag between column and dowel bar. Moving onwards to the other end where 

dowel bar terminates, only the column bar resists stresses caused by the applied lateral load. 

However, the strains will be lower at this location compared to those at the middle location, as 

the bending moment is reduced moving farther from the footing. Specimen S-40db-I showed 

typical behavior to that explained above. At 4% drift, the maximum dowel bar strain at the 

column-footing interface in specimen S-40db-I was 17,840 με. However, the strain was 1,370 με 

at the beginning of the lap splice (640 mm from column-footing interface) in column bar “C”. 

This value was 60% of the yield strain. Furthermore, the strain developed at the middle of the lap 

splice (335 mm from column-footing interface) was 3,306 με. This value is approximately 2.4 

times the 1,370 με, indicating that the splice length was adequate.  

The strain profiles of the steel-RC specimen were compared to that of the GFRP-RC specimen 

G-40db-I. The results showed that the splice length was inadequate for this specimen. At 4% drift 

ratio when the maximum load was reached (144 kN), the strain developed at the beginning of the 

lap splice (640 mm from column-footing interface) in column bar “C” was 9,415 με (Figure 5.2). 

This value was approximately 2.8 times the strain developed at the middle of the lap splice 

(3,396 με) for column bar “C”. This showed that bond transfer mechanism was not fully 
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developed, due to the slippage of the bars. Therefore, it was decided to increase the lap splice 

length to 50 db in specimen G-50db-I. 

In specimen G-50db-I, the maximum dowel bar strain of 14,853 με was measured at 4% drift 

ratio, at the column-footing interface (Figure 5.3). The lateral load resistance was 127 kN at this 

stage. For column bar “C”, the strain recorded at the beginning of lap splice (800 mm from 

column-footing interface) was 1,716 με. The strain developed at the middle of the lap splice (415 

mm from column-footing interface) was 2,216 με for column bar “C”. This value was only 1.3 

times the 1,716 με, indicating that the splice length was still inadequate. It should be noted that 

this specimen reached its maximum lateral load resistance at 8.5% drift ratio. Also, as mentioned 

earlier, wider cracks were observed at approximately 800 mm from column-footing interface. 

The strain profiles were not plotted for 8.5% drift ratio as most of the strain gauges along the 

splice length were malfunctioned.  However, strain gauges attached on the column bar at 415 and 

800 mm from column-footing interface were still functioning. Surprisingly, the strain value 

recorded at 800 mm from column-footing interface on column bar was 2,305 με, which was 

approximately 4 times the strain value of 578 με recorded at 415 mm from column-footing 

interface (middle of lap splice). 

Consequently, it was decided to disregard splice lengths of 50 and 40 db, as the strains developed 

along the lap splice length indicated that these lengths were not adequate to develop the full bond 

transfer mechanism. The lap splice length was further increased to 60 db in specimen G-60db-I. 

At 4% drift ratio, the measured strain  in the column bar “C” at the beginning of the lap splice 

(960 mm from column-footing interface) was 1,360 με (Figure 5.2(b)). The strain developed at 

the middle of the lap splice (495 mm from column-footing interface) was 2,630 με. This value 

was approximately twice the 1,360 με, indicating that the splice length was adequate. Moreover 
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the dowel bar strain at this location was equal to 2,640 με. This shows that there was no strain 

lag. Similarly, in column bar “A” and dowel bar “A”, the measured strains were 3,350 με at 

middle of the lap splice. These strain observations indicate that the lap splice length of 60 db was 

adequate for GFRP-RC lap splice columns subjected to cyclic loading.  

Figure 5.3 shows the maximum strains measured in the dowel bars at the column-footing 

interface versus drift ratio. For the steel-RC specimen S-40db-I, the strain increased linearly up to 

1% drift ratio, which is the drift ratio required for yielding of steel reinforcement. At 3% drift 

ratio, the strain reached its maximum value of 17,975 με, and then decreased insignificantly 

during the 4% drift ratio cycle. 

Generally, in the GFRP-RC specimens all measured strains increased gradually and were linear 

up to 1.5% drift ratio. Once the column-footing interface cracked, the longitudinal dowel bar 

strains started to increase non-linearly until the gauge malfunctioned. The maximum measured 

strains were in the range of 46 to 89% of the GFRP ultimate strain. For specimen G-NO-I, the 

strain remained approximately linear up to 3% drift ratio. The measured strain at 3% drift ratio 

was approximately 8,200 με which increased to approximately 8,700 με at 4% drift ratio. This 

value represents 46% of the ultimate strain of the used GFRP bar. For specimen G-60db-I, the 

strain increased linearly up to 2% drift ratio. At 4% drift ratio, the measured strain was 

approximately 17,000 με which represent approximately 89% of the GFRP ultimate strain. 

Specimen G-60db-I developed 49% higher strains at the column-footing interface, as compared 

to specimen G-NO-I. This can be attributed to the formation of wide crack at the column-footing 

interface, as explained earlier. For specimens G-50db-I and G-40db-I, the strain at the column-

footing interface was approximately 16,000 με and 14,800 με, respectively. These values were 6 

and 13 % less than that of specimen G-60db-I due to bond slippage. 
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                                        (a) Column bar “A”  (b) Column bar “C” 

 

 (c) Dowel bar “A” (d) Dowel bar “C” 

Figure 5.2 - Strain profiles at 4% drift ratio along the splice region - Series (I)

-600

-400

-200

0

200

400

600

800

1000

0 2000 4000 6000 8000 10000

L
o
ca

ti
o
n

 o
f 

st
ra

in
 g

a
u

g
es

 (
m

m
) 

Strain (µɛ) 
   

Column Bar A 

-600

-400

-200

0

200

400

600

800

1000

0 2000 4000 6000 8000 10000

L
o
ca

ti
o
n

 o
f 

st
ra

in
 g

a
u

g
es

 (
m

m
) 

Strain (µɛ) 

Column Bar C 

-600

-400

-200

0

200

400

600

800

1000

0 5000 10000 15000 20000

L
o

ca
ti

o
n

 o
f 

st
ra

in
 g

a
u

g
es

 (
m

m
) 

Strain (µɛ) 

  

Dowel Bar A 

-600

-400

-200

0

200

400

600

800

1000

0 5000 10000 15000 20000

L
o

ca
ti

o
n

 o
f 

st
ra

in
 g

a
u

g
es

 (
m

m
) 

Strain (µɛ) 

Dowel Bar C 



Chapter-5 Test Results and Discussion of Series (I) & (II) 
 

79 
 

  

Figure 5.3 - Maximum strain in the longitudinal reinforcement at the critical section versus drift 

ratio - Series (I) 
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there was a decrease in the lateral load capacity up to 6.5% drift ratio. At 6.5% drift ratio the 

longitudinal bars buckled, which magnified the strength degradation up to 42% and subsequently 

caused failure of the specimen at 8.5% drift ratio. Similar results were reported for a steel-RC 

column without lap splices (Ali and El-Salakawy 2016). 

Specimen G-NO-I showed linear stable behavior up to 3% drift ratio, which was followed by a 

non-linear behavior until failure. Moreover, the lateral resistance of the column increased until it 

reached its peak (167 kN) at 8.5% drift ratio. The specimen failed at 12.5% drift ratio with only 

3.5% strength degradation. 

In contrast to specimen S-40db-I, specimen G-60db-I showed stable linear-elastic behavior up to 

2% drift ratio followed by a non-linear behavior until failure. Lateral capacity was similar to 

specimen S-40db-I, during the initial stages of loading. However, after 2.0% and subsequent drift 

ratios, the lateral capacity of specimen G-60db-I exceeded the lateral capacity of specimen S-

40db-I. The maximum lateral capacity was 158 kN at 3.0% drift ratio. The failure occurred at 

12.5% drift ratio with only 18% degradation in strength and resulted in approximately 150% 

increase in the drift capacity compared to specimen S-40db-I. 

For specimen G-40db-I, the lateral load resistance was approximately constant from 3% drift 

ratio to 5% drift ratio; however, a considerable decrease in lateral capacity was observed at 6.5% 

drift ratio. The failure occurred at 12.5% drift ratio with 26% degradation in strength. Specimen 

G-50db-I showed gradual increase in the lateral load capacity, during the early stages of applied 

drifts. The maximum lateral capacity was 149 kN at 8.5% drift ratio. However, after 8.5% drift 

ratio, the effect of lap splice deficiency was evident on the load-drift response, due to bond-slip 
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induced strength degradation. The failure occurred at 12.5% drift ratio with 20% degradation in 

strength).  

As shown in the lateral load-drift response (Figure 5.4), the maximum lateral resistance for 

specimens G-60db-I, G-50db-I and G-40db-I was 158, 149 and 144 kN, respectively. This 

indicates that increasing the splice length enhanced the lateral load resistance. Specimen G-60db-

I reached its maximum lateral load capacity of 158 kN at 3% drift ratio, while the failure 

occurred at 12.5% drift ratio, with only 18% degradation in strength. This relatively low strength 

degradation is attributed to the higher tensile strength of the GFRP reinforcement at large 

inelastic deformations. According to Ali and El-Salakawy (2016), the maximum lateral load 

capacity of a similar GFRP-RC specimen without splice (G-NO-I) was 174 kN at 8.5% drift 

ratio. The failure took place at 12.5% drift with only 3% degradation in strength. Therefore, the 

presence of the lap splice in GFRP-RC column specimen G-60db-I resulted in a reduction of 9% 

in the maximum lateral resistance. Also, the strength degradation was significantly higher in case 

of GFRP-RC columns with splice. As mentioned earlier, the formation of a wide crack at the 

column-footing interface that extended through the footing, as the drift ratio increases, caused 

this reduction in the overall lateral resistance. This crack allowed specimen G-60db-I to have 

additional rotation, and therefore, it was able to dissipate more cumulative energy (132 kN.m at 

12.5% drift ratio) than its counterpart G-NO-I without splice, that dissipated 80 kN.m at 12.5% 

drift ratio (Ali and El-Salakawy 2016).  

The hysteresis response illustrated in Figure 5.5 shows significant pinching experienced by 

specimen S-40db-I, due to the yielding of the steel reinforcement. The pinching increased at 

higher drift ratios. On the other hand, for specimen reinforced with GFRP bars, G-NO-I, G-40db-

I, G-50db-I and G-60db-I, the hysteresis loops were narrower, because of the linear-elastic 
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behavior of the GFRP reinforcement. As a result of pinching, wider hysteresis loops were 

developed by specimen S-40db-I. It is worth noting that the four GFRP-RC specimens reached 

the same ultimate drift ratio of 12.5% (Fig. 8). Although the splice length in specimens G-40db-I 

and G-50db-I was not adequate, the bond-slip induced pinching, which allowed greater rotation 

of the inelastic deformability hinge. Therefore, they were able to reach higher ultimate drift 

ratios. 

 

Figure 5.4 - Load-lateral drift ratio relationship envelopes for all test specimens - Series (I) 
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Table 5.1 - Theoretical and experimental lateral capacity of test specimens – Series (I) 

 

Specimen 

 

Theoretical 

lateral 

capacity (𝑘𝑁) 

Experimental Lateral Capacity 

 

Maximum 

 (𝑘𝑁) 

 

At failure 

 (𝑘𝑁) 

Strength 

Degradation 

(%) 

G-NO-I 
a
 89.2 174 at 8.5% drift  168 at 8.5% drift  3 

S-40db-I 91.0 133 at 4% drift  71 at 8.5% drift  47  

G-40db-I 97.0 144 at 4% drift  106 at 12.5% drift  26 

G-50db-I 97.0 149 at 8.5% drift  119 at 12.5% drift 20 

G-60db-I 97.0 158 at 3% drift 129 at 12.5% drift 18 

a
 G-NO-I column without lap splice tested by Ali and El-Salakawy (2016)  
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(a) G-NO-I 

 

 (b) S-40db-I                                                  (c) G-60db-I 

 

                                   (d) G-50db-I                                                    (e) G-40db-I 

Figure 5.5 - Hysteresis diagram for all test specimens - Series (I) 

5.2.4 Cumulative Energy Dissipation 
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successive load displacement cycles. Area under the hysteresis loop of the corresponding column 
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The hysteresis response illustrated in Figure 5.5, highlights significant pinching experienced by 

specimen S-40db-I, due to yielding. The pinching increased at higher drift ratios.  Whereas, for 

GFRP-RC specimens, the hysteresis loops were targeted towards the origin, because of the 

linear-elastic behavior of the GFRP reinforcement. Consequently, specimen S-40db-I absorbed 

higher cumulative energy, compared to GFRP-RC specimens as shown in Figure 5.6. Results 

indicated that, lap splice deficiency was influential on the energy dissipation capacity of 

specimens G-50db-I and G-40db-I, where the lateral load capacity was reduced as a result of 

bond-slippage. For example, at 8.5% drift ratio, the cumulative energy dissipation of specimens 

G-50db-I and G-40db-I was 68 and 67 kN.m, whereas for specimen G-NO-I, and G-60db-I, the 

cumulative energy dissipation was 84 and 86 kN.m, respectively. This also shows that specimens 

without lap splice and with adequate lap splice dissipate approximately same level of cumulative 

energy. 

 

Figure 5.6 - Cumulative energy dissipation of test specimens – Series (I) 
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5.2.5 Column Rotation 

The total drift of the column can be divided into three main components; namely rotation due to 

the development of a main crack on the column-footing interface, including strain penetration 

inside the joint, rotation of the plastic hinge (inelastic deformability hinge for GFRP-RC 

specimens), and rotation due to other components which includes cracking outside the inelastic 

deformability hinge plus the column curvature. Using the two sets of LVDTs, the rotation of the 

column with respect to the footing and the column plastic/inelastic deformability hinge rotation, 

can be calculated. The difference between the drift angle (total rotation) and the rotation in the 

column relative to footing provides the contribution to total rotation due to other components. 

The contribution of each component to the total drift for all test specimens is shown in Figure 

5.7. In specimen S-40db-I, the severe damage as well as the high steel strains measured during 

initial loading stages at the column-footing interface resulted in a higher rotation due to the main 

crack compared to that in specimen G-60db-I. The contribution of the main crack to total rotation 

in specimen S-40db-I ranged from 45 to 50%, while it ranged from 32 to 49% in specimen G-

60db-I. The plastic hinge rotation (inelastic deformability hinge rotation for GFRP RC 

specimens), at 4% drift ratio was 28 and 34% for specimens S-40db-I and G-60db-I, respectively. 

Furthermore, the rotation due to other components (including cracking outside the inelastic 

deformability hinge in addition to the column curvature) was much more dominant in GFRP-RC 

specimen. 

The contribution of the inelastic deformability hinge to the total rotation was 65% and 30% in 

specimens G-NO-I and G-60db-I at 4% drift ratio. This behavior agrees well with the observed 

cracking pattern for these two specimens (Figure 5.1). Concrete damage was distributed over a 

wider zone in specimen G-NO-I, and therefore, there was a considerable contribution of the 
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inelastic deformability hinge to the total rotation. The rotation due to the main crack and other 

components (including cracking outside the inelastic deformability hinge in addition to the 

column curvature) was much more dominant in specimen G-60db-I. 

Figure 5.7 indicates that specimens G-50db-I and G-40db-I developed higher inelastic 

deformability hinge rotation as compared to specimen G-60db-I. This agreed with the developed 

cracking pattern for these two specimens where the intensity of cracks and spalling of concrete 

cover were significantly higher in the splice region of specimens G-50db-I and G-40db-I 

compared to those in specimen G-60db-I. 

 

(a) G-NO-I 

 

 (b)   S-40db-I (c) G-60db-I 

Figure 5.7 - Percentage of contribution of total drift angle for test specimens – Series (I)  
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                      (d) G-50db-I                                                  (e) G-40db-I  

Figure 5.7 - Percentage of contribution of total drift angle for test specimens – Series (I) 

(continued) 

5.2.6 Strains in Transverse Reinforcement 

The maximum stirrup strain versus the drift ratio is shown in Figure 5.8. In general, the stirrup 

strains were very small up to 1% drift ratio. The maximum strains developed in the transverse 

reinforcement for specimens S-40db-I and G-60db-I, showed that, higher strains were developed 

in GFRP stirrups than steel stirrups, due to of low modulus of elasticity of the used GFRP 

stirrups. At 4% drift ratio the measured stirrup strain in specimen S-40db-I and G-60db-I was 324 

and 2414 με, respectively, which is in agreement with the maximum allowable strain limit of 

6,000 με required by CSA/S806-12 (CSA 2012) and 2,500 με required by CSA/A23.3-14 (CSA 

2014b). At drift ratios higher than 5%, most of the strain gauges were malfunctioned, due to 

which readings are not provided. 

At 4% drift ratio, the maximum measured stirrup strain in specimens G-NO-I, G-60db-I, G-50db-

I, and G-40db-I, was 2260, 2,410, 1,960 and 3,000 με, respectively, which is well below the 

allowable strain limit of CSA/S806-12 (CSA 2012) (6,000 με). This shows that the effect of 

splice length on stirrup strain was insignificant.  
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Figure 5.8 - Maximum strain in stirrups versus drift ratio – Series (I) 
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instability of the longitudinal bars in these specimens was escalated due to wider spacing of 

stirrups compared to that in specimen G-75-II. 

 

 (a) G-75-II (b) G-100-II (c) G-150-II 

Figure 5.9 – Photos of the specimens at failure- Series (II) 

5.3.2 Strains in the Longitudinal Reinforcement 

The strains developed in the longitudinal column and dowel bars for specimen G-75-II were 

lower compared to specimens G-100-II and G-150-II, as shown in Figure 5.10. For example, at 

4% drift ratio, the maximum strain measured in column bar “A” at the middle of the splice (495 

mm from column-footing interface) was 4,203 με and 7,066 με, for specimens G-100-II and G-

150-II, respectively. This is attributed to the increase in the spacing of transverse reinforcement, 

which resulted in less confinement of the concrete core. In addition, this larger stirrup spacing 

caused buckling of the longitudinal bars between the stirrups. Therefore, higher strains were 

developed in the bars. However, as the strain profiles indicated, there was no sign of bar 

slippage. 
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Previous investigations have revealed that reducing the transverse reinforcement (stirrup) 

spacing enhanced the concrete core confinement, which delayed the premature buckling of the 

longitudinal bars (Tavassoli et al. 2015; Ali and El-Salakawy 2016). The results obtained from 

the current experimental study are in good agreement with the findings of these investigations. 

Reducing the spacing of transverse reinforcement increased the deformability and lateral load 

resistance of the lap-spliced GFRP-RC columns. For specimen G-75-II, the enhancement in 

lateral resistance at subsequent drift ratios with lower strains in the longitudinal bars could be 

attributed to the increased confinement of the concrete core by the closely spaced stirrups, as 

shown in Figure 5.11. 
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                                        (a) Column bar “A”  (b) Column bar “C” 

 

 (c) Dowel bar “A”                                 (d) Dowel bar “C” 

Figure 5.10 - Strain profiles at 4% drift ratio along the splice region - Series (II)
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Figure 5.11 - Maximum strain in the longitudinal reinforcement at the critical section versus drift 

ratio - Series (II) 
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lateral resistance for the well-confined GFRP column was more significant in case of columns 

without splice. 

As shown in Figures 5.12 and 5.13, specimen G-100-II showed linear-elastic behavior up to 

1.5% drift ratio, followed by non-linear behavior up to failure. The specimen failed at 8.5 % drift 

ratio, with 35% strength degradation. Specimen G-150-II behaved linearly up to 1.0% drift ratio. 

The strength degradation was 38% when the specimen failed at 8.5% drift ratio. In specimens G-

100-II and G-150-II, the stirrup spacing was 14% and 71% more than that recommended by 

CSA/S806-12 (CSA 2012), respectively; however, the maximum drift capacity (8.5%) exhibited 

by these specimens was considerably more than the 2.5% and the 4.0% drift ratio required by the 

National Building Code of Canada (NRCC 2015) and CSA/S806-12 (CSA 2012), respectively.  

 

Figure 5.12 - Load-lateral drift ratio relationship envelopes for all test specimens - Series (II) 
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(a) G-75-II 

 

 (b) G-100-II (c) G-150-II 

 

 (h) G-1.3-10-100 (Ali and El-Salakawy 2016) (i) G-1.3-10-150 (Ali and El-Salakawy 2016) 

Figure 5.13 - Hysteresis diagram for all test specimens - Series (II) 
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Table 5.2 - Theoretical and experimental lateral capacity of test specimens – Series (II) 

 

Specimen 

 

Theoretical 

lateral 

capacity (𝑘𝑁) 

Experimental Lateral Capacity 

 

Maximum 

 (𝑘𝑁) 

 

At failure 

 (𝑘𝑁) 

Strength 

Degradation 

(%) 

G-75-II 
a
 97 158 at 3% drift (174 at 8.5% drift) 129 at 12.5% drift (168 at 12.5% drift) 18 (3) 

G-100-II 89.2 148 at 4% drift (140 at 6.5% drift) 96 at 8.5% drift (133 at 8.5% drift) 35(5) 

G-150-II 89.2 139 at 3% drift (137 at 4% drift) 86 at 8.5% drift (121 at 8.5% drift) 38(11) 

Note: 
a
 designated as “G-60db-I” in Series (I). 

 Values between parentheses are for identical columns without lap splice tested by Ali and El-Salakawy (2016). 
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5.3.4 Cumulative Energy Dissipation  

As a result of the linear-elastic behavior of the GFRP bars, the three specimens of Series (II) 

showed approximately the same level of energy dissipation up to 3.0 % drift ratio (> NRCC 

limit, 2.5%), as indicated in Figure 5.14. At higher drift ratios, specimen G-75-II experienced 

higher energy dissipation than that observed in specimens G-100-II and G-150-II. This is due to 

the fact that specimen G-75-II showed higher lateral resistance compared to that in G-100-II and 

G-150-II at the same drift ratio with significant pinching in the hysteresis loops compared to 

specimens G-100-II and G-150-II. Specimen G-150-II showed the least energy dissipation after 

5.0% drift ratio. This explains that well-confined columns have a better non-linear response 

under cyclic-reversed loadings.  

 

Figure 5.14 - Cumulative energy dissipation of test specimens – Series (II) 
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5.3.5 Column Rotation 

More contribution of the inelastic deformability hinge was observed for specimens G-100-II and 

G-150-II, compared to specimen G-75-II (Figure 5.15). This behavior could be attributed to the 

excessive damage occurred to the inelastic deformability hinge in the specimens with increased 

stirrup spacing. 

 

 (a) G-75-II 

   

 (b) G-100-II (c) G-150-II 

Figure 5.15 - Percentage of contribution of total drift angle for test specimens – Series (II) 
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5.3.6 Strains in Transverse Reinforcement 

Transverse reinforcement strain in specimens G-75-II and G-100-II increased as the applied drift 

ratio increased, until it reached a maximum value at a drift ratio of 4%; then dropped down when 

the lateral capacity of the column was reduced (Figure 5.16). Also, maximum measured stirrup 

strains, in these two specimens, were significantly lower than the strain limit (6,000 με for the 

used stirrups) specified in the CSA/S806-12 (CSA 2012) before the initiation of strength 

degradation in both specimens. In contrast to the above mentioned specimens, higher stirrup 

strains were measured in specimen G-150-II; despite the fact that it showed the least lateral 

resistance. At 4% drift ratio, the recorded stirrup strain exceeded the allowable limit specified by 

CSA/S806-12 (CSA 2012). This observation can be explained as follows. First, the spalling of 

concrete cover caused a serious crushing of concrete core. Most of the crushed concrete 

gravitated towards the GFRP stirrups, which resulted in higher strains. Second, the unsupported 

length of the GFRP longitudinal bars was increased due to the wide stirrup spacing. This caused 

the early buckling of the longitudinal bars. The buckling of longitudinal bars applied outward 

pressure on to the GFRP stirrups, which led to the increase in strains. Furthermore, Ali and El-

Salakawy (2016) reported that a similar specimen without lap splices (150 mm spacing of 

stirrups) developed a maximum stirrup strain of 4,500 με, at 4% drift ratio, which was higher 

than that in the other specimens with 100 and 75 mm spacing of stirrups.  
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Figure 5.16 - Maximum strain in stirrups versus drift ratio – Series (II) 
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CHAPTER 6 – TEST RESULTS AND DISCUSSION OF SERIES (III) & (IV) 

6.1 INTRODUCTION 

Recent studies on the behavior of GFRP-RC columns subjected to cyclic-reversed loads showed 

that  the use of GFRP bars as reinforcement is feasible in RC columns in seismic regions 

(Sharbatadar 2003, Tavassoli et al. 2015 and Ali and Salakawy 2016); however, with less energy 

dissipation compared to that of their steel-RC counterparts. The hysteresis response of steel-RC 

columns exhibited significant pinching of the hysteresis loops, due to yielding of steel 

reinforcement. Conversely, for the GFRP-RC columns, hysteresis loops were aimed 

approximately at the origin of the load-drift ratio relationship, because of the linear elastic 

behavior of the GFRP reinforcement. Nevertheless, the GFRP-RC specimens behaved in a more 

stable manner than their steel counterparts, due to higher tensile strength of the GFRP 

reinforcement at large elastic deformations (Tavassoli et al. 2015 and Ali and Salakawy 2016). 

On the other hand, no test data exists on the adequate lap splice length for GFRP-RC columns 

subjected to simultaneous axial and lateral reversed loading.  

In addition, the use of SFRC is common in many structural applications. Osorio et al. (2014) 

reported that using SFRC in columns subjected to simultaneous axial and lateral loads enhanced 

the ductility and energy dissipation. Also, it was found that, similar to transverse reinforcement, 

the presence of steel fibers in the plain concrete improves the behavior of lap-spliced steel-RC 

members. The presence of steel fibers delays the formation and propagation of cracks in RC 

members and, therefore, high bond strength is expected (Harajli 1994). Similarly, it was reported 

that the use of SFRC enhances the bond performance of GFRP bars (Mazaheripour et al. 2013).  
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This chapter presents the analysis and discussion of the experimental results of testing Series 

(III) and Series (IV) specimens. Series (III) and Series (IV) was designed to study the effect of 

axial load and steel fibers on the seismic behavior of lap-spliced GFRP-RC rectangular columns. 

The analysis and discussion of the experimental results are presented in the following sections.  

6.2 TEST RESULTS AND DISCUSSION OF FLEXURAL TEST OF PRISMS 

Flexural strength of both the normal strength concrete (NSC) and the SFRC was determined 

using standard third-point loading test, performed on 100×100×300 mm prisms according to the 

ASTM standards C78/C78M-15b (ASTM 2016) and C1609/C1609M-12 (ASTM 2013). Flexural 

response of test prisms is represented by the load-deflection curve in Figure 6.1. Detailed test 

results are also summarized in Table 6.1. The load-deflection response for the SFRC can be 

divided into two phases; pre-cracking and post-cracking. The pre-cracking load-deflection 

response was linear with very minor deflection. The pre-cracking phase was followed by a non-

linear post-cracking phase. The flexural strength increased as the fiber content increased. For 

example, the first peak flexural strength of SFRC-1 (1% fiber content) and SFRC-2 (2% fiber 

content) was approximately 23 and 28% higher than that of the control prism PC (fp = 4.7 MPa). 

The ACI 318-14 (ACI Committee 318 2014) requires that the residual strengths at mid-span 

deflections of L/300 and L/150, where L is the span length, to be greater than 90% and 75% of 

the first-peak strength, respectively. The test results for SFRC-2 did meet these requirements 

while SFRC-1 did not. Nevertheless, the performance of full-scale lap spliced GFRP-RC 

columns made of both fiber contents showed very similar behavior in terms of the peak lateral 

resistance, energy dissipation, and hysteresis response, as discussed in the following sections.  
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To calculate concrete toughness, the deflection point of L/150 was considered, as recommended 

by ASTM C1609/C1609M-12 (ASTM 2013). Higher fiber content showed higher toughness 

(superior ductility), owing to the improvement of fiber bridging capacity. The calculated 

toughness of prism SFRC-2 was 2.4 times that of prism SFRC-1. 

 
(a) Photos for tested prisms 

 

(b) Load-deflection relationship  

Figure 6.1 - ASTM C1609 test results 
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Table 6.1 - ASTM C1609 test results 

Specimen PP 

(kN) 

δP 

(mm) 

fP 

(MPa) 

P
D

600 

(kN) 

f 
D

600 

(MPa) 

P
D

150 

(kN) 

f 
D

150 

(MPa) 

 T 
D

150 

(N.mm) 

PC 15.6 0.035 4.7 - - - - 329 
a 

SFRC-1 19.2 0.040 5.8 11.8 3.54 8.8 2.64 12,500 

SFRC-2 20.0 0.042  6.0 21.2 6.36 15.0 4.5 30,300  

a
 Area under the load vs. net deflection curve 0 to the first peak load. 

Note: PP = Peak load; δP = Net deflection at peak load; fP = Peak strength; P
D

600 = Residual load at net deflection of L/600; f 
D

600 = 

Residual strength at net deflection of L/600; P
D

150 = Residual load at net deflection of L/150; f 
D

150 = Residual strength at net 

deflection of L/150; T 
D

150 = Area under the load vs. net deflection curve 0 to L/150; L = Span length. 
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6.3 SERIES (III) – EFFECT OF AXIAL LOAD 

6.3.1 General Behavior, Cracking and Mode of Failure 

All specimens exhibited flexural failure, as shown in Figure 6.2. The first flexural crack in 

specimens G-10-III occurred at approximately 50 kN. The cracking load in specimens tested 

under higher axial loads G-15-III and G-20-III was 65 and 69 kN, respectively. Little damage 

was observed in the GFRP-RC specimens upon the application of initial lateral drifts. Typical 

horizontal flexural cracking pattern was observed on faces perpendicular to the direction of the 

applied lateral drifts. New flexural cracks appeared while the existing cracks were widened with 

increasing the applied drift. Also, the flexural cracks extended beyond the initial cracking 

towards the side faces. In addition to the flexural cracks, a crack at the column-footing interface 

was observed in all specimens at 1.5% drift ratio. Spalling of concrete cover for specimens 

subjected to higher axial load (G-15-III and G-20-III) started at 2% drift ratio.  For the Series 

(III) specimens, the concrete spalling was not pervasive. The spalling of concrete in these 

specimens was limited to approximately column depth (350 mm) from the column-footing 

interface.  

 
 (a) G-10-III (b) G-15-III (c) G-20-III 

Figure 6.2 - Photos of test specimens at failure – Series (III) 
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6.3.2 Strains in the Longitudinal Reinforcement 

Strain profiles for longitudinal column and dowel reinforcement for series (III), at 4% lateral 

drift ratio, are shown in Figure 6.3. The 4% was selected as a baseline to evaluate the behavior of 

the specimens since it represents the maximum allowable drift recommended by CSA/S806-12 

(CSA 2012), for the response of a structure to the seismic force. Moreover, excessive damage of 

the specimens at higher drift ratios led to the loss of strain gauges and, therefore, a complete 

strain profile cannot be drawn after the 4%. 

Specimen G-10-III showed typical behavior to that of adequately detailed lap spliced steel-RC 

columns. As shown in Figure 6.3(b), the measured strain in the column bar “C” at the beginning 

of the lap splice (960 mm from column-footing interface) was 1,360 με, while the strain 

developed at the middle of the lap splice (495 mm from column-footing interface) was 

approximately 2,630 με. This strain is approximately twice that at the beginning of the bar. 

These strain values indicate that the splice length was adequate. Moreover the dowel bar strain at 

this location was equal to 2,640 με which mean that there was no strain lag.  

Increasing the applied axial load from 0.10𝐴𝑔𝑓′𝑐 (450 kN) to either 0.15𝐴𝑔𝑓′𝑐 (650 kN) or 

0.20𝐴𝑔𝑓′𝑐 (850 kN) did not affect the shape of the strain profile, which indicates that a splice 

length of 60 db is still adequate under high axial load levels. As shown in Figure 6.3, the 

developed strains at the beginning of lap splice (960 mm from column footing interface) in 

specimens G-15-III and G-20-III were 23% and 65% less than that measured in specimen G-10-

III, respectively.  

The maximum measured strains in the dowel bars at the column-footing interface versus drift 

ratio for all test specimens are shown in Figure 6.4. Generally, all measured strains increased 
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gradually and were linear up to 1.5% drift ratio. Once the column-footing interface cracked, the 

longitudinal dowel bar strains started to increase non-linearly until the gauge malfunctioned. The 

maximum measured strains were in the range of 58 to 89% of the GFRP ultimate strain. For 

specimen G-10-III, the strain increased linearly up to 2% drift ratio. At 4% drift ratio, the 

measured strain was approximately 17,000 με which represent approximately 89% of the GFRP 

ultimate strain. The strains were 13,790 με and 10,890 με, for specimens G-15-III and G-20-III, 

respectively. These measured strains represent approximately 73 and 58% of the rupture strain of 

the used bars, respectively. 
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 (a) Column bar “A” (b) Column bar “C” 

 

 (c) Dowel bar “A” (d) Dowel bar “C” 

Figure 6.3 – Strain profiles at 4% drift ratio along the splice region – Series (III)
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Figure 6.4 - Maximum strain in the longitudinal reinforcement at the critical section versus drift 

ratio - Series (III) 

6.3.3 Lateral Load-Drift Response 

The lateral load-drift response envelope for Series (III) test columns is shown in Figure 6.5. 
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load capacity of the lap spliced GFRP-RC columns (Fig. 9 and 10). For example, the maximum 

measured lateral load resistance of specimens G-10-III, G-15-III and G-20-III was very similar; 

158 kN at 3% drift ratio, 156 kN at 6.5% drift ratio and 155 kN at 4% drift ratio, respectively. 

The strength degradation in specimens G-10-III, G-15-III and G-20-III, was 18, 15 and 16%, 

respectively. Similar results were reported by Choo et al. (2006) and Tavassoli et al. (2015). 

The hysteresis response of the Series (III) specimens is plotted in Figure 6.6. All specimens 

exhibited a stable elastic-linear response, followed by a non-linear behavior and a drop in lateral 

load capacity up to failure. The adequate lap splice length played an important role in enhancing 

the lateral load capacity and in reducing the concrete damage in the GFRP-RC specimens. For 

specimen G-10-III, the loops were narrow because of the linear-elastic behavior of the GFRP 

reinforcement. Significant strength degradation in specimen G-10-III, started at 8.5 and 6.5% 

drift ratio, respectively.  

As indicated by the hysteresis response, specimens G-15-III and G-20-III, showed approximately 

constant lateral load resistance up to 5 and 6.5% drift ratio, respectively. At higher drift ratios, 

the loops were narrow for the two specimens compared to those of the column with low axial 

load (G-10-III). This behavior is attributed to the increased stiffness of the columns under higher 

axial load, which also reduced the deformability and energy dissipation of the specimens. 
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Figure 6.5 - Load-lateral drift ratio relationship envelopes for all test specimens - Series (III) 
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Table 6.2 - Theoretical and experimental lateral capacity of test specimens – Series (III) 

 

Specimen 

 

Theoretical lateral 

capacity (𝑘𝑁) 

Experimental lateral capacity (kN) 

 

Peak 

 

At failure  

Strength 

degradation 

(%) 

G-10-III 
a
 97 158 at 3.0% drift 129 at 12.5% drift  18.0 

G-15-III 97 156 at 6.5% drift 124 at 12.5% drift 15.0 

G-20-III 100 155 at 4.0% drift 129 at 8.5% drift 16.0 

Note: 
a
 designated as “G-60db-I” in Series (I). 
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 G-10-III 

 

 G-15-III G-20-III 

Figure 6.6 - Hysteresis diagram for all test specimens - Series (III) 
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132, 109 and 86 kN.m for specimens G-10-III, G-15-III and G-20-III, respectively. This is due to 

the large damage observed in the GFRP-RC columns when subjected to higher axial loads. 

 

Figure 6.7 - Cumulative energy dissipation of test specimens – Series (III) 
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experience severe damage due to large deformations. Therefore, the term “inelastic deformability 

hinge” has been used for GFRP-RC columns (Hasaballa 2015). The contribution of each 

component to the total drift for Series (III) test specimens is shown in Figure 6.8. 

The contribution of the inelastic deformability hinge to the total rotation was 30% in specimen 

G-10-III, respectively, at 4% drift ratio. The rotation due to the main crack and other components 

(including cracking outside the inelastic deformability hinge in addition to the column curvature) 

was dominant in specimen G-10-III.   

Specimens G-15-III and G-20-III attracted more contribution to the total drift from the inelastic 

deformability hinge component. This behavior could be attributed to the excessive damage 

occurred to the inelastic deformability hinge in the specimens with higher axial load, as shown in 

Figure 6.2. Moreover, specimen G-10-III had a more stable rotation of the inelastic deformability 

hinge than specimens G-15-III and G-20-III, as the latter two experienced excessive damage at 

the inelastic deformability hinge zone. 
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(a) G-10-III 

  

 (b) G-15-III  (c) G-20-III     

Figure 6.8 - Percentage of contribution of total drift angle for test specimens – Series (III) 
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Figure 6.9 - Maximum strain in stirrups versus drift ratio – Series (III) 
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The final sign of failure of all specimens, following the crushing of concrete, was buckling and 

compression failure of the dowel bars. The failure of specimen G-0.0-IV occurred at 12.5% drift 

ratio. Specimen G-0.0-IV had inadequate lap splice length, as discussed earlier in chapter 5 

Series (I); however, it was able to reach high drift ratio because of the bar slippage and the 

observed excessive concrete damage that, in turn, resulted in more rotations. Failure of columns 

made of SFRC (G-1.0-IV and G-2.0-IV) occurred at 12.5% drift, without neither any indication 

of bond slippage nor development of splitting cracks. 

 

 (a) G-0.0-IV (b) G-1.0-IV (c) G-2.0-IV 

Figure 6.10 - Photos of test specimens at failure – Series (IV) (continued) 
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 (d) G-1.0-IV footing damage (e) G-2.0-IV footing damage 

Figure 6.10 - Photos of test specimens at failure – Series (IV) 

  6.4.2 Strains in the Longitudinal Reinforcement 

The strain profiles for specimen G-0.0-IV showed that the splice length was inadequate. As 

indicated in Figure 6.11, the strain developed at the beginning of lap splice (640 mm from 

column-footing interface) in column bar “C” was 9,415 με which was approximately 2.8 times  

the strain developed at the middle of the lap splice (3,396 με) for column bar “C”. This reveals 

that bond transfer mechanism was not fully developed, due to the slippage of the bars, leading to 

significant bond deterioration and excessive concrete damage (splitting cracks), along the splice 

length. Therefore, it was decided to increase the lap splice length to 60 db and check its 

adequacy. 

Specimens made of SFRC (G-1.0-IV and G-2.0-IV) showed a strain profiles which clearly 

indicate that the splice length of 40 db is adequate in GFRP-SFRC columns subjected to axial and 

cyclic-reversed loads. For example, in specimen G-1.0-IV at 4% drift ratio, the measured strain 

at the start of the splice (640 mm from the column-footing interface) in column bar “C” was 

3,000 με; 1.5 times that developed at the middle of the lap splice (4,555 με). Similarly, for 

specimen G-2.0-IV, the measured strain at the start of the splice in column bar “C” was 3,270 με; 

1.98 times the strain developed at the middle of the lap splice (4,555 με). Moreover, in these two 
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specimens, the measured strains at the beginning of lap splice were approximately one third of 

the measured strain in specimen G-0.0-IV. This was due to the presence of the steel fibers that 

prevented splitting bond cracks in these specimens.  

The maximum measured strains in the dowel bars at the column-footing interface versus drift 

ratio for Series (IV) test specimens are shown in Figure 6.12. The maximum measured strains 

were in the range of 78 to 87% of the GFRP ultimate strain. For specimen G-0.0-IV with 

inadequate splice length, the strain at the column-footing interface was approximately 14,800 με. 

The maximum strains developed in the longitudinal dowel bars at 4% drift ratio for specimens 

G-1.0-IV and G-2.0-IV reached 85 and 87% of the ultimate tensile strain of the GFRP bars, 

respectively (Figure 6.12). The higher strains developed in specimens G-1.0-IV and G-2.0-IV, 

compared to that in specimen G-0.0-IV without steel fibers, are in good agreement with the 

damage progression at the critical section (column-footing interface), as shown in Figure 6.10 (d) 

and 6.10 (e).   
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 (a) Column bar “A” (b) Column bar “C” 

 

 (c) Dowel bar “A” (d) Dowel bar “C” 

Figure 6.11 – Strain profiles at 4% drift ratio along the splice region – Series (IV)
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Figure 6.12 - Maximum strain in the longitudinal reinforcement at the critical section versus drift 

ratio - Series (IV) 

6.4.3 Lateral Load-Drift Response 

The lateral load-drift response envelope for Series (IV) columns is shown in Figure 6.13. Also, 
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those at failure. For specimen G-0.0-IV, the lateral load capacity was approximately constant 

starting at 3% drift ratio to 5% drift ratio. The maximum lateral capacity was 144 kN at 4.0% 

drift ratio. However, a considerable decrease in lateral capacity was observed at 6.5% drift ratio. 

The failure occurred at 12.5% drift ratio with 26% degradation in strength. As such, the presence 

of lap splice resulted in an adverse effect on both the lateral capacity and strength degradation.  
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On the other hand, columns made of SFRC (G-1.0-IV and G-2.0-IV) showed higher lateral load 

capacity compared to specimen G-0.0-IV. Specimens G-1.0-IV and G-2.0-IV reached their peak 

lateral load of 160 kN at 5% drift ratio, followed by insignificant drop in lateral load resistance 

up to 8.5% drift ratio. Specimens G-1.0-IV and G-2.0-IV failed at 12.5% drift ratio with 24 and 

21% strength degradation, respectively. This value (160 kN) was 11% higher than the maximum 

lateral load of specimen G-0.0-IV. Both columns made of SFRC (G-1.0-IV and G-2.0-IV) 

reached the same peak lateral load of 160 kN. This indicates that increasing the steel fiber 

content from 1 to 2% was not effective in increasing the lateral load capacity.  

The hysteresis response of Series (IV) tested specimens is plotted in Figure 6.14. The SFRC 

played an important role in enhancing the lateral load capacity and in reducing the concrete 

damage in the GFRP-RC specimens.  For specimen G-0.0-IV, the loops were narrow because of 

the linear-elastic behavior of the GFRP reinforcement. There was a sudden lateral strength 

degradation observed after 5% drift ratio for the specimen G-0.0-IV.   

Specimens G-1.0-IV and G-2.0-IV exhibited wider hysteresis loops after 5% drift ratio compared 

to other columns made of NSC. This behavior is attributed to the ability of the steel fibers to 

arrest the development of cracks that resulted in improving the post-cracking stiffness which, in 

turn, enhanced the deformability of the lap spliced GFRP-SFRC specimens.  
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Figure 6.13 - Load-lateral drift ratio relationship envelopes for all test specimens - Series (IV) 
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Table 6.3 - Theoretical and experimental lateral capacity of test specimens – Series (IV) 

 

Specimen 

 

Theoretical lateral 

capacity (𝑘𝑁) 

Experimental lateral capacity (kN) 

 

Peak 

 

At failure  

Strength degradation 

(%) 

G-0.0-IV 
a
 97 144 at 4.0% drift  106 at 12.5% drift  26.0 

G-1.0-IV 108 160 at 5.0% drift 122 at 12.5% drift 24.0 

G-2.0-IV 107 160 at 5.0% drift  126 at 12.5% drift  21.0 

Note: 
a
 designated as “G-40db-I” in Series (I). 
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(a) G-0.0-IV 

 

                             (b) G-1.0-IV                                                     (c) G-2.0-IV 

Figure 6.14 - Hysteresis diagram for all test specimens - Series (IV) 
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12.5% drift ratio, specimens G-1.0-IV and G-2.0-IV showed approximately 50 and 56% higher 

cumulative energy dissipation compared to specimen G-0.0-IV. It should be noted that the 

cumulative energy dissipation of specimens G-1.0-IV and G-2.0-IV was even greater than that of 

specimen G-10-III (specimen with adequate lap splice). This was a result of the wide hysteresis 

loops exhibited by specimens G-1.0-IV and G-2.0-IV especially at higher drift ratios which 

might be a result of the yielding of the steel fibers. 

 

Figure 6.15 - Cumulative energy dissipation of test specimens – Series (IV) 
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the developed cracking pattern for these two specimens where the intensity of cracks and 

spalling of concrete cover was significantly higher in the splice region in specimen G-0.0-IV 

(Figure 6.10(a)) compared to those in specimen G-10-III (Figure 6.2(a)). 

Specimens G-1.0-IV and G-2.0-IV with steel fibers showed stable inelastic deformability hinge 

rotation, in contrast to specimen G-0.0-IV without steel fibers. Furthermore, the contribution of 

the main crack to the total column rotation was higher in the lap spliced GFRP-SFRC specimens 

compared to their GFRP-RC counterpart, G-0.0-IV. This agrees well with the observed cracking 

pattern of the specimens, as shown in Figure 6.10. There was no visible detachment of the 

concrete cover in specimens G-1.0-IV and G-2.0-IV. Even no concrete portions were found 

hanging from the column at the hinging region (350 mm from the column-footing interface), in 

these specimens. However, specimen G-0.0-IV exhibited excessive concrete damage due to 

bond-slip between the GFRP bars and concrete and hence, inelastic deformability hinge showed 

more contribution to the total column rotation than the main crack. 

 

(a) G-0.0-IV 

Figure 6.16 - Percentage of contribution of total drift angle for test specimens – Series (IV) 
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                              (b) G-1.0-IV                                                           (c) G-2.0-IV 

Figure 6.16 - Percentage of contribution of total drift angle for test specimens – Series (IV) 

(continued) 

6.3.6 Strains in Transverse Reinforcement 

The maximum stirrup strain versus the drift ratio for Series (IV) specimens is shown in Figure 

6.17. The measured stirrup strain in specimen G-0.0-IV was 3,000 με, at 4% drift ratio. 

Maximum developed strains in the stirrups in specimens G-1.0-IV and G-2.0-IV were 

significantly lower than those measured in specimen G-0.0-IV. For example, at 4% drift ratio, 

the maximum stirrup strain in specimen G-1.0-IV was 667 με, which is 78% less than the 

maximum stirrup strain in specimen G-0.0-IV. Similarly, at 4% drift ratio the maximum stirrup 

strain in specimen G-2.0-IV was 470 με, which is 84% less than the maximum stirrup strain for 

specimen G-0.0-IV. The reduction in transverse reinforcement strain indicates that the steel 

fibers were effective in arresting the diagonal cracks (fibers bridging diagonal cracks).  
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Figure 6.17 - Maximum strain in stirrups versus drift ratio – Series (IV) 
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CHAPTER 7 – CONCLUSIONS AND FUTURE WORK 

7.1 SUMMARY 

The use of GFRP reinforcement, as a replacement of the steel reinforcement in concrete 

structures, has become a viable solution for the corrosion of steel reinforcing bars. Nevertheless, 

the different mechanical characteristics of GFRP bars must be considered. The GFRP bars 

behave in a linear-elastic manner (no yielding) up to failure and have a relatively low modulus of 

elasticity compared to steel bars. Moreover, they have different bond characteristics which are 

very critical in transferring forces between lap spliced bars. Therefore, the current codes for 

steel-RC members cannot be directly used for the GFRP-RC members.  

A considerable amount of research has been conducted on the cyclic behavior of lap-spliced 

steel-RC columns. A splice length of 40 db was found to be adequate where db is the largest 

diameter of column reinforcing bars; however, good confinement should be provided by 

transverse reinforcement (Paulay et al. 1981; Lukose et al. 1982; Coffman et al. 1993; Stapleton 

et al. 2005). 

Recent studies on the behavior of GFRP-RC columns subjected to cyclic-reversed loads showed 

that the use of GFRP bars as reinforcement is feasible in RC columns in seismic regions 

(Sharbatadar 2003, Tavassoli et al. 2015 and Ali and El-Salakawy 2016). However, no test data 

exists on the adequate lap splice length for GFRP-RC columns subjected to simultaneous axial 

and lateral reversed loading.  

This research program investigated the behavior of GFRP-RC columns with lap splices subjected 

to cyclic reversed loads. The behavior was studied experimentally using full-scale concrete 
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cantilever columns. In the experimental program ten full-scale square (350×350 mm
2
) columns 

were designed, constructed and tested under concurrent axial load and simulated seismic loading. 

Each column prototype represented the part of a first story column between foundation and 

assumed point of contra-flexure at column mid-height. Each column had 1850 mm cantilever 

length and a shear span of 1650 mm. To provide rotational fixity to the column, 1400×1400×600 

mm
3
 steel-RC footing was provided. The dimensions were selected to be descriptive of generally 

found columns in RC-structures. 

The primary objective of this study was to investigate the behavior of lap splices in GFRP-RC 

columns under cyclic load under the influence of four parameters, which were: reinforcement 

type, lap splice length of longitudinal GFRP reinforcement, spacing of transverse reinforcement, 

level of applied constant axial load, and the effect of steel fibers. 

7.2 CONCLUSIONS 

Based on the results of the tested connections, the following conclusions can be drawn: 

1. Splice lengths equal to 40 and 50 times the diameter of the longitudinal GFRP column 

reinforcing bars were not adequate in transferring the full bond forces along the splice 

length, due to bond slippage and splitting cracks. Test results indicated that, inadequate 

splice length ultimately led to the formation of a secondary inelastic deformability hinge 

at the end of the splice. Furthermore, the bond slippage resulted in a decrease in the 

lateral capacity of the column. 

2. The GFRP-RC column with a lap splice length of 60 times the diameter of the 

longitudinal column bar could achieve a lateral load resistance that is very similar to that 

of identical column without splice, with a stable hysteresis response up to failure. Also, it 
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was able to achieve a drift ratio of 12.5% at failure which is 500 and 312.5 % more than 

the drift ratio recommended by the National Building Code of Canada (NRCC 2015) and 

CSA/S806-12 (CSA 2012), respectively.  Moreover, lap spliced GFRP-RC columns 

showed higher cumulative energy dissipation than identical columns without splices; 

however, the cumulative energy was significantly lower than that in lap spliced steel-RC 

column.  

3. The use of closely spaced transverse reinforcement improved the response of columns to 

cyclic loading. The closely spaced transverse reinforcement enhanced the level of 

confinement, which increased the deformability and prevented the early crushing of 

concrete. The requirement of the Canadian standard CSA/S806-12 (CSA 2012) for the 

amount of confinement provided by GFRP transverse reinforcement is adequate to ensure 

stability of lap spliced longitudinal bars. For instance, the efficiency of widely spaced 

GFRP transverse reinforcement was found to be unreliable, and should be ignored in 

seismic design of GFRP columns.  

4. Lap spliced GFRP-RC columns under higher axial loads experienced more deterioration 

at the critical hinging regions, and demonstrated lower levels of deformability. However, 

these columns displayed the ability to maintain higher axial and lateral load carrying 

capacity at large drift ratios, despite the heavy damage. This indicates that the provided 

lap splice length of 60 times the bar diameter of the longitudinal GFRP column 

reinforcement, and the lateral strength and stiffness of the specimen, was adequate to 

prevent any collapse hazard. 

5. The addition of steel fibers to normal strength concrete significantly improved the 

performance of GFRP-RC columns with inadequate lap splice length. The results showed 
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that, adding the steel fibers not only prevented the spalling of concrete but also increased 

the confinement and deformability of the GFRP-RC columns with inadequate lap splice 

length. Furthermore, increasing the steel fiber content from 1 to 2% did not show further 

superior performance. 

7.3 FUTURE WORK 

The following are suggestions for further studies on the seismic behaviour of lap spliced 

GFRP-RC columns: 

1. Study the effects of GFRP lap splice locations on the strength and deformability of 

GFRP-RC columns, subjected to cyclic reversed loading. The GFRP lap splice 

locations such as (1) all within critical region, (2) all outside critical region, and (3) 

lap splices staggered alternately so that 50% of the lap splices are located within the 

critical region and the rest outside the critical region.  

2. Study the influence of different confinement configurations on the seismic behavior 

of lap spliced GFRP-RC columns. The confinement configurations may include (1) 

only single- perimeter ties, (2) combination of perimeter ties and intermediate ties for 

interior spliced bars, (3) combination of perimeter ties and “C” shaped crossties for 

interior spliced bars. 

3. Find out the lowest limit for the ratio   
𝜌𝐹𝑅𝑃

𝜌𝐹𝑅𝑃,𝑏
⁄  in lap-spliced GFRP-RC columns 

subjected to seismic loading, to avoid brittle rupture of the GFRP longitudinal 

reinforcement. 

4. Study the seismic behavior of lap-spliced GFRP-RC columns with different 

longitudinal reinforcement ratio. 
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5. Study the effect of high strength concrete on the seismic behavior of lap-spliced 

GFRP-RC columns. 

6. Investigate the behavior of hybrid seismic resistant system, which may consist of 

metallic dampers and GFRP-RC columns. This hybrid system will limit the steel 

corrosion problem, and will allow the GFRP-RC columns to absorb significant 

amount of seismic energy. 

7. Study the effect of steel fiber volumetric ratio lower than 1%, on the lap spliced 

GFRP-RC columns subjected to cyclic reversed loading. 

8. Use of self-consolidating concrete should be considered to cast lap-spliced GFRP-RC 

columns, with or without steel fibers.  This is expected to reduce or eliminate the 

presence of honeycomb regions. 
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A.1 DESIGN FOR FLEXURE 

 

Figure A.1 – Specimen S-40db-I reinforcement details 
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A.1.1 Material and Sectional Properties 

 Concrete Properties 

𝑓′
𝑐
 = 35 MPa, 𝜑𝑐 = 1, 𝐸𝑐 = 4500√𝑓′

𝑐
  = 26,622MPa 

𝛼1 = 0.85-0.0015𝑓′
𝑐
 = 0.797 ɛ 𝑐𝑢 = 0.0035  𝛽1 = 0.97-0.0025𝑓′

𝑐
 = 0.88 

 Longitudinal Reinforcement: Steel Bars 

𝑓𝑦 = 400 MPa,  𝜑𝑠 = 1,  𝐸𝑠 = 200GPa,  𝐴𝑏 = 200 mm
2
 ɛ 𝑦 = 0.2% 

 

 Cross Section Properties 

 𝐴𝑠 = 8 𝜑 16 = 8 * 200 = 1600 mm
2
,  𝜌𝑠 = 1.3%  h = 350 mm, b = 350 mm 

A.1.2 Calculations required to develop interaction diagram  

 Point (1): Pure Axial Load 

P1 = 𝛼1𝜑𝑐𝑓′
𝑐
(𝐴𝑔-𝐴𝑠𝑡) + 𝜑𝑠𝑓𝑦𝐴𝑠𝑡    Clause (10.10.4) 

P1 = (0.797 * 1 * 35 (350
2 

– 8 * 200) + 1 * 400 * 8 *200) * 10
-3

 = 4012 kN 

Point (1): M1 = 0.0 kN.m, P1 = 4012 kN 

 Balanced Point 

ɛ 𝑐𝑢 = 0.0035 

ɛ 𝑠3 = ɛ 𝑦 =0.002 

∴ 𝑓𝑠3 = 𝑓𝑦 = 400 MPa 

𝑐 𝑏 = (
ɛ 𝑐𝑢

ɛ 𝑐𝑢+ɛ 𝑠3
)𝑑3 = 

0.0035

0.0035+0.002
 * 307 = 195.4 mm 

ɛ 𝑠1 = ɛ 𝑐𝑢 (1 −
𝑑1

𝑐 𝑏
) = 0.0035 * (1 −

43

195.4
) = 0.0027 > ɛ 𝑦 = 0.002 

∴ 𝑓𝑠1 = 𝑓𝑦 = 400 MPa 

ɛ 𝑠2 = ɛ 𝑐𝑢 (1 −
𝑑2

𝑐 𝑏
) = 0.0035 * (1 −

175

195.4
) = 0.000365 
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𝑓𝑠2 = 73 MPa 

𝐶𝑐 = 𝛼1𝜑𝑐𝑓′
𝑐
𝛽1𝑐𝑏 = 0.797 * 1 *35 * 0.88 * 195.4 * 350 * 10

-3
 = 1678.8 kN 

𝐶𝑠1 = 𝜑𝑠𝐴𝑠1𝑓𝑦 = 1 * 600 * 400 * 10
-3

 = 240 kN 

𝐶𝑠2 = 𝜑𝑠𝐴𝑠2𝑓𝑠2 = 1 * 400 * 73 * 10
-3

 = 29.2 kN 

𝑇𝑠3 = 𝜑𝑠𝐴𝑠3𝑓𝑠3 = 1 * 600 * 400 * 10
-3

 = 240 kN 

P2 = 𝐶𝑐 + 𝐶 𝑠1 +𝐶 𝑠2 - 𝑇 𝑠3 = 1708 kN 

M2 = 𝐶𝑐 (
ℎ

2
−

𝛽1𝑐 𝑏

2
) + 𝐶 𝑠1 (

ℎ

2
− 𝑑1) - 𝐶 𝑠3 (𝑑3-

ℎ

2
) 

M2 = {1678.8 (175-86) + 240 (175-43) + 240 (307-175)} * 10
-3

 = 212.8 kN.m 

Balanced Point: Mb = 212.8 kN.m, Pb = 1708 kN 

 Point (2): c = 350 mm 

𝐶𝑐 = 𝛼1𝜑𝑐𝑓′
𝑐
𝛽1𝑐𝑏 = 0.797 * 1 *35 * 0.88 * 350

2
 * 10

-3
 = 3007 kN 

ɛ 𝑠1 = ɛ 𝑐𝑢 (1 −
𝑑1

𝑐
) = 0.0035 * (1 −

43

350
) = 0.0031 > ɛ 𝑦 = 0.002 

∴ 𝑓𝑠1 = 𝑓𝑦 = 400 MPa 

ɛ 𝑠2 = ɛ 𝑐𝑢 (1 −
𝑑2

𝑐
) = 0.0035 * (1 −

175

350
) = 0.00175 

𝑓𝑠2 = 350 MPa 

ɛ 𝑠3 = ɛ 𝑐𝑢 (1 −
𝑑3

𝑐
) = 0.0035 * (1 −

307

350
) = 0.00043 

𝑓𝑠3 = 86 MPa 

𝐶𝑠1 = 𝜑𝑠𝐴𝑠1𝑓𝑦 = 1 * 600 * 400 * 10
-3

 = 240 kN 

𝐶𝑠2 = 𝜑𝑠𝐴𝑠2𝑓𝑠2 = 1 * 400 * 350 * 10
-3

 = 140 kN 

𝐶𝑠3 = 𝜑𝑠𝐴𝑠3𝑓𝑠3 = 1 * 600 * 86 * 10
-3

 = 51.6 kN 

P2 = 𝐶𝑐 + 𝐶 𝑠1 +𝐶 𝑠2 + 𝐶 𝑠3 =3438.6 kN 
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M2 = 𝐶𝑐 (
ℎ

2
−

𝛽1𝑐

2
) + 𝐶 𝑠1 (

ℎ

2
− 𝑑1) - 𝐶 𝑠3 (𝑑3-

ℎ

2
) 

M2 = {3007 (175-154) + 240 (175-43) – 51.6 (307-175)} * 10
-3

 = 88 kN.m 

Point (2): M2 = 88 kN.m, P2 = 3438.6 kN 

 Point (3): c = 300 mm 

𝐶𝑐 = 𝛼1𝜑𝑐𝑓′
𝑐
𝛽1𝑐𝑏 = 0.797 * 1 *35 * 0.88 * 300 * 350 * 10

-3
 = 2577.5 kN 

ɛ 𝑠1 = ɛ 𝑐𝑢 (1 −
𝑑1

𝑐
) = 0.0035 * (1 −

43

300
) = 0.003 > ɛ 𝑦 = 0.002 

∴ 𝑓𝑠1 = 𝑓𝑦 = 400 MPa 

ɛ 𝑠2 = ɛ 𝑐𝑢 (1 −
𝑑2

𝑐
) = 0.0035 * (1 −

175

300
) = 0.00146 

𝑓𝑠2 = 291.6 MPa 

ɛ 𝑠3 = ɛ 𝑐𝑢 (
𝑑3

𝑐
− 1) = 0.0035 * (

307

300
− 1) = 0.000082 

𝑓𝑠3 = 16.3 MPa 

𝐶𝑠1 = 𝜑𝑠𝐴𝑠1𝑓𝑦 = 1 * 600 * 400 * 10
-3

 = 240 kN 

𝐶𝑠2 = 𝜑𝑠𝐴𝑠2𝑓𝑠2 = 1 * 400 * 291.6 * 10
-3

 = 116.6 kN 

𝑇𝑠3 = 𝜑𝑠𝐴𝑠3𝑓𝑠3 = 1 * 600 * 16.3 * 10
-3

 = 9.8 kN 

P3 = 𝐶𝑐 + 𝐶 𝑠1 +𝐶 𝑠2 - 𝑇 𝑠3 = 2924.3 kN 

M3 = 𝐶𝑐 (
ℎ

2
−

𝛽1𝑐

2
) + 𝐶 𝑠1 (

ℎ

2
− 𝑑1) + 𝑇 𝑠3 (𝑑3-

ℎ

2
) 

M3 = {2577.5 (175-132) + 240 (175-43) + 16.3 (307-175)} * 10
-3

 = 144.6 kN.m 

Point (3): M3 = 144.6 kN.m, P3 = 2924.3 kN 

 Point (4): c = 250 mm 

𝐶𝑐 = 𝛼1𝜑𝑐𝑓′
𝑐
𝛽1𝑐𝑏 = 0.797 * 1 *35 * 0.88 * 250 * 350 * 10

-3
 = 2148 kN 

ɛ 𝑠1 = ɛ 𝑐𝑢 (1 −
𝑑1

𝑐
) = 0.0035 * (1 −

43

250
) = 0.0029 > ɛ 𝑦 = 0.002 
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∴ 𝑓𝑠1 = 𝑓𝑦 = 400 MPa 

ɛ 𝑠2 = ɛ 𝑐𝑢 (1 −
𝑑2

𝑐
) = 0.0035 * (1 −

175

250
) = 0.00105 

𝑓𝑠2 = 210 MPa 

ɛ 𝑠3 = ɛ 𝑐𝑢 (
𝑑3

𝑐
− 1) = 0.0035 * (

307

250
− 1) = 0.00079 

𝑓𝑠3 = 158 MPa 

𝐶𝑠1 = 𝜑𝑠𝐴𝑠1𝑓𝑦 = 1 * 600 * 400 * 10
-3

 = 240 kN 

𝐶𝑠2 = 𝜑𝑠𝐴𝑠2𝑓𝑠2 = 1 * 400 * 210 * 10
-3

 = 84 kN 

𝑇𝑠3 = 𝜑𝑠𝐴𝑠3𝑓𝑠3 = 1 * 600 * 158 * 10
-3

 = 94.8 kN 

P4 = 𝐶𝑐 + 𝐶 𝑠1 +𝐶 𝑠2 - 𝑇 𝑠3 = 2377.2 kN 

M4 = 𝐶𝑐 (
ℎ

2
−

𝛽1𝑐

2
) + 𝐶 𝑠1 (

ℎ

2
− 𝑑1) + 𝑇 𝑠3 (𝑑3-

ℎ

2
) 

M4 = {2148 (175-110) + 240 (175-43) + 94.8 (307-175)} * 10
-3

 = 183.8 kN.m 

Point (4): M4 = 183.8 kN.m, P4 = 2377.2 kN 

 Point (5): c = 200 mm 

𝐶𝑐 = 𝛼1𝜑𝑐𝑓′
𝑐
𝛽1𝑐𝑏 = 0.797 * 1 *35 * 0.88 * 200 * 350 * 10

-3
 = 1718 kN 

ɛ 𝑠1 = ɛ 𝑐𝑢 (1 −
𝑑1

𝑐
) = 0.0035 * (1 −

43

200
) = 0.00274 > ɛ 𝑦 = 0.002 

∴ 𝑓𝑠1 = 𝑓𝑦 = 400 MPa 

ɛ 𝑠2 = ɛ 𝑐𝑢 (1 −
𝑑2

𝑐
) = 0.0035 * (1 −

175

200
) = 0.00044 

𝑓𝑠2 = 88 MPa 

ɛ 𝑠3 = ɛ 𝑐𝑢 (
𝑑3

𝑐
− 1) = 0.0035 * (

307

200
− 1) = 0.00187 

𝑓𝑠3 = 374 MPa 

𝐶𝑠1 = 𝜑𝑠𝐴𝑠1𝑓𝑦 = 1 * 600 * 400 * 10
-3

 = 240 kN 
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𝐶𝑠2 = 𝜑𝑠𝐴𝑠2𝑓𝑠2 = 1 * 400 * 88 * 10
-3

 = 35.2 kN 

𝑇𝑠3 = 𝜑𝑠𝐴𝑠3𝑓𝑠3 = 1 * 600 * 374 * 10
-3

 = 224.4 kN 

P5 = 𝐶𝑐 + 𝐶 𝑠1 +𝐶 𝑠2 - 𝑇 𝑠3 = 1768.8 kN 

M5 = 𝐶𝑐 (
ℎ

2
−

𝛽1𝑐

2
) + 𝐶 𝑠1 (

ℎ

2
− 𝑑1) + 𝑇 𝑠3 (𝑑3-

ℎ

2
) 

M5 = {1718 (175-88) + 240 (175-43) +224.4 (307-175)} * 10
-3

 = 210.8 kN.m 

Point (5): M5 = 210.8 kN.m, P5 = 1768.8 kN 

 Point (6): c = 150 mm 

𝐶𝑐 = 𝛼1𝜑𝑐𝑓′
𝑐
𝛽1𝑐𝑏 = 0.797 * 1 *35 * 0.88 * 150 * 350 * 10

-3
 = 1288.7 kN 

ɛ 𝑠1 = ɛ 𝑐𝑢 (1 −
𝑑1

𝑐
) = 0.0035 * (1 −

43

150
) = 0.0025 > ɛ 𝑦 = 0.002 

∴ 𝑓𝑠1 = 𝑓𝑦 = 400 MPa 

ɛ 𝑠2 = ɛ 𝑐𝑢 (
𝑑2

𝑐
− 1) = 0.0035 * (

175

150
− 1) = 0.00058 

𝑓𝑠2 = 116.7 MPa 

ɛ 𝑠3 = ɛ 𝑐𝑢 (
𝑑3

𝑐
− 1) = 0.0035 * (

307

150
− 1) = 0.0036 > ɛ 𝑦 = 0.002 

∴ 𝑓𝑠3 = 𝑓𝑦 = 400 MPa 

𝐶𝑠1 = 𝜑𝑠𝐴𝑠1𝑓𝑦 = 1 * 600 * 400 * 10
-3

 = 240 kN 

𝑇𝑠2 = 𝜑𝑠𝐴𝑠2𝑓𝑠2 = 1 * 400 * 116.7 * 10
-3

 = 46.7 kN 

𝑇𝑠3 = 𝜑𝑠𝐴𝑠3𝑓𝑠3 = 1 * 600 * 400 * 10
-3

 = 240 kN 

P6 = 𝐶𝑐 + 𝐶 𝑠1 - 𝑇 𝑠2 - 𝑇 𝑠3 = 1242 kN 

M6 = 𝐶𝑐 (
ℎ

2
−

𝛽1𝑐

2
) + 𝐶 𝑠1 (

ℎ

2
− 𝑑1) + 𝑇 𝑠3 (𝑑3-

ℎ

2
) 

M6 = {1288.7 (175-66) + 240 (175-43) +240 (307-175)} * 10
-3

 = 204 kN.m 

Point (6): M6 = 204 kN.m, P6 = 1242 kN 
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 Point (7): c = 100 mm 

𝐶𝑐 = 𝛼1𝜑𝑐𝑓′
𝑐
𝛽1𝑐𝑏 = 0.797 * 1 *35 * 0.88 * 100 * 350 * 10

-3
 = 859.2 kN 

ɛ 𝑠1 = ɛ 𝑐𝑢 (1 −
𝑑1

𝑐
) = 0.0035 * (1 −

43

100
) = 0.002 = ɛ 𝑦 = 0.002 

∴ 𝑓𝑠1 = 𝑓𝑦 = 400 MPa 

ɛ 𝑠2 = ɛ 𝑐𝑢 (
𝑑2

𝑐
− 1) = 0.0035 * (

175

100
− 1) = 0.0026 > ɛ 𝑦 = 0.002 

∴ 𝑓𝑠2 = 𝑓𝑦 = 400 MPa 

ɛ 𝑠3 = ɛ 𝑐𝑢 (
𝑑3

𝑐
− 1) = 0.0035 * (

307

100
− 1) = 0.0072 > ɛ 𝑦 = 0.002 

∴ 𝑓𝑠3 = 𝑓𝑦 = 400 MPa 

𝐶𝑠1 = 𝜑𝑠𝐴𝑠1𝑓𝑦 = 1 * 600 * 400 * 10
-3

 = 240 kN 

𝑇𝑠2 = 𝜑𝑠𝐴𝑠2𝑓𝑠2 = 1 * 400 * 400 * 10
-3

 = 160 kN 

𝑇𝑠3 = 𝜑𝑠𝐴𝑠3𝑓𝑠3 = 1 * 600 * 400 * 10
-3

 = 240 kN 

P7 = 𝐶𝑐 + 𝐶 𝑠1 - 𝑇 𝑠2 - 𝑇 𝑠3 = 699.2 kN 

M7 = 𝐶𝑐 (
ℎ

2
−

𝛽1𝑐

2
) + 𝐶 𝑠1 (

ℎ

2
− 𝑑1) + 𝑇 𝑠3 (𝑑3-

ℎ

2
) 

M7 = {859.2 (175-44) + 240 (175-43) +240 (307-175)} * 10
-3

 = 176 kN.m 

Point (7): M7 = 176 kN.m, P7 = 699.2 kN 

 Point (8): c = 45 mm 

𝐶𝑐 = 𝛼1𝜑𝑐𝑓′
𝑐
𝛽1𝑐𝑏 = 0.797 * 1 *35 * 0.88 * 45 * 350 * 10

-3
 = 386.6 kN 

ɛ 𝑠1 = ɛ 𝑐𝑢 (1 −
𝑑1

𝑐
) = 0.0035 * (1 −

43

45
) = 0.000156 

 𝑓𝑠1 = 31.1 MPa 

ɛ 𝑠2 = ɛ 𝑐𝑢 (
𝑑2

𝑐
− 1) = 0.0035 * (

175

45
− 1) = 0.0107 > ɛ 𝑦 = 0.002 

∴ 𝑓𝑠2 = 𝑓𝑦 = 400 MPa 
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ɛ 𝑠3 = ɛ 𝑐𝑢 (
𝑑3

𝑐
− 1) = 0.0035 * (

307

45
− 1) = 0.0212 > ɛ 𝑦 = 0.002 

∴ 𝑓𝑠3 = 𝑓𝑦 = 400 MPa 

𝐶𝑠1 = 𝜑𝑠𝐴𝑠1𝑓𝑠1 = 1 * 600 * 31.1 * 10
-3

 = 18.6 kN 

𝑇𝑠2 = 𝜑𝑠𝐴𝑠2𝑓𝑠2 = 1 * 400 * 400 * 10
-3

 = 160 kN 

𝑇𝑠3 = 𝜑𝑠𝐴𝑠3𝑓𝑠3 = 1 * 600 * 400 * 10
-3

 = 240 kN 

P7 = 𝐶𝑐 + 𝐶 𝑠1 - 𝑇 𝑠2 - 𝑇 𝑠3 = 5.2 kN 

M7 = 𝐶𝑐 (
ℎ

2
−

𝛽1𝑐

2
) + 𝐶 𝑠1 (

ℎ

2
− 𝑑1) + 𝑇 𝑠3 (𝑑3-

ℎ

2
) 

M7 = {386.6 (175-19.8) + 18.6 (175-43) +240 (307-175)} * 10
-3

 = 94.1 kN.m 

Point (8): M8 = 94.13 kN.m, P8 = 5.2 kN 

 

Applied constant axial load: PA = 10% * 𝐴𝑔𝑓′
𝑐
 ≈ 450 kN  M = unknown 

Assume 𝑐 = 77.25 mm 

𝐶𝑐 = 𝛼1𝜑𝑐𝑓′
𝑐
𝛽1𝑐𝑏 = 0.797 * 1 *35 * 0.88 * 77.25 * 350 * 10

-3
 = 663.7 kN 

ɛ 𝑠1 = ɛ 𝑐𝑢 (1 −
𝑑1

𝑐
) = 0.0035 * (1 −

43

77.25
) = 0.00156  

𝑓𝑠1 = 310.3 MPa 

ɛ 𝑠2 = ɛ 𝑐𝑢 (
𝑑2

𝑐
− 1) = 0.0035 * (

175

77.25
− 1) = 0.0044 > ɛ 𝑦 = 0.002 

∴ 𝑓𝑠2 = 𝑓𝑦 = 400 MPa 

ɛ 𝑠3 = ɛ 𝑐𝑢 (1 −
𝑑3

𝑐
) = 0.0035 * (

307

77.25
− 1) = 0.0104 > ɛ 𝑦 = 0.002 

∴ 𝑓𝑠3 = 𝑓𝑦 = 400 MPa 

𝐶𝑠1 = 𝜑𝑠𝐴𝑠1𝑓𝑠1 = 1 * 600 * 310.3 * 10
-3

 = 186.18 kN 

𝑇𝑠2 = 𝜑𝑠𝐴𝑠2𝑓𝑠2 = 1 * 400 * 400 * 10
-3

 = 160 kN 
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𝑇𝑠3 = 𝜑𝑠𝐴𝑠3𝑓𝑠3 = 1 * 600 * 400 * 10
-3

 = 240 kN 

Check force equilibrium: 

𝐶𝑐 + 𝐶𝑠1 = 𝑇𝑠2 + 𝑇𝑠3 + PA  

⇒ 663.7 + 186.18 = 160 + 240 + 450 

⇒ 849.88 kN ≈ 850 kN 

M = {663.7 (175-33.99) + 186.18 (175-43) +240 (307-175)} * 10
-3

 = 150 kN.m 

Lateral load capacity = PL = M/1.65 = 150/1.65 = 91 kN 

 

Figure A.2 - Calculated column interaction diagram for Specimen S-40db-I 
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A.2 DESIGN FOR SHEAR 

A.2.1 Material and Sectional Properties 

 Shear reinforcement and characteristics: 

𝑓𝑦 = 400 MPa  𝜑𝑠 = 1,  𝐸𝑠 = 200GPa,  𝐴𝑣 = 300 mm
2
 ɛ 𝑦 = 0.2% 

 

Applied lateral shear force VL = 91 kN 

 

Vr = Vc + Vs 

Vc = 𝜑𝑐𝜆𝛽√𝑓′
𝑐
𝑏𝑤𝑑𝑣 

From CSA/423.3-14 Clause 21.3.2.7.2 

𝛽 ≤ 0.1 ϴ ≥ 45▫    

From CSA/423.3-14 Clause 11.3.6.4 

ɛ𝑥 = 

𝑀𝑓

𝑑𝑣
+𝑣𝑓+0.5𝑁𝑓

2𝐸𝑠𝐴𝑠
 

ɛ𝑥 = 

150∗106

276
+91∗103−0.5∗450∗103

2∗200000∗600
 = 1.706 * 10

-3 

𝛽 = 
0.4

1+1500∗ɛ𝑥
∗

1300

1000+𝑠𝑧𝑒
 

Since, 𝐴𝑣 >  𝐴𝑣,𝑚𝑖𝑛  

𝑠𝑧𝑒 = 300 mm 

𝛽 = 
0.4

1+1500∗1.706 ∗ 10−3 ∗
1300

1000+300
 = 0.112 > 0.1 

ϴ = 29 + 7000ɛ𝑥 = 29 + 70000 * 1.706 * 10
-3

 = 40.9 < 45▫ 

Vc = 1 * 1 * 0.1 * √35 *350 * 276 * 10
-3

= 57 kN 

Vr, max = 0.25𝜑𝑐𝑓′
𝑐
𝑏𝑤𝑑𝑣 = 0.25 * 1 * 35 * 350 * 276 * 10

-3 
= 845 kN > Vr = 91 kN 

Vs = Vr - Vc = 91 – 57 = 34 kN 
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From CSA/423.3-14 Clause 11.3.5.1 

𝑠 =
𝜑𝑠𝐴𝑣𝑓𝑦𝑑𝑣𝑐𝑜𝑡𝛳

𝑉𝑠
 = 

1∗300∗400∗276∗𝑐𝑜𝑡45

34000
 = 913 mm 

From CSA/423.3-14 Clause 11.2.8.2 

𝐴𝑣,𝑚𝑖𝑛 = 0.06√𝑓′𝑐
𝑏𝑤𝑠

𝑓𝑦
  

300 = 0.06 * √35 * 
350∗𝑠

400
 

𝑠 = 966 mm 

When 𝑠 = 75 mm 

Vs = 
1∗300∗400∗276∗1

75
 * 10

-3
= 442 kN 

Vr = 442 +57 = 499 kN > Vf = 91 kN 

From CSA/423.3-14 Clause 21.4.4.3 

Confinement reinforcement in accordance with Clause 21.2.8.2 shall be provided at both 

ends of the columns over a length equal to the largest of one-sixth of the clear height, the 

maximum cross-sectional dimension, or 450 mm, with a spacing not exceeding the 

smallest of 

a. eight longitudinal bar diameters = 8 * 16 =128 mm 

b. 24 tie diameters = 24 * 11 = 264 mm 

c. one-half of the minimum column dimension = 350/2 = 175 mm 

 From CSA/423.3-14 Clause 21.2.8.1 

Buckling prevention ties shall comply with Clause 7.6.5.5 or 7.6.5.6 and shall be detailed 

as hoops, seismic crossties or spirals. The tie spacing shall not exceed the smallest of 
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a. six longitudinal bar diameters = 6 * 16 = 96 mm 

b. 24 tie diameters = 24 * 11 = 264 mm 

c. one-half of the least dimension of the member = 350/2 = 175 mm 

 From CSA/423.3-14 Clause 21.3.4.2 

The first hoop shall be located not more than 50 mm from the face of a supporting 

member. The maximum spacing of the hoops shall not exceed 

a. d / 4 = 350/4 = 87.5 mm Governs 

b. eight times the diameter of the smallest longitudinal bars = 8 * 16 = 128 mm 

c. 24 times the diameter of the hoop bars = 24 * 11 = 264 mm 

d. 300 mm 

∴ Select 3 branch 10M stirrup spacing = 75 mm 

 Check for confinement reinforcement from CSA/423.3-14 Clause 21.2.8.2 

 𝑠 =  
𝐴𝑠ℎ𝐴𝑐ℎ𝑓𝑦ℎ

𝐶ℎ𝑘𝑛𝐴𝑔𝑓′𝑐ℎ𝑐
 = 

300∗77284∗400

0.15∗2∗122500∗278
 = 908 mm 

 𝑠 = 
𝐴𝑠ℎ𝑓𝑦ℎ

0.09𝑓′𝑐ℎ𝑐
 = 

300∗400

0.09∗35∗278
 = 137 mm > 75 mm  OK  
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B.1 DESIGN FOR FLEXURE 

 

Figure B.1 – Specimen G-60db-I reinforcement details 
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B.1.1 Material and Sectional Properties 

 Concrete Properties 

𝑓′
𝑐
 = 35 MPa, 𝜑𝑐 = 1, 𝐸𝑐 = 4500√𝑓′

𝑐
  = 26,622MPa 

𝛼1 = 0.85-0.0015𝑓′
𝑐
 = 0.797 ɛ 𝑐𝑢 = 0.0035  𝛽1 = 0.97-0.0025𝑓′

𝑐
 = 0.88 

 Longitudinal Reinforcement: GFRP bars 

𝑓𝑓𝑟𝑝 = 1184 MPa 𝜑𝑓𝑟𝑝 = 1 𝐸𝑓𝑟𝑝 = 62.6 GPa 𝐴𝑓𝑟𝑝,𝑏𝑎𝑟 = 198 mm
2
  

ɛ𝑓𝑟𝑝 = 1.89% 

 Cross Section Properties 

h = 350 mm  b= 350 mm  𝐴𝑓𝑟𝑝 = 198 * 8 = 1584 mm
2
 𝜌𝑓𝑟𝑝 = 1.3% 

 Balanced Reinforcement 

𝑐𝑏 = 
ɛ𝑐𝑢

ɛ𝑐𝑢+ɛ𝑓𝑟𝑝,𝑢
∗ 𝑑 = 

0.0035

0.0035+0.0189
 * 307 = 47.96 mm 

𝐶𝑐 = 𝛼1𝜑𝑐𝑓′
𝑐
𝛽1𝑐𝑏 = 0.797 * 1 * 35 * 0.88 * 47.96 * 350 * 10

-3
 = 412 kN 

2 No.16 GFRP bars at level 2 

ɛ𝑓𝑟𝑝,2 = ɛ 𝑐𝑢 (
𝑑2

𝑐
− 1) = 0.0035 * (

175

47.96
− 1) = 0.0093 

𝐹𝑓𝑟𝑝,2 = ɛ𝑓𝑟𝑝,2𝐸𝑓𝑟𝑝𝐴𝑓𝑟𝑝,2 = 0.0093 * 62600 * 198 * 2 * 10
-3

 =230.5 kN 

 𝐶𝑐 - 𝐶𝑓𝑟𝑝,2 = 412 – 230.5 = 181.5 kN 

 𝐴𝑓𝑟𝑝,3 = 
𝐶𝐶−𝐹𝑓𝑟𝑝,2 

𝑓𝑓𝑟𝑝
 = 

181.5∗1000

1184
 = 153.3 mm < Area used (3 * 198 = 594 mm

2
) 

 Hence, tension failure is prevented 
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A.1.2 Calculations required to develop interaction diagram  

 Point (1): Pure Axial Load 

P = 0.85𝑓′
𝑐
(𝐴𝑔 − 𝐴𝑓𝑟𝑝) + 0.003𝐸𝑓𝑟𝑝𝐴𝑓𝑟𝑝 (Paramanatham 1993) 

GFRP bar compressive strength is ignored 

P = 0.85 * 35 * (350 * 350 – 8 * 198) * 10
-3

 = 3597.2 kN 

Point (1): M1 = 0.0 kN.m, P8 = 3597.2 kN 

 Point (2): c = 350 mm 

𝐶𝑓𝑟𝑝,1 = 𝐶𝑓𝑟𝑝,2 = 𝐶𝑓𝑟𝑝,3 = 0.0 kN 

𝐶𝑐 = 𝛼1𝜑𝑐𝑓′
𝑐
𝛽1𝑐𝑏 = 0.797 * 1 * 35 * 0.88 * 350 * 350 * 10

-3
 = 3007 kN 

P2 = 3007 kN 

M2 = 𝐶𝑐 (
ℎ

2
−

𝛽1𝑐

2
) = 3007 (175-154) * 10

-3
 = 63.1 kN.m 

Point (2): M2 = 63.1 kN.m, P2 = 3007 kN 

 

 Point (3): c = 300 mm 

𝐶𝑓𝑟𝑝,1 = 𝐶𝑓𝑟𝑝,2  = 0.0 kN 

𝐶𝑐 = 𝛼1𝜑𝑐𝑓′
𝑐
𝛽1𝑐𝑏 = 0.797 * 1 * 35 * 0.88 * 300 * 350 * 10

-3
 = 2577.4 kN 

ɛ𝑓𝑟𝑝,3 = ɛ 𝑐𝑢 (
𝑑3

𝑐
− 1) = 0.0035 * (

307

300
− 1) = 0.000082 

𝐹𝑓𝑟𝑝,3 = ɛ𝑓𝑟𝑝,3𝐸𝑓𝑟𝑝𝐴𝑓𝑟𝑝,3 = 0.000082 * 62600 * 198 * 3 * 10
-3

 = 3.0 kN 

P3 = 𝐶𝑐 - 𝐹𝑓𝑟𝑝,3 = 2577.4 – 3 = 2574.4 kN 

M3 = 𝐶𝑐 (
ℎ

2
−

𝛽1𝑐

2
) + 𝐹𝑓𝑟𝑝,3 (𝑑3-

ℎ

2
 )  
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M3 = 2577.4 (175 – 132) + 3 (307 – 175) * 10-3 = 111.2 kN.m 

Point (3): M3 = 111.2 kN.m, P3 = 2574.4 kN 

 Point (4): c = 250 mm 

𝐶𝑓𝑟𝑝,1 = 𝐶𝑓𝑟𝑝,2  = 0.0 kN 

𝐶𝑐 = 𝛼1𝜑𝑐𝑓′
𝑐
𝛽1𝑐𝑏 = 0.797 * 1 * 35 * 0.88 * 250 * 350 * 10

-3
 = 2147.8 kN 

ɛ𝑓𝑟𝑝,3 = ɛ 𝑐𝑢 (
𝑑3

𝑐
− 1) = 0.0035 * (

307

250
− 1) = 0.00079 

𝐹𝑓𝑟𝑝,3 = ɛ𝑓𝑟𝑝,3𝐸𝑓𝑟𝑝𝐴𝑓𝑟𝑝,3 = 0.00079 * 62600 * 198 * 3 * 10
-3

 = 29.7 kN 

P4 = 𝐶𝑐 - 𝐹𝑓𝑟𝑝,3 = 2147.8 – 29.7 = 2118 kN 

M4 = 𝐶𝑐 (
ℎ

2
−

𝛽1𝑐

2
) + 𝐹𝑓𝑟𝑝,3 (𝑑3-

ℎ

2
 )  

M4 = 2147.8 (175 – 110) + 29.7 (307 – 175) * 10-3 = 143.5 kN.m 

Point (4): M4 = 143.5 kN.m, P4 = 2118 kN 

 Point (5): c = 200 mm 

𝐶𝑓𝑟𝑝,1 = 𝐶𝑓𝑟𝑝,2  = 0.0 kN 

𝐶𝑐 = 𝛼1𝜑𝑐𝑓′
𝑐
𝛽1𝑐𝑏 = 0.797 * 1 * 35 * 0.88 * 200 * 350 * 10

-3
 = 1718.2 kN 

ɛ𝑓𝑟𝑝,3 = ɛ 𝑐𝑢 (
𝑑3

𝑐
− 1) = 0.0035 * (

307

200
− 1) = 0.00187 

𝐹𝑓𝑟𝑝,3 = ɛ𝑓𝑟𝑝,3𝐸𝑓𝑟𝑝𝐴𝑓𝑟𝑝,3 = 0.00187 * 62600 * 198 * 3 * 10
-3

 = 69.5 kN 

P5 = 𝐶𝑐 - 𝐹𝑓𝑟𝑝,3 = 1718.2 – 69.5 = 1648.7 kN 

M5 = 𝐶𝑐 (
ℎ

2
−

𝛽1𝑐

2
) + 𝐹𝑓𝑟𝑝,3 (𝑑3-

ℎ

2
 )  
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M5 = 1718.2 (175 – 88) + 69.5 (307 – 175) * 10-3 = 158.7 kN.m 

Point (5): M5 = 158.7 kN.m, P5 = 1718.2 kN 

 Point (6): c = 150 mm 

𝐶𝑓𝑟𝑝,1  = 0.0 kN 

𝐶𝑐 = 𝛼1𝜑𝑐𝑓′
𝑐
𝛽1𝑐𝑏 = 0.797 * 1 * 35 * 0.88 * 150 * 350 * 10

-3
 = 1288.6 kN 

ɛ𝑓𝑟𝑝,2 = ɛ 𝑐𝑢 (
𝑑2

𝑐
− 1) = 0.0035 * (

175

150
− 1) = 0.00058 

𝐹𝑓𝑟𝑝,2 = ɛ𝑓𝑟𝑝,2𝐸𝑓𝑟𝑝𝐴𝑓𝑟𝑝,2 = 0.00058 * 62600 * 198 * 2 * 10
-3

 = 14.4 kN 

ɛ𝑓𝑟𝑝,3 = ɛ 𝑐𝑢 (
𝑑3

𝑐
− 1) = 0.0035 * (

307

150
− 1) = 0.00366 

𝐹𝑓𝑟𝑝,3 = ɛ𝑓𝑟𝑝,3𝐸𝑓𝑟𝑝𝐴𝑓𝑟𝑝,3 = 0.00366 * 62600 * 198 * 3 * 10
-3

 = 136 kN 

P6 = 𝐶𝑐 - 𝐹𝑓𝑟𝑝,2 - 𝐹𝑓𝑟𝑝,3 = 1288.6 – 14.4 – 136 = 1138.2 kN 

M6 = 𝐶𝑐 (
ℎ

2
−

𝛽1𝑐

2
) + 𝐹𝑓𝑟𝑝,3 (𝑑3-

ℎ

2
 )  

M6 = 1288.6 (175 – 66) + 136 (307 – 175) * 10-3 = 158.4 kN.m 

Point (6): M6 = 158.4 kN.m, P6 = 1288.6 kN 

 Point (7): c = 100 mm 

𝐶𝑓𝑟𝑝,1  = 0.0 kN 

𝐶𝑐 = 𝛼1𝜑𝑐𝑓′
𝑐
𝛽1𝑐𝑏 = 0.797 * 1 * 35 * 0.88 * 100 * 350 * 10

-3
 = 859 kN 

ɛ𝑓𝑟𝑝,2 = ɛ 𝑐𝑢 (
𝑑2

𝑐
− 1) = 0.0035 * (

175

100
− 1) = 0.0026 

𝐹𝑓𝑟𝑝,2 = ɛ𝑓𝑟𝑝,2𝐸𝑓𝑟𝑝𝐴𝑓𝑟𝑝,2 = 0.0026 * 62600 * 198 * 2 * 10
-3

 = 64.5 kN 

ɛ𝑓𝑟𝑝,3 = ɛ 𝑐𝑢 (
𝑑3

𝑐
− 1) = 0.0035 * (

307

100
− 1) = 0.0072 
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𝐹𝑓𝑟𝑝,3 = ɛ𝑓𝑟𝑝,3𝐸𝑓𝑟𝑝𝐴𝑓𝑟𝑝,3 = 0.0072 * 62600 * 198 * 3 * 10
-3

 = 267.7 kN 

P7 = 𝐶𝑐 - 𝐹𝑓𝑟𝑝,2 - 𝐹𝑓𝑟𝑝,3 = 859 – 64.5 – 267.7 = 527 kN 

M7 = 𝐶𝑐 (
ℎ

2
−

𝛽1𝑐

2
) + 𝐹𝑓𝑟𝑝,3 (𝑑3-

ℎ

2
 )  

M7 = 859 (175 – 44) + 267.7 (307 – 175) * 10-3 = 148 kN.m 

Point (7): M7 = 147.8 kN.m, P7 = 527 kN 

 Point (8): c = 68.47 mm 

𝐶𝑓𝑟𝑝,1  = 0.0 kN 

𝐶𝑐 = 𝛼1𝜑𝑐𝑓′
𝑐
𝛽1𝑐𝑏 = 0.797 * 1 * 35 * 0.88 * 68.47 * 350 * 10

-3
 = 588.15 kN 

ɛ𝑓𝑟𝑝,2 = ɛ 𝑐𝑢 (
𝑑2

𝑐
− 1) = 0.0035 * (

175

68.47
− 1) = 0.0054 

𝐹𝑓𝑟𝑝,2 = ɛ𝑓𝑟𝑝,2𝐸𝑓𝑟𝑝𝐴𝑓𝑟𝑝,2 = 0.0054 * 62600 * 198 * 2 * 10
-3

 = 133.8 kN 

ɛ𝑓𝑟𝑝,3 = ɛ 𝑐𝑢 (
𝑑3

𝑐
− 1) = 0.0035 * (

307

68.47
− 1) = 0.0122 

𝐹𝑓𝑟𝑝,3 = ɛ𝑓𝑟𝑝,3𝐸𝑓𝑟𝑝𝐴𝑓𝑟𝑝,3 = 0.0122 * 62600 * 198 * 3 * 10
-3

 = 453.6 kN 

P8 = 𝐶𝑐 - 𝐹𝑓𝑟𝑝,2 - 𝐹𝑓𝑟𝑝,3 = 588.15 – 133.8 – 453.6 ≈ 0.0 kN 

M8 = 𝐶𝑐 (
ℎ

2
−

𝛽1𝑐

2
) + 𝐹𝑓𝑟𝑝,3 (𝑑3-

ℎ

2
 )  

M8 = 588.15 (175 – 44) + 453.6 (307 – 175) * 10-3 = 136.9 kN.m 

Point (8): M8 = 136.9 kN.m, P8 = 0.0 kN 

Applied constant axial load: PA = 10% * 𝐴𝑔𝑓′
𝑐
 ≈ 450 kN  M = unknown 

Assume 𝑐 = 95 mm 

𝐶𝑐 = 𝛼1𝜑𝑐𝑓′
𝑐
𝛽1𝑐𝑏 = 0.797 * 1 *35 * 0.88 * 95 * 350 * 10

-3
 = 816.2 kN 
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ɛ𝑓𝑟𝑝,2 = ɛ 𝑐𝑢 (
𝑑2

𝑐
− 1) = 0.0035 * (

175

95
− 1) = 0.0029 

𝐹𝑓𝑟𝑝,2 = ɛ𝑓𝑟𝑝,2𝐸𝑓𝑟𝑝𝐴𝑓𝑟𝑝,2 = 0.0029 * 62600 * 198 * 2 * 10
-3

 = 72 kN 

ɛ𝑓𝑟𝑝,3 = ɛ 𝑐𝑢 (1 −
𝑑3

𝑐
) = 0.0035 * (

307

95
− 1) = 0.0078 

𝐹𝑓𝑟𝑝,3 = ɛ𝑓𝑟𝑝,3𝐸𝑓𝑟𝑝𝐴𝑓𝑟𝑝,3 = 0.0078 * 62600 * 198 * 3 * 10
-3

 = 292 kN 

Check force equilibrium: 

𝐶𝑐 = 𝐹𝑓𝑟𝑝,2 + 𝐹𝑓𝑟𝑝,3 + PA 

816.2 = 72 + 292 + 450 

⇒ 816.2 kN ≈ 814 kN 

M = {816.2 (175-41.8) + 292 (307-175)} * 10
-3

 = 147.3 kN.m 

Lateral load capacity = PL = M/1.65 = 147.3/1.65 = 89.3 kN 

 

Figure B.2 - Calculated column interaction diagram for Specimen G-60db-I 
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A.2 DESIGN FOR SHEAR 

A.2.1 Material and Sectional Properties 

 Shear reinforcement and characteristics: 

𝑓𝑓𝑟𝑝 = 1022 MPa 𝜑𝑓𝑟𝑝 = 1 𝐸𝑓𝑟𝑝 = 50 GPa  𝐴𝑓𝑟𝑝,𝑏𝑎𝑟 = 81.6 mm
2
  

𝐴𝑓𝑟𝑝,𝑣 = 3 * 81.6 = 244.8 mm
2
  three branches 

With reference to clause 8.4.4.5 CSA S806-12 (CSA 2012), shear resistance of the 

concrete is: 

𝑉𝑐 = {0.05𝜆𝜑𝑐𝐾𝑚𝐾𝑟(𝑓′𝑐)
1

3𝑏𝑤𝑑𝑣}𝐾𝑠𝐾𝑎(1 −
0.3𝑁𝑓

14𝐴𝑔
)  

Where: 

𝐾𝑚: Coefficient taking into account of the effect of moment at section on shear strength. 

𝐾𝑟: Coefficient taking into account of the effect of reinforcement rigidity on its shear 

strength. 

𝐾𝑎: Coefficient taking into account of the effect of arch action on member shear strength. 

𝐾𝑠: Coefficient taking into account of the effect of member size on its shear strength 

𝑁𝑓: Factored axial load normal to the cross-section occurring simultaneously with 𝑉𝑓 

including compression. 

𝐾𝑚 =  √
𝑉𝑓𝑑

𝑀𝑓
 = √

89.3∗0.307

147.3
 = 0.43 

𝐾𝑟 = 1 + (𝐸𝑓𝑟𝑝𝜌𝑓𝑟𝑝)
1

3 = 1 + (62600 ∗  0.013)
1

3 = 10.31 
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𝐾𝑠 = 
750

450+𝑑
 = 

750

450+307
 = 1 

𝐾𝑎 = 
2.5
𝑀𝑓

𝑉𝑓𝑑

 = 
2.5

147.3

89.3∗0.307

 = 0.465 < 1 use 𝐾𝑎 = 1 

𝑉𝑐 = {0.05 * 1 *1 *0.43 * 10.31 * 35
1

3 * 350 * 276} * 1 *1 * (1 - 
0.3∗450000

14∗350∗350
) * 10

-3
 = 75.6 kN 

 0.11λ𝜑𝑐√𝑓′𝑐𝑏𝑤𝑑 < 𝑉𝑐 <  0.22λ𝜑𝑐√𝑓′𝑐𝑏𝑤𝑑 

 0.11 * 1 * 1 * √35 * 350 * 307 * 10
-3

 < 75.6 < 0.22 * 1 * 1 * √35 * 350 * 307 * 10
-3

 

70 kN < 75.6 kN < 140 kN   OK 

CSA S806-12 Clause 8.4.5.2: minimum shear reinforcement 

𝐴𝑓𝑟𝑝,𝑣,𝑚𝑖𝑛 = 0.07√𝑓′𝑐
𝑏𝑤𝑠

0.4Ffu
   𝑓𝑓𝑢 = 0.005𝐸𝑓𝑟𝑝 = 0.005 * 50000 = 250 MPa 

From above equation: 

𝑠 = 
244.8∗0.4∗250

0.07∗√35∗350
 = 169 mm 

Spacing used = 75 mm 

Shear resistance calculation for 75 mm spacing: 

CSA S806-12 Clause 8.4.4.9: 

𝑉𝑓 =
0.4φfAFvFfudv

s
cotθ = 

0.4∗1∗244.8∗250∗276

75
cot45 * 10

-3
 = 90.1 kN 

𝑉𝑟 = 90.1 + 75.6 = 165.7 kN > Vf = 89.3 kN 
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The spacing of FRP ties shall not exceed the least of the following dimensions:  

 16 times the diameter of the smallest longitudinal bars or the smallest bar in a bundle;  

 48 times the minimum cross-sectional dimension (or diameter) of FRP tie or grid;  

 The least dimension of the compression member; or  

 300 mm in compression members containing bundled bars.  

According to Clause 12.7.3.4 (provision for seismic design), transverse reinforcement 

shall be spaced at distances not exceeding the least of the following:  

 One-quarter of the minimum member dimension;   Governs 

 150 mm; or  

 6 times the diameter of the smallest longitudinal bar.  

In the selected case, one-quarter of the minimum member dimension = 350/4 = 87.5 mm 

governs. 

𝑠 = 75mm < 87.5 mm,  so selected spacing for 3 branches of GFRP No.10 is OK 

 


