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Abstract 

Roads and highways in cold regions are negatively affected by settlement of 

embankments in areas of degraded or degrading permafrost, particularly in areas 

with mean annual temperatures close to 0°C where permafrost is locally 

discontinuous.  Climate warming and human activities can lead to increases in the 

temperature of permafrost and to thawing.  In regions of discontinuous permafrost, 

thawing may produce thickening of the active layer, large settlements and non-

recoverable shear deformations.  These can cause potentially dangerous 

trafficability issues. 

 

The research program involved a test site on Provincial Road PR391, about 18 km 

northwest of Thompson, Manitoba.  The foundation material of PR391 is currently 

classified as ñdegraded (thawed) permafrostò.  The purpose of this research was to 

investigate and understand the performance of highway embankments on thawed 

permafrost.  The research involved field instrumentation and data collection, 

laboratory testing, thermal modelling and frost heave predictions. 

 

The results of the field instrumentation and data collection show net heat flow into 

the ground, as well as development of cyclic seasonal gradients of total head.  This 

is believed to be a significant original contribution to understanding the effects of 

climate change on highway infrastructure.  The results also show that displacements 
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observed at the PR391 embankment are a combination of consolidation and 

shearing strain of the foundation material.  Most studies of embankments 

concentrate on vertical settlements.  This research shows that horizontal movements 

are also present, a contribution that helps explain the mechanism of lateral 

spreading.  The results of the laboratory testing show that the mechanical and 

shearing properties of the soil collected from the PR391 embankment are not 

significantly affected by differences in temperature once water in the soil has actually 

thawed.  The results of the thermal modelling show reasonable trends in simulated 

ground temperatures compared with the data obtained from the thermistors 

underneath the embankment.  The frost heave prediction of PR391 shows that in 

situ frost heave characteristics can be estimated by applying the Segregation 

Potential (SP) frost heave method in field conditions.  This provides a valuable field 

study to the limited number of such studies of Segregation Potential, which are 

normally done under laboratory conditions.  
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CHAPTER 1: Introduction 

 

1.1 General Overview 

Changes in meteorological conditions, precipitation, solar radiation, wind speed, and 

other factors induce temperature changes not only at ground level, but also at 

greater depths.  The changes in temperature affect civil engineering infrastructure, 

particularly in areas with mean annual temperatures close to 0°C where 

discontinuous permafrost may be locally present.  Permafrost is defined as ground, 

whether soil or rock, that remains at or below a temperature of 0°C for a minimum 

period of two years (Williams 1986).  The characteristics of permafrost vary with 

climatic, topographic, geographic, hydrologic and geological factors. 

 

Climate warming and human activities can lead to increases in ground temperature 

and thickening of the active layer - the top layer of soil that freezes during winter 

months and thaws during summer.  Seasonal cycles of freezing and thawing can 

cause large settlements and non-recoverable shear deformations in fine-grained 

soils (Brown 1967). 

 

As the literature review in Chapter 2 will show, the mean annual air temperatures in 

Canada are increasing more rapidly close to the 0°C isotherm than further north or 

further south (CCCSN 2009) (IPCC 2007).  These temperature changes will degrade 
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existing permafrost and affect many forms of civil engineering infrastructure, unless 

mitigated by engineering interventions. 

 

Frozen soil is stronger and less compressible than unfrozen soil.  Frozen silty sands, 

silts, and silty clays frequently contain layers of ice, often in distinct lenses that form 

as a result of migration of water to negative potentials at the freezing front (Konrad 

2008).  Heaving is produced in seasonally frozen soils as a result of increasing the 

volume of water in the void spaces as it freezes, and more importantly as a result of 

ice segregation during freezing, which produces alternating bands of frozen soil and 

ice. 

 

When thawing occurs, whether as a result of seasonal warming, climate warming 

over a longer period, or changes in heat transfer due to human or engineering 

activities, water from the melting ice moves towards the ground surface or moves 

laterally to be absorbed by surrounding soils.  Resulting decrease in effective 

stresses produces deformations and weakening of foundations for highway sub-

bases, cuts and fills, buildings and pipelines, airport runways and rail beds.  

Because the ice lenses are typically irregular in thickness and extent, out-migration 

of water often produces differential settlements, lateral spreading, and reduced 

stability that lead to serviceability issues (Hinkel et al. 2003).  
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Although the permafrost regions in northern Canada are not heavily populated, their 

economic importance has increased substantially in recent decades owing to the 

presence of mineral, petrocarbon and hydroelectric resources.  Additional shipping 

into northern Canada can also be expected due to the thawing of summer ice in the 

Arctic Ocean.  New roads and railways will have to be constructed in northern 

Canada over soils with engineering properties that may degrade with climate 

warming and land use. Design, construction, and maintenance of this new 

infrastructure will have to take account of future warming (Hinkel et al. 2003). 

 

Highway construction in northern Canada follows generally similar practices to those 

in warmer regions.  Embankment fills usually have high thermal conductivity, leading 

to heat transfer into underlying layers and thawing of previously frozen foundation 

soil (Batenipour et al. 2009b).  Alteration of existing ground cover can change the 

energy regime (Nelson & Outcalt 1982).  Asphalt surfacing also absorbs heat from 

the sun and transfers it to the embankment.  This often leads to thawing of 

underlying ice-rich permafrost and subsidence of the road bed.  In general, 

degradation of permafrost begins at the toe of embankments and extends later 

beneath its centre (Andersland & Ladanyi 2004).  Melting of permafrost also reduces 

strength and increases pore water pressures when the hydraulic conductivity of the 

foundation soil is low.  This leads to differential settlements, lateral spreading, and 

instability which can be sufficiently large to make the road inoperable.  Several 

methods are currently used to prevent or reduce thawing of permafrost and 
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development of deformations.  These include above-ground construction, use of 

thermosyphons, and buildings on piles or gravel pads above original ground level 

(Hinkel et al. 2003) and (Holubec 2008). 

 

1.2 Background 

Construction in permafrost regions requires special practices where soil profiles 

contain ice lenses.  In order to improve local design and maintenance procedures, 

Manitoba Infrastructure and Transportation (MIT) and the University of Manitoba 

(UM) are collaborating on several projects that involve field instrumentation, 

laboratory testing and numerical modelling.  To properly understand the context of 

this Ph.D. research program, this section provides an introductory summary. 

 

The research program is a project on Provincial Road PR391, about 18 km 

northwest of Thompson, Manitoba (the research site will be described in more detail 

in Chapter 3).  The most recent geotechnical site investigation on PR391 has shown 

no presence of permafrost in the foundation of the embankment (Previous 

investigations confirmed the presence of ice in the foundation).  Therefore, the 

foundation material of PR391 is currently classified as ñdegraded (thawed) 

permafrostò.  The purpose of this research is to investigate and understand the 

performance of highway embankments on thawed permafrost.  The research on 

PR391 consists of (1) a detailed geotechnical site investigation, (2) field 
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instrumentation, (3) data collection, (4) laboratory testing, (5) constitutive analysis 

and (6) numerical simulations.  This provides new insight into the nature and cause 

of the embankment deformations and the mechanism producing functional failure 

(serviceability limit state).  It also provides an improved ability to identify sections óat 

riskô that require immediate remedial attention and evaluates suitable remedial 

measures for constructing of highways and road embankments, and the treatment of 

existing highways on thawed permafrost. 

 

A comprehensive laboratory testing program has been completed, focusing on the 

effects of low temperatures (about 0°C) on the consolidation and shearing properties 

of the soil at the PR391 test site.  The one-dimensional consolidation (oedometer) 

tests and consolidated undrained triaxial tests with pore pressure measurement (CIȉ 

tests) were completed at temperatures of 3°C and 21°C.  Soil characterization tests 

(such as Atterberg limits and grain size distribution) have been undertaken to 

understand thoroughly the properties of the foundation material underneath the 

PR391 embankment and the effect of temperature change on the mechanical 

properties of soil.    All tests were done in general accordance with the appropriate 

ASTM standards.  Testing was done in the University of Manitobaôs Geotechnical 

Laboratories.  Testing and analysis have been done by the author with the help of 

the authorôs colleague Mr. David Kurz, the laboratory technicians, and 

undergraduate summer students. 
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Instrument clusters were installed at the PR391 site embankment, including 

thermistor strings at 1m intervals, vibrating wire piezometers and standpipes, 

surface settlement plates, slope inclinometers, and lateral displacement 

extensometers.  The temperature, pore water pressure, and vertical and horizontal 

deformations of embankment have been monitored.  Data have been collected from 

the instruments and analyzed during the first two years of operation, that is, over two 

freeze-thaw cycles.  Results provide a better understanding of the deformation of 

embankment, changes of temperature, changes of pore water pressure and flow in 

the ground. 

 

The numerical modelling of the PR391 embankment has been developed to simulate 

the thermal changes and frost heave characteristics of highway embankments.  

Thermal conductivity values of the soil from the PR391 test site embankment have 

been measured in the laboratory and used as an input in the thermal modelling.  The 

modelling permits simulation of temperature changes under the embankment.  

These temperature changes affect the behaviour of the foundation soils and allow 

simulation of frost heave characteristics of foundations on degraded permafrost.  

The focus of this modelling is primarily to study the application of the frost heave 

approach known as the Segregation Potential (SP) method (Konrad & Morgenstern 

1982) to field conditions.  The goal is to back-calculate the segregation potentials 

from the site observations and collected frost heave data by using the SP method, 

and to compare the results with other published results. 
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1.3 Hypotheses and Objectives 

The purpose of this research program is to investigate and understand the 

performance of highway embankments on degraded permafrost.  This program 

includes three major areas of work: laboratory testing, field instrumentation, and 

numerical modelling.  As a result, three hypotheses are presented that are closely 

inter-related. 

 

Hypothesis #1 

Soil properties measured at room temperatures may give faulty estimates of 

deformations at the lower temperatures in thawed permafrost. 

 

Hypothesis #2 

Deformations of highways and road embankments on thawed permafrost are 

associated with compression and shear strains, including creep strains in the 

foundation soils. 

 

Hypothesis #3 

Frost heave prediction using segregation potential can be used in the field to 

examine the frost susceptibility of the soil 

 

To examine the three hypotheses, the objectives of the research program are to 

identify: 



 

8 

1. Mechanisms producing (functional) failure in road embankments on thawed 

permafrost 

2. Improved ability to identify sections óat riskô in highways and road 

embankments on thawed permafrost 

3. Suitable remedial measures in the highways and road embankments on 

thawed permafrost 

 

1.4 Organization of Thesis 

The thesis is organized as follows: Chapter 2 provides a literature review required in 

order to understand the work and concepts presented in this thesis.  It also provides 

justification for the research program that has been undertaken.  The research site 

description, geotechnical site investigation and field instrumentation are presented in 

Chapter 3.  Chapter 4 describes the laboratory testing used in the research program 

and the analysis of the test results.  Data collected and analyzed from the site are 

presented in Chapter 5.  Chapter 6 provides the development of the frost heave 

prediction and thermal modelling used in this research and presents the model 

results.  The results of laboratory testing, field instrumentation and numerical 

modelling are discussed in Chapter 7 to bring together the results of the preceding 

chapters, and to compare them to the original hypotheses and objectives.  Chapter 8 

discusses processes, strategies and remedial measures to improve road 
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embankment stability.  Finally Chapter 9 summarizes the conclusions and 

recommendations of this research program. 
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CHAPTER 2: Literature Review 

 

2.1 Introduction 

The focus of this research is to understand the performance of highway 

embankments on degraded permafrost.  An important goal is to understand and 

describe the mechanisms producing functional failure in roads and other structures 

placed on thawed permafrost.  This chapter provides a review and background 

information on warming of foundations in cold regions, climate warming, thawed 

permafrost and the implications of these processes on the design and performance 

of engineering projects.  The review examines the effect of temperature on the 

behaviour of clay, as well as the frost heave process in soils and related factors. 

 

2.2 Natural and Engineered Warming of Foundations in Cold Regions 

Permafrost, or perennially frozen ground, is a critical component of cold regions in 

the Arctic.  Permafrost regions occupy approximately one-fifth of the land area of the 

earth and half of the surface of Canada (Brown 1967).  The effects of climate 

warming on permafrost can severely disrupt ecosystems and human infrastructure 

such as roads, buildings, bridges, utilities, pipelines, and airstrips.  The susceptibility 

of engineering works to thaw-induced damage is particularly relevant to First Nations 

communities in northern Canada.  The territories occupied by these communities are 
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rich in mineral, petrocarbon and hydroelectric resources that will require future 

infrastructure projects if they are to be developed successfully.  Climate warming 

and human activities can lead to increases in the temperature of permafrost and 

thickening of the active layer (the top layer of soil that thaws during summer months 

and freezes again during winter) (Brown 1967).  Such changes can lead to extensive 

settlements of the ground surface, with severe damage to infrastructure. 

 

2.2.1 Permafrost in Canada 

Permafrost is defined as a ground condition, whether soil or rock, that remains at or 

below a temperature of 0°C for a minimum period of two years (Williams 1986).  

Permafrost includes ground that freezes in one winter and remains frozen through 

the following summer and into the next winter.  The permafrost regions in Canada 

currently occupy more than 50% of the ground surface, primarily in northern regions 

and at higher elevations in the western mountains (Brown 1967).  Figure 2.1 shows 

the distribution of permafrost in Canada.  Different zones of permafrost have been 

identified in Canada on the basis of the distribution and frequency of perennially 

frozen ground.  In the continuous zone, permafrost is everywhere present beneath 

the ground surface except beneath large bodies of water that do not freeze to the 

bottom.  In the discontinuous zone, there are discontinuities in the permafrost both in 

its horizontal and vertical extents and the permafrost is interspersed with areas of 

unfrozen ground.  Some researchers subdivide discontinuous permafrost into 



 

12 

regions which are predominantly unfrozen but contain some permafrost; and other 

regions which are predominantly permafrost but contain some unfrozen soils (Brown 

1967) and (Heginbottom 2000).  The mean annual temperature at the ground 

surface, the thermal properties of the substrate, the amount of heat flowing from the 

earthôs interior, the insulating cover of vegetation and snow, and drainage are all 

factors that determine the thickness of permafrost (Hinkel et al. 2003) and 

(Osterkamp & Lachenbruch 1990).  Changes in meteorological conditions, 

precipitation, solar radiation, wind speed, and other factors induce temperature 

changes, not only at ground level but also at greater depths.  Permafrost in the 

continuous zone is several hundreds to more than 305m thick and the active layer is 

generally 0.3m to 1m thick (Brown 1967).  In the northern part of the discontinuous 

zone, the thickness of permafrost varies from about 15m to 60m.  In the southern 

part of the zone, permafrost occurs in scattered islands ranging in area from a few 

square metres to several hectares, and varying in thickness from a few metres to a 

maximum of about 15m (Brown 1960). 

 

Although the presence of ice is not by itself a requirement in the definition of 

permafrost, ground ice is nevertheless related to many of the distinctive features and 

problems in permafrost areas.  Ice can occur within permafrost as small individual 

crystals within soil pores, as lenses of nearly pure ice parallel to the ground surface, 

and as variously shaped intrusive masses formed when water is attracted to a 

freezing front in soil or rock and subsequently frozen (Hinkel et al. 2003). 
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2.2.2 Climate Warming 

Net heat flow is the main control on the occurrence of permafrost.  Permafrost can 

exist only in areas where the average temperature produced by the amount of heat 

lost from the ground in winter and gained from the atmosphere in summer, plus 

geothermal heat, remains continuously below 0°C.  Fluctuations in air temperature 

during the year produce corresponding temperature fluctuations about the mean 

annual ground temperature to depths of about 6m to 15m (Brown 1967). 

 

Without considering its origin, the Intergovernmental Panel on Climate Change 

(IPCC) showed that the global climate warming in Canada over the past thirty to 

forty years is clearly producing significant effects on permafrost (Figure 2.2, (IPCC 

2007)).  Temperature increases lead to thawing of ground ice and an overall 

reduction in the extent of permafrost, with a significant effect on the distribution of 

permafrost (Smith et al. 2005).  In general, as the ground warms, the thickness of 

the active layer increases and the icy permafrost below the active layer thaws.  

Climate warming also leads to changes in vegetation.  In the long term, these 

changes will affect permafrost conditions in areas where vegetation changes lead to 

further changes in the relationship between air climate and soil temperature 

(Heginbottom 2000). 

 

Data from the IPCC showed that the global average of surface temperatures has 

increased by about 0.74°C over the past hundred years.  Warming in the last century 
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has occurred in two phases, from the 1910s to the 1940s (0.35°C), followed by a 

slight cooling (0.1°C) and then a rapid warming from the 1970s to the end of 2006 

(0.55°C).  The warmest years of the series are 1998 and 2005, and 11 of the 12 

warmest years since 1850 have occurred in the last 12 years (1995 to 2006).  The 

largest temperature increases in recent decades have occurred over land areas in 

the Northern Hemisphere from about 40°-70°N.  Seasonally, warming has been 

slightly greater in winter months. Warming of the oceans, rising sea levels, glaciers 

melting, sea ice retreating in the Arctic and diminished snow cover in the Northern 

Hemisphere also confirms the presence of global climate warming (IPCC 2007). 

 

Figure 2.2 shows the mean annual air temperature and 5-year running means for 

Environment Canada stations in five northern regions.  The figure shows the 

increases of temperature, particularly in the western Arctic.  Figure 2.3 depicts 

variations of annual air temperature in the Arctic (north of 60° N) from 1900 to 2003.  

In general, temperature increased from 1900 to the mid-1940s, then decreased until 

about the mid-1960s, and increased more quickly thereafter.  The general trends of 

the arctic temperature changes are similar to those of global temperature changes 

(McBean et al. 2005). 

 

Environment Canada has produced a report that predicts climate changes on a 

regional basis (CCCSN 2009).  Twenty-four international modelling centres from 

IPCC for 9 arctic Canada zones (shown in Figure 2.4) contributed to the international 
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modelling dataset.  The baseline period for the modelling is 1971-2000.  Four 

models with best results were selected for each of the 9 zones.  They were run as 

an ensemble to capture the range of future temperatures by season for moderate 

(A1B) and high (A2) greenhouse gas emission scenarios.  Results were produced 

that compare the baseline with the periods 2011-2040, 2041-2070, and 2071- 2100 

for each of the four seasons within the 9 regions.  Ensemble projections using the 

selected models were used to produce the final results for both the A1B, and A2 

emission cases.  The projected temperature changes are all in relation to the 1971-

2000 baseline period.  Table 2.1 shows the results for changes in mean annual 

temperature from the óbest four modelsô for each sector for each of the standard 

projection periods.  The results show increases in mean annual temperature for all 

sectors.  In general, increases of 5°C to 6°C over 100 years can be seen across the 

arctic.  The site of the authorôs research program is located in the C1 Region in 

Figure 2.4, where the projected increase from the current 1971-2000 baseline to the 

2040-2070 period is 2.7°C to 2.9°C for the moderate and high emission scenarios 

respectively (CCCSN 2009). 

 

Climate warming also affects permafrost temperatures and consequently will result 

in disappearance of some current areas of permafrost.  Permafrost in northern 

Canada has typically warmed in recent decades.  Data from the northern Mackenzie 

Valley in the continuous permafrost zone (Smith et al. 2005) show that permafrost 

temperature between depths of 20m to 30m has increased in the 1990s (Figure 2.5).  
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Data from southern Mackenzie Valley, where permafrost is close to 0°C and thin 

(less than 10m to 15m thick) show smaller changes in temperature of permafrost 

(Figure 2.6), likely due to the absorption of latent heat required to thaw the ice-rich 

permafrost (Smith et al. 2005).  Similar results are reported for the eastern and high 

Canadian Arctic regions mainly in the late 1990s (Smith et al. 2005).  Warming of 

0.15°C per year at a depth of 15m occurred between 1995 and 2001 and warming of 

about 0.06°C per year has occurred since 1996 at a depth of about 30m.  In 

contrast, cooling of permafrost was observed from the late 1980s to the early 1990s 

at a depth of 5m at Iqaluit in the eastern Canadian Arctic. This cooling, however, 

was followed by warming of 0.4°C per year between 1993 and 2000 (Smith et al. 

2005).  Similar trends in temperature change were observed in Northern Quebec 

along the southern shore of Hudson Strait, where permafrost cooling was observed 

between the mid-1980s and mid-1990s at a depth of 10m (Allard, Wang & Pilon 

1995).  The cooling was followed by warming that began in 1996 (Brown, Hinkel & 

Nelson 2000). 

 

2.2.3 Warming Caused by Engineering Infrastructure 

Other controls on the distribution, nature and extent of permafrost include variations 

in geology, vegetation and topographic features such as slope aspect and slope 

angle.  These changes affect insulation, depth of thaw, runoff, and moisture content. 
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Disturbances in permafrost terrain caused by human activities can result in 

disruption of the thermal equilibrium which enhances thawing of permafrost (Péwé 

1954) (Brown 1997).  The disturbance can occur due to human-induced 

(anthropogenic) construction, removal or change of the vegetation cover for 

agricultural purposes, off-road activities, contaminant input, or natural causes such 

as fire or heavy summer rains. 

 

Construction activities such as the clearing of rights-of-way and the grading and the 

traversing of drainage courses have a potential for disturbing permafrost.  In 

permafrost terrain, construction-related disturbance can lead to permafrost 

degradation accompanied by thaw settlement and slope instability, which may cause 

dangerous trafficability issues as well as having adverse effects on the landscape 

(Claridge & Mirza 1981).  Use of off-road winter vehicles such as snowmobiles in 

rural landscapes can accelerate the change of vegetation and lead to thaw of 

permafrost (Slaughter et al. 1990).  The settlement of thawed permafrost due to the 

removal of vegetation can also be very severe (Linell 1973).  A controlled 

experiment study from the Permafrost National Test Site near Fairbanks, Alaska, 

showed that the removal of insulating layers of vegetation caused the permafrost 

table to move downward as much as 6.7m over a 26 year period. 

 

(Brown 1997) provided a comprehensive review of a wide range of anthropogenic 

disturbances affecting permafrost terrain and the active layer.  Figure 2.7 shows the 
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complex interactions of the active layer and permafrost with atmosphere, vegetation 

and biological, hydrological and geomorphological processes.  The figure illustrates 

that the active layer thickens and degradation of ice-rich permafrost occurs when 

vegetation and organic layers decrease or are removed.  Changes in snow cover 

and soil moisture further modify the response of the active layer to thermal changes 

at the ground surface and in thawing of the frozen soil layer (Brown 1997). 

 

2.2.4 Thawing of Permafrost 

As mentioned earlier, fluctuations in air temperature during the year produce 

corresponding temperature fluctuations about the mean annual ground temperature 

to depths that depend on latitude, altitude, aspect etc.  The amplitude of these 

fluctuations decreases with depth.  The depth at which fluctuations became 

imperceptible is called the level of negligible annual amplitude or depth of mean zero 

annual amplitude, DMZAA (Brown 1969).  Below this level, the ground temperature 

in the permafrost and below increases steadily under the influence of the heat from 

the Earth's interior.  Below the DMZAA, ground temperatures change only in 

response to long-term climate changes extending over centuries or to longer term 

changes in upwards heat from deeper in the earthôs mantle.  Figure 2.8 shows a 

typical ground temperature profile through permafrost.  The figure shows that climate 

warming shifts the temperature profile to the right, as shown by the gray curves.  

The surface temperatures are higher in summer and winter, the active layer is 
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thicker, and the mean annual temperature at the DMZAA is higher (Hinkel et al. 

2003). 

 

Thawing of permafrost refers to natural or artificial decreases in the thickness and 

extent of permafrost due to the changes of temperature.  Permafrost degradation 

changes the boundaries of areas of permafrost.  Monitoring in Canada over the last 

three decades (Halsey, Vitt & Zoltai 1995) indicates a general warming of shallow 

permafrost across the Canadian permafrost zones and changes in the southern 

boundary of the discontinuous permafrost zone.  In North America, the southern 

boundary of the discontinuous zone has migrated northward in response to warming.  

 

Thawing of permafrost and changes in the thickness and geographical extent of 

permafrost can have two effects.  The first effect is the carbon cycle when 

greenhouse gases (carbon dioxide and methane) are released from thawing 

permafrost, which is often organic, and enter the atmosphere.  This process 

facilitates further climate warming due to the ability of carbon dioxide and methane 

to absorb solar heat rather than reflect it (Hinkel et al. 2003). 

 

The second effect is when the ice in the permafrost thaws and converts to water.  

Frozen soil is stronger and less compressible than unfrozen soil.  Frozen silty sands, 

silts, and silty clays frequently contain layers of ice, often in distinct lenses that form 

as a result of water migration to negative water potentials at the freezing front 
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(Konrad 2008).  When thawing occurs, either as a result of warming climate or 

changes in heat transfer due to human/engineering activities, these ice lenses melt 

and water moves towards the ground surface.  The resulting decrease in effective 

stresses in the soil causes weakening and subsequent deformation of foundations 

for buildings and pipelines, airport runways, rail beds, and highway sub-bases, cuts 

and fills.  Because ice lenses are typically irregular in thickness and extent, out-

migration of water often produces differential settlements, lateral spreading, and 

instability that lead to serviceability issues.  This irregular settlement of the ground 

surface is termed thaw settlement.  Typically, thaw settlement does not occur 

uniformly, yielding a chaotic surface with small hills and wet depressions known as 

thermokarst terrain (Hinkel et al. 2003). 

 

2.2.5 Engineering Implications 

Thermokarst affects civil engineering infrastructure, and in many cases renders it 

unstable.  As mentioned before, thawing of ice-rich permafrost causes large 

settlements and non-recoverable shear deformations because of its potential for 

settlement.  Although the permafrost regions in northern Canada are not heavily 

populated, their economic importance has increased substantially in recent decades 

owing to the presence of mineral, petrocarbon and hydroelectric resources.  

Improved methods of extraction and transportation to population centres are 

essential.   
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Construction in permafrost regions requires special techniques at locations where 

the terrain contains ice lenses within the soil profile (Hinkel et al. 2003).  

Construction of highway fills in northern Canada follows broadly the same practices 

as those in warmer regions.  The fills generally have high thermal conductivity, 

leading to heat transfer into underlying layers and thawing of previously frozen 

foundation soil (Batenipour et al. 2009b).  Asphalt surfacing also absorbs heat from 

the sun and transfers it to the embankment.  Generally, degradation of permafrost 

begins at the toe of the embankment.  Melting reduces strength and increases pore 

water pressures when the hydraulic conductivity of the foundation soil is low.  This 

leads to differential settlements, lateral spreading, and instability.  The resulting 

disturbance can change the energy regime at the ground surface (Nelson & Outcalt 

1982).  In turn, this leads to thawing of the underlying ice-rich permafrost and 

subsidence of the road, which can become unusable several years after 

construction.  Several methods are currently being used to prevent or minimize the 

thawing of permafrost and development of thermokarst.  Three of these methods will 

be described in the following section. 

 

The first method includes preserving the frozen soil in permafrost by passive cooling 

(no power required to operate) through pressurized heat exchange pipes termed as 

thermosyphons (Figure 2.9).  This method is being widely applied in Alaska, 

northern Canada and Russia to protect and cool permafrost.  A thermosyphon is a 

closed two-phase convection device that extracts heat from the ground and 
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discharges it into the atmosphere. The gas/fluid medium is carbon dioxide or 

nitrogen that functions in a closed-pipe pressure vessel, under a pressure varying 

from about 2100kPa to 4800kPa.  The thermosyphon draws out the heat from below 

the buildings or road embankments by a heat exchange mechanism.  The outside 

colder air in winter causes the gas in the pipe above the ground to condense and 

flow back to the base of the pipe as a liquid.  The cold air drops the pressure in the 

gas and by this means causes the fluid at the bottom of the pipe to evaporate.  

Exchange of heat operates throughout the winter as long as the air temperature is 

colder than the ground temperature at the bottom of the thermosyphon.  In summer, 

the accumulated cold in the ground is preserved by a zone of insulation located 

above the evaporator pipes.  Studies in northern Canada show that thermosyphons 

have operated for about 40 years without any major problems.  Some failures of 

thermosyphons have been reported.  These failures were generally the result of a 

combination of manufacturing problems, poor foundation design, or poor 

construction procedures (Holubec 2008). 

 

The second method is being used in the construction of pipelines.  In order to 

prevent the thawing of permafrost and severe damage to the oil pipes, the pipelines 

have been elevated where surveys indicated the presence of excess ice under the 

Trans-Alaska Pipeline (Figure 2.10, (Hinkel et al. 2003)).  To offset the conduction of 

heat into the ground, many of the pipelineôs vertical supports are equipped with heat 

pipes (thermosyphons) that cool the permafrost in winter, lowering the mean annual 
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ground temperature and preventing thawing of permafrost during summer.  In cases 

where burial of the line is required, the pipes are enclosed in thick insulation and 

refrigerated.  

 

The third engineering technique developed for protecting ice-rich permafrost 

includes constructing heated buildings above original ground level on piles (Figure 

2.11) or on gravel pads which sometimes contain large-diameter pipes.  Both forms 

of construction allow air to circulate beneath the structures and prevent transmission 

of heat to the subsurface ( (Hinkel et al. 2003) and (Holubec 2008)). 

 

2.3 Effect of Temperature on Soil Behaviour 

The engineering properties of soil can be influenced significantly by temperature 

variations.  Heating or cooling can affect the physical, chemical and mechanical 

properties of soils in different ways that may include changing the properties of the 

pore water, and altering the soil particles (Ghahremannejad 2003).  These changes 

in turn produce apparent differences in compressibility and strength of soil.  Studies 

examining the effect of temperature on the mechanical behaviour of clay soils date 

back to the 1960s (Perkins & Sjursen 2009).  Studies from the 1990s were 

interested in the influence of elevated temperatures from various industrial 

applications, such as radioactive waste disposal (Houston, Houston & Williams 

1985) (Eriksson 1989) (Lingnau et al. 1996).  While the majority of these studies 
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focused on applications involving elevated temperatures, testing programs also often 

involved testing at temperatures approaching freezing, and this, of course, is the 

interest of the authorôs research program. 

 

Temperature has two major effects on soil, thermal expansion-contraction of soil 

particles (solid and water) and mechanical weakening of the contacts between soil 

aggregates (Perkins & Sjursen 2009).  In general, as temperature increases, water 

is expelled under drained conditions and particle contacts become weaker (Mitchell 

& Soga 2005).  This rather unexpected result shows that the measured effects of 

temperature on observed mechanical properties are often contradictory (Tang, Cui & 

Barnel 2008).  They may be due to the influence of temperature on dielectric 

constant.  This section provides a review and background information on the effects 

of temperature on mechanical properties of clay, including consolidation and shear 

strength properties. 

 

2.3.1 Thermal Effects on Consolidation 

As temperature increases in a saturated clay soil, consolidation may be induced 

(Perkins & Sjursen 2009).  Changes in the volume of soil due to temperature 

variations have been the subject of many investigations since 1960 

(Ghahremannejad 2003). 
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Change of temperature under constant load can cause contraction or expansion, 

which can lead to pore water pressure changes.  A study by (Houston, Houston & 

Williams 1985) illustrates the effect of temperature on pore water pressure.  This 

effect is shown in Figure 2.12 for two undisturbed clays (undisturbed Pacific illite and 

undisturbed Pacific smectite-rich samples) where the pore water pressure increase 

(æu) is normalized by the initial consolidation pressure (ůᾳ3c) and plotted versus 

temperature.  As the figure shows, a temperature increase in clay samples 

prevented from draining in isotropic compression resulted in an increase in pore 

water pressure.  Pore water pressure increased at a faster rate with an increase in 

temperature when the initial temperature is higher. 

 

Several studies have investigated the effect of temperature on preconsolidation 

pressure measured in one-dimensional oedometer tests.  (Eriksson 1989) performed 

incremental loading oedometer tests on a silty clay from northern Sweden.  The 

results showed that preconsolidation pressure decreased with increasing 

temperature (Figure 2.13).  The rate of decrease appeared to be greater for 

temperatures less than 20°C and was approximately 1kPa per 1°C of temperature 

change (Figure 2.14).  Similar results are reported by (Leroueil & Marques 1996).  

They summarized several studies by plotting preconsolidation pressure (ůp as used 

in Figure 2.15) normalized by the preconsolidation pressure measured at 20°C 

against test temperature.  The results in Figure 2.15 show appreciable scatter but 
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indicate that the preconsolidation pressure measured near 0°C is approximately 

20% higher, on average, than that measured at 20°C. 

 

(Tidfors & Sällfors 1989) performed conventional incremental oedometer and 

constant rate of strain (CRS) tests on five clays from Sweden, three of which were 

marine clays.  Temperature was varied between 7°C and 50°C.  Figure 2.16 

summarizes the results where the change in preconsolidation pressure per 10°C 

(æůᾳc/10°C) normalized by the preconsolidation pressure of the soil (ůᾳc) expressed 

as a percentage is plotted against the soilôs liquid limit.  The change in 

preconsolidation pressure is seen to increase as the liquid limit of the clay increased. 

Provided full drainage is permitted and effective stresses are held constant, the 

increase of temperature can decrease the volume of saturated, normally 

consolidated clay specimens (Graham et al. 2001).  Figure 2.17 shows results 

obtained by (Graham et al. 2001) from drained isotropic compression tests on 

reconstituted illite at three different temperatures.  As Figure 2.17 illustrates, 

increase in temperature causes expansion of the minerals and the water.  This can 

be explained by the diffuse double layer theory (Mitchell & Soga 2005).  The diffuse 

double layer occupies the space between the clay surface and the ófreeô (hydrostatic) 

water, and has a thickness less than 10-5mm.  The thickness of the diffuse double 

layers increases with an increase in temperature, with an increase in dielectric 

constant, with a decrease in the electrolyte concentration and with a decrease in 

cation valency of the solution (Equation 2.1).   
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where 1/K is thickness of the diffuse double layer, n0 is electrolyte concentration, ɡ is 

cation valence, D is dielectric constant of the medium, T is temperature, k is the 

Boltzmann constant (the gas constant per molecule, 1.38*10-23 J/K), e is the 

electronic charge (1.602*10-19 C) and Ů0 is a constant representing the permittivity of 

vacuum (8.8542*10-12 C2 J-1 m-1). 

 

Change of temperature affects the way in which the minerals support the applied 

stresses through net repulsive forces in diffuse double layers.  The changes are not 

only through the direct effects of temperature T, but also through reductions in the 

dielectric constant which also varies with temperature.  Figure 2.18 shows that the 

compressions caused by increases of temperature are not fully reversible when the 

temperature returns to its original value.  (Campanella & Mitchell 1968) also reported 

similar results (Figure 2.19).  Relationships between reversible and nonreversible 

volume changes appear to differ significantly from soil to soil.  (Graham et al. 2001) 

suggest that an approach based on elastoplasticity will be useful. 

 

When a soil is loaded one-dimensionally under a constant normal stress, its 

compression has two components (Batenipour et al. 2009a).  One, primary 



 

28 

consolidation, is associated with the hydrodynamic expulsion of water, increasing 

effective stress, and consequent reorganization of the soil structure.  Two, the clay 

continues to settle even after excess pore water pressures have dissipated and 

effective stresses are constant.  Secondary compression (creep) is the change in 

volume of soil caused by adjustment of the soil fabric.  It is present even during 

primary consolidation.  Volumetric creep strains are typically linear when plotted 

against with the logarithm of elapsed time.  Secondary compression is usually 

characterized by the index CŬe, defined as the slope of the curve obtained by plotting 

void ratio (e) versus log (time) in the normally consolidated range of loading (Yin, 

Zhu & Graham 2002) (Budhu 2007) (Kelln et al. 2008): 
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There are different opinions on the effect of temperature on creep or secondary 

compression.  (Habibagahi 1977) and (Mesri 1973) showed that CŬe for both 

normally and overconsolidated samples of inorganic Plaudings clay and for normally 

consolidated organic Plauding clay was not affected by change of temperature, 

whereas for organic overconsolidated samples it increased with an increase in 

temperature (Figure 2.20 and Figure 2.21).  (Plum & Esrig 1969) also reported that 

the secondary compression rates were only slightly affected by increase in 

temperature.  On the other hand, (Campanella & Mitchell 1968), (Houston, Houston 
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& Williams 1985), (Tidfors & Sällfors 1989), (Burghignoli, Desideri & Miliziano 1992), 

and (Towhata, Kuntiwattanaku & Seko 1993) reported that increasing temperatures 

produce increases in the rate of creep.  An increase in creep rate was explained by 

the increase in the energy level (Tidfors & Sällfors 1989), or by bond breaking and 

structural rearrangement (Houston, Houston & Williams 1985) (Burghignoli, Desideri 

& Miliziano 1992).  (Houston, Houston & Williams 1985) examined the effect of 

temperature on secondary compression for undisturbed Pacific illite.  In Figure 2.22, 

the slope of the linear portion of the thermal consolidation curve is defined as the 

thermal coefficient of secondary compression, ɻŮŬ, given in percent strain per log 

cycle.  Figure 2.23 illustrates that ɻŮŬ increases with increasing temperature.  The 

value ranges from about 0.4% /log cycle at 40°C to about 2.1% /log cycle at 200°C.  

The increase in the rate of secondary compression at the elevated temperatures 

was quite significant, typically causing secondary compression to dominate the 

thermal consolidation process. 

 

2.3.2 Thermal Effects on Shear Strength 

Several studies have been conducted to examine the influence of temperature on 

shear strength of clay.  The effects of changes in temperature on shear strength and 

stress-strain behaviour have always been a subject of controversy (Kuntiwattanakul 

et al. 1995).  Conflicting experimental results have been reported in this study area.  

Many experimental studies strongly asserted that an increase in temperature causes 
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weakening in clay.  On the other hand, there were also many test results indicating 

that an increase in temperature strengthened the clay.  (Ghahremannejad 2003) 

summarized (Table 2.2) the results of many of the shear experiments that have been 

carried out on clay at different temperatures.  Some of these studies will be reviewed 

in this section. 

 

Several researchers have found that an increase in temperature causes weakening 

of clay.  (Mitchell 1964) performed consolidated undrained triaxial tests after drained 

heating on remolded San Francisco Bay mud with temperatures ranging from 4.7°C 

to 31.4°C and observed a decrease in undrained shear strength as temperature 

increased.  The decrease in undrained shear strength from tests corresponding to 

an increase in temperature from 4.7°C to 20°C was approximately 10%.  (Sherif & 

Burrous 1969) reported results of unconfined compression tests on normally 

consolidated kaolinite that experienced a temperature increase after consolidation 

and observed that unconfined compressive strength decreased with an increase in 

temperature.  These tests were performed at warm temperatures ranging from 24°C 

to 65°C.  (Hueckel & Baldi 1990) performed drained triaxial tests at a given confining 

stress of 0.5MPa under drained heating at temperatures ranging from 18°C to 115°C 

and observed a decrease in shearing strength with an increase in temperature 

(Figure 2.24).  Similar observations have been made by (Boudali 1995), (Moritz 

1995), and (Marques, Leroueil & Almeida 2004). 
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On the other hand, some studies have shown that an increase of temperature 

strengthens clay (Houston, Houston & Williams 1985).  (Houston, Houston & 

Williams 1985) studied the effect of temperatures on peak shear strength of soils.  

Figure 2.25 shows the stress-strain behaviour of undisturbed illite at various 

temperatures and effective stress levels.  The peak shear strength and stiffness 

increase with increasing temperature at a given effective confining stress.  Their 

study was carried out using drained heating during consolidation and undrained 

triaxial shearing.  It is important to note that the focus of their work was on elevated 

temperatures up to 200°C.  The behaviour of the high-temperature specimens is 

significantly different than that of low temperature specimens tested by 

(Kuntiwattanakul et al. 1995).  They also reported similar results from undrained 

triaxial tests on samples of kaolin clay at various temperatures ranging from 20°C to 

90°C.   Their study is based on isotropically consolidated undrained triaxial tests 

carried out using several paths of drained heating and consolidation.  (For 90°C 

tests, specimens were heated under drained conditions).  Their test results indicated 

that the undrained peak shear strength and stiffness of samples increased with 

increase in temperature. 

 

Thermal expansion of the soil components explains the phenomenon of 

macroscopic thermal expansion under low stresses.  Thermal contraction explains 

the mechanical weakening of contacts (Tang, Cui & Barnel 2008).  This thermal 

volume change phenomenon has a significant effect on the soil shear strength.  The 
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expansion of aggregates induces a decrease of soil strength.  Conversely, thermal 

contraction hardens the soil and increases the shear strength.  These two opposing 

phenomena explain the conflicting results in the research literature in terms of the 

effect of temperature on shear strength.   

 

Several researchers have investigated the effect of temperature on friction angle.  

Studies by (Mitchell 1964), (Houston, Houston & Williams 1985), (Hueckel & 

Pellegrini 1989), (Hueckel & Baldi 1990), (Lingnau et al. 1996), and (Marques, 

Leroueil & Almeida 2004) showed only small effects of temperature on the friction 

angle of normally consolidated clays. 

 

2.4 Frost Heave in Soils 

Frost heave occurs in soils where there is seasonal soil freezing and supply of 

water; and in the active layers of permafrost soils in cold regions (Andersland & 

Ladanyi 2004).  The pore water in the ground freezes as the temperature of 

atmosphere decreases and heat is transmitted from the ground to the atmosphere.  

Frost heave is the result of ice segregation during the freezing process and of the 

formation of alternating bands of soil and ice (ice lenses).  During the freezing 

process, soil water flows to the freezing front and ice lensing takes place at water 

potentials less than atmospheric (suctions) to which the water is attracted (Konrad 

1994).  These lenses are generally oriented normal to the direction of heat flow.  
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There are currently several frost-heave models in which temperature, and soil 

hydraulic and thermal properties are used as input in calculations to predict frost 

heave.  Following sections review current frost-heave theories. 

 

2.4.1 Frost Heave Process 

Frost heave involves heat and mass transfer and can be described by 

thermodynamics principles.  The formation of ice lenses requires unsteady heat flow 

near the ground surface, combined with conditions of crystal ice growth (Andersland 

& Ladanyi 2004).  The unsteady heat flow through the ground can lead to the flow of 

heat from the unfrozen to the freezing front (to remove the latent heat needed for 

freezing to occur), increase of frost penetration in unfrozen ground, and migration of 

water to the freezing front and formation of ice lenses.  The volume of the soil-water 

system increases with ice forming.  It is necessary for the formation of ice lenses 

that the rate of heat extraction exceeds the rate of heat supply (water flow) to the 

freezing front. 

 

The temperature curve (Figure 2.26) shows the non-uniform heat flow situation near 

the ground surface, represented by temperature gradients with different slopes 

(Andersland & Ladanyi 2004) (Nixon 1991).  The temperature gradients show the 

rate of heat extraction above the frost line to be greater than the rate of heat supply 

below the frost line.  Ice growth occurs at the frost line, with temperature below 0°C.  
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Studies by (Konrad & Morgenstern 1980), and (Nixon 1991) and (Nixon 1992) 

indicate that ice lenses form in soil higher than the 0°C isotherm and that there is a 

frozen fringe between the ice lens and the unfrozen soil.  Figure 2.26 illustrates a 

homogeneous fine-grained soil column with a zone of frozen soil, an active ice lens, 

a frozen fringe, and an underlying zone of unfrozen soil (Nixon 1991).  The frozen 

fringe is a thin zone at the freezing front where ice has penetrated pores that contain 

no ice lenses and has a very low hydraulic conductivity which can impede water flow 

by partial filling of soil pores by ice.  In the frozen fringe, liquid water exists in 

equilibrium with ice at a temperature below the normal freezing point of water, with 

the segregation freezing temperature (Ts) located at the base of the growing ice 

lens.  The thickness of the frozen fringe depends on the temperature gradient, 

overburden pressure, and the soil properties (Henry 1998).  

 

The curved interface in the soil pores between the two phases indicates that there is 

a pressure difference between the ice and water in soil pores ( (O'Neill & Miller 

1985), Figure 2.27).  (Henry 1998) described the ice pressure as positive and the 

water pressure as negative, therefore the total pore pressure consists of the total 

sum of the ice and water pressures.  The soil particles separate within the frozen 

fringe and the ice lenses form when the total pore pressure in the ice exceeds the 

overburden pressure.  The ice lens thickness and spacing between lenses depend 

upon various factors such as soil type (amount of unfrozen water), overburden 

pressure, and freezing conditions (Konrad 1994).  In general, clay soils present thin 
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ice lenses that are relatively closely spaced and often curved, whereas soils with 

more silt content display thicker ice lenses that are more uniformly spaced and fairly 

planar. 

 

2.4.2 Soil Freezing Characteristics 

Frost-heave models usually assume equilibrium at differentially small scale between 

phases of water in the soil pores.  For equilibrium, the ClausiusïClapeyron equation 

describes the thermal dependency of soil ice and pore water in the soil pores 

(Andersland & Ladanyi 2004) 
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where ɟi and ɟw are the densities (in Mg/m3) of ice and water, respectively; Pi is the 

ice pressure (Pa), Pw is the total soil water potential (Pa), L is the latent heat of 

fusion of water (334J/g), To is the temperature of the freezing point of pure water 

(273K), and æT = T - To is the temperature difference of the water phase in K. 

Equation 2.4 relates the difference between water and ice pressure when there is a 

curved interface between the two phases (Henry 1998): 

Equation 2.4  kɣPP   iw wi =-  
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where ɣiw is the interfacial tension between the ice and water (N/m), and k is the 

mean curvature of interface (m-1).  For freezing soils, k=2/r where r is the pore 

radius. 

The difference between ice and water pressure is also a function of the water 

content, which is a function of the temperature (T) (Henry 1998): 

 

 Equation 2.5  ( ) ()ThvfPP wwi ==-  

 

Models have been developed by researchers to predict the frost heave ( (O'Neill & 

Miller 1982), (O'Neill & Miller 1985), (Black 1995), (Sheng 1994), (Konrad & 

Morgenstern 1981) and (Konrad & Morgenstern 1982)).  Most of the frost heave 

models use soil physical, thermal, and hydraulic properties and thermal conditions to 

predict frost heave. 

 

Frost heave models solve the basic equations of mass and heat transfer applied to 

the frozen fringe, bounded by the unfrozen zone and the frozen zone (Henry 1998) 

(Figure 2.26).  In soil that heaves during freezing, coupled flow between water and 

heat occurs when the temperature gradient that leads to heat flow (phase change) 

results in the transport of water, which is a critical factor in determining the growth of 

ice lens.  There are significant differences among the existing frost heave models in 

how they simulate this flow.  In contrast, heat and mass transfer in the unfrozen 

zone and heat transfer in the fully frozen zones of a freezing soil are treated similarly 
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by most models.  The following two sections discuss the theory of mass and energy 

(heat) transfer. 

 

2.4.3 Mass Balance 

The water mass balance for the frozen fringe is given by (Henry 1998)  

Equation 2.6  ( ) ( )Iwwwiiww vɟvɟɟɟ
dt

d
+Ð=J+J  

 

where ɟi and ɟw are the densities of ice and water (Mg/m3), ◒i and ◒w are the 

volumetric ice and water content, vI and vw are the velocities of ice flow and water 

flow (m/s). In a problem with vertical one-dimensional (1-D) heat flow, the value of vl 

is in fact the rate of frost heave.  Darcyôs law is assumed in Equation 2.6 for the 

water flow.  Applying it to the frozen fringe for 1-D freezing in the vertical z-direction 

results in: 
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where K is the hydraulic conductivity of the soil (m/s) and h is the total head of water 

(m).  Different models have different expressions for K and h in the frozen fringe as 

well as in whether they model the growth (flux) of ice out of the frozen fringe. 
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2.4.4 Energy Balance 

Latent heat L is released when water freezes. L is a significant heat source in the 

frozen fringe and the following Equation 2.8 models the heat transfer (Henry 1998):  
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where C is the volumetric heat capacity of the soil (J/m3K), ɚ is the thermal 

conductivity of the soil (W/mK), T is the temperature (K), vi is the flux of ice (m/s) 

defined as vi = vl◒i, where ◒i is the volumetric ice content, Cw and Ci are the 

volumetric heat capacities of the soil water and ice respectively. 

 

Fourierôs law is used to describe the conductive heat flux.  Convective heat transfer 

(heat transferred via fluid velocities) is modeled by the terms in Equation 2.8 

involving water and ice flow (vw and vi). The sensible heat transfer (the heat transfer 

due to temperature change) is modeled by the first term on the left side of Equation 

2.8, which can be rewritten: 
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2.4.5 Segregation Potentials 

(Konrad & Morgenstern 1980) introduced a detailed model for one-dimensional frost 

heave that evaluates frost susceptibility and heave.  The model involves determining 
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the term segregation potential (SP).  In order to do so, they conducted a series of 

freezing tests with various stepped temperatures on the cold side of specimens, but 

with the warm side temperature kept constant.  Their specimens were a saturated, 

frost susceptible soil, Devon silt.  They applied various constant cold temperatures at 

the top of the specimen and a constant warm temperature at the bottom of the 

specimen, and observed that the water intake flux vw at the formation of the final ice 

lens is proportional to the temperature gradient in the frozen fringe.  The 

proportionality factor SP is the slope of the linear relationship between vw and grad T 

(Figure 2.28). That is: 

Equation 2.10  
Tgrad

v
=SP w

 

 

(Konrad & Morgenstern 1980) suggested that after an ice lens has formed, the 

frozen soil above the ice lens does not participate in mass transport, but that water is 

transported to the bottom of the ice lens from the unfrozen soil through the frozen 

fringe (Figure 2.26).  The driving potential for the water movement develops from 

suction generated at the ice-fringe interface, and from the obstruction to water flow 

due to reducing permeability in the frozen fringe.  Their analysis made the following 

assumptions:  

1- The ClausiusïClapeyron equation is valid at the base of the ice lens (Konrad 

& Morgenstern 1981). 
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2- The water flow is continuous across the frozen fringe.  When the hydraulic 

conductivity of the frozen fringe Kfo becomes so low that water cannot migrate 

to the ice lens, growth of that lens terminates.  Water then begins to 

accumulate at a lower level in the soil and new ice lenses form (Konrad & 

Morgenstern 1981). 

3- The migratory water freezes and an ice lens develops at the segregation 

freezing temperature Ts (Figure 2.29), which is a few tenths of a degree below 

the freezing temperature Ti (0°C) of bulk water at the bottom or the frozen 

fringe (Konrad 1994), (Freden 1965), (Hoekstra 1969), (Penner & Goodrich 

1980).  The temperature in the frozen fringe varies linearly between the Ts at 

the lens and the Ti at the bottom of the frozen fringe. 

4- The hydraulic conductivity in the frozen fringe is related to the amount of 

unfrozen water and can be characterized by an overall permeability kfo 

(Konrad & Morgenstern 1981) (Figure 2.30). 

 

The formation of ice at temperature below 0°C induces a pressure deficiency 

(suction gradient) across the frozen fringe and in the unfrozen soil below (Konrad 

1994).  In accordance with Darcyôs law, the velocity of water flow depends on the 

suction gradient, the overall hydraulic conductivities of the unfrozen soil, and the 

frozen fringe.  (Konrad & Morgenstern 1981) proposed that the value of SP is a 

function of the total suction potential at the freezing front pw, the suction potential at 

the frozen-unfrozen interface pu, the segregation freezing temperature Ts, and the 
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overall hydraulic conductivity in the frozen fringe Kfo.  They developed the theoretical 

suction profile in the frozen fringe in response to a linear temperature profile, 

obtained from the Clausius-Clapeyron equation (Equation 2.3).  By assuming the ice 

pressure in the ice lens to be 0, they rearrange the Clausius-Clapeyron equation to: 

Equation 2.11  MTT
TV
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where T = T* - To* is the temperature of the water phase in degrees Celsius, To* is 

the temperature of the freezing point of pure water (273K), Pw is the suction in the 

water phase, L is the latent heat of fusion of water (334J/g), Vw is the specific 

volume of water (0.1019m3/kN), and M is a constant equal to 1224kPa/°C.  As 

Figure 2.30b also shows, the suction profile is assumed to be linear and pass 

through the origin.  Studies by several researchers have shown that Equation 2.11 is 

only valid for temperatures close to 0°C (between -0.001°C and -0.06°C) at an ice 

lens under atmospheric pressure (Konrad 1994), (Konrad & Morgenstern 1981) and 

(Nixon, Ellwood & Slusarchuk 1981).  It is also important to note that there is a 

considerable difference in the shape of the actual and theoretical suction profiles as 

well as in their values at a given temperature warmer than Ts (Figure 2.30). 

 

The hydraulic conductivity of the frozen fringe Kfo is very important, yet difficult to 

measure (Konrad 1994).  The accuracy of frost heave prediction depends on how 
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well the hydraulic conductivity of the frozen fringe is measured (or assumed) for 

various conditions of temperature and suction. 

 

2.4.6 Frost Heave Predictions 

In a series of papers, Konrad and Morgenstern developed their theory of frost heave 

prediction using the concept of segregation potentials in fine grained soils (Konrad & 

Morgenstern 1980), (Konrad & Morgenstern 1981), and (Konrad & Morgenstern 

1982).  The parameter SP is used to model frost heave by knowing or predicting the 

temperature gradient in the frozen fringe, then using Equation 2.10 to predict the 

water intake flux vw.  The rate of frost heave vl (dh/dt) can then be obtained using the 

relation: 

Equation 2.12  
dt

dX
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wl +=                        

 

where X is the frost depth, ɗ is the volumetric water content (the porosity reduced to 

account for the percentage of in situ pore water that will not freeze), and 0.09 is the 

volumetric expansion that occurs when water is frozen.  In Equation 2.12, (Konrad & 

Morgenstern 1982) predict the frost heave resulting from two components, the water 

arriving at the freezing front (effect of suction and SP) and the freezing of in-situ pore 

water. 
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2.4.7 Other Factors Affecting the Segregation Potential 

Several studies with various tests have shown that the segregation potential is also 

influenced by overburden pressure (Konrad & Morgenstern 1982), and by thermal 

conditions such as the rate of cooling (Konrad 1984) (Konrad 1989a) and freeze-

thaw cycling (Konrad 1989). 

 

(Konrad & Morgenstern 1982) found the following relationship between applied 

pressure and SP: 

Equation 2.13  ( )e0 aP-expSPSP=                        

 

where SP0 is the value of SP obtained for zero applied pressure, Pe is the applied 

pressure (effective overburden pressure), and a is a soil constant.  Figure 2.31 

shows the results of a literature survey on well-documented cases of frost heave 

data conducted by (Konrad & Morgenstern 1983).  As the results show, the 

segregation potential of a given freezing soil decreases with increasing overburden 

pressure.  In general, the segregation potentials of soils with low unfrozen water 

contents (silty sands) are more sensitive to small changes in overburden pressure 

than soils with higher unfrozen water contents such as clays. 
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Equation 2.10 and Equation 2.12 indicate that frost heave is proportional to the 

temperature gradient when the final ice lens is forming.  (Konrad 1984) presented 

experimental results on Devon silt with no applied pressure and showed that the rate 

of frost heave is a function of the net rate of heat extraction (Figure 2.32).  (Penner 

1972) also reported similar results in Figure 2.33 which shows the frost heave rate of 

a saturated gravelly sand tested under an applied pressure of 3.4kPa.  The figure 

shows that the frost heave rate is a function of the frost penetration rate.  The frost 

heave rate increases with increased penetration rate to a maximum, then decreases 

at higher penetration rates. 

 

(Konrad 1989) studied the effects of freeze-thaw cycling on the structure of a clayey 

silt.  He conducted a test on each of a series of specimens which consisted of three 

or four cycles of ramped freezing and thawing under an applied pressure of 50kPa.  

In the first freezing run, the specimens were frozen to about half their initial height, 

whereas in subsequent freezing the frost front penetrated to the same depth or 

deeper and created zones in a single specimen with various freeze-thaw histories.  

In the final freezing cycle, the frost front was allowed to penetrate into unfrozen soil 

that was never previously subjected to freezing.  Figure 2.34 shows the results from 

one specimen.  The value of SP is lower when the temperature is lower than the 

segregation freezing temperature, that is, the lowest temperature the specimen 

experienced in the first cycle.  This confirmed that the test procedure produced 

changes in the micro-structure of specimen.  No structural changes occurred in the 
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frozen soil when the temperature was higher than the segregation freezing 

temperature.  This illustrates that the soil structure will be altered as the pore ice 

content increases in response to decreasing temperatures in the frozen fringe. 

 

2.5 Justification for Research 

Although many studies have been completed on the effects of temperature on soil 

behaviour, there is still a lack of agreement as to how the consolidation and shearing 

properties of clays are affected by the change of temperature.  In the literature, the 

majority of studies focused on the effects of increasing temperatures (above general 

laboratory temperatures) on soil behaviour.  In contrast, the focus of this research 

was to examine the effects of temperatures close to freezing on the consolidation 

and shearing properties of soil. 

 

The most recent geotechnical site investigation at the test site on PR391 showed no 

ice in the foundation of the road embankment. (Previous investigations confirmed 

the presence of ice in the foundation).  Therefore, the foundation material is currently 

classified as ñthawed (or ódegradedô) permafrostò.  The purpose of this research is to 

investigate and understand the performance of highway embankments on thawed 

permafrost. 
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The research on PR391 consisted of (1) a detailed geotechnical site investigation, 

(2) field instrumentation, (3) data collection, (4) laboratory testing, (5) constitutive 

analysis and (6) numerical simulations.  This research provides new insights into the 

nature and cause of embankment deformations and the mechanism producing 

functional failure (serviceability limit state).  It also provides an improved ability to 

identify sections óat riskô that require immediate remedial attention and evaluates 

suitable remedial measure for constructing of highways and road embankments, and 

the treatment of existing highways on thawed permafrost.  In doing so, the study 

addresses the hypotheses listed at the end of Chapter 1. 

 

Most researchers have studied the freezing behaviour of specimens under controlled 

laboratory conditions.  Fewer projects have studied frost heaving of natural ground 

under field conditions.  The focus of this research is to study the application of the 

current SP frost heave approach to field conditions.  The objective is to use the SP 

method to back-calculate segregation potentials from the site observations and 

collected frost heave data.  Results will be compared with the limited number of 

results in the research literature. 
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West Sector Central Sector East Sector 

   

2020s A1B Annual: +1.1°C 2020s A1B Annual: +1.4°C 2020s A1B Annual: +1.3°C 

2050s A1B Annual: +3.0°C 2050s A1B Annual: +3.2°C 2050s A1B Annual: +3.0°C 

2080s A1B Annual: +4.5°C 2080s A1B Annual: +4.4°C 2080s A1B Annual: +4.5°C 

   

2020s A2 Annual: +1.4°C 2020s A2 Annual: +1.6°C 2020s A2 Annual: +1.4°C 

2050s A2 Annual: +3.0°C 2050s A2 Annual: +3.4°C 2050s A2 Annual: +3.0°C 

2080s A2 Annual: +5.4°C 2080s A2 Annual: +6.1°C 2080s A2 Annual: +5.6°C 

 

Table 2.1: Mean annual temperature change results from the óbest four modelsô for 

each sector (Revised from CCCSN 2009) 
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Reference  Soil  LL & PI 
Temp. 
Range 

Cons. 
Type of 

Shearing 

Strength 
after 

Heating 

(Murayama 
1969) 

Osaka 
clay 

     UH UU Down 

(Sherif & 
Burrous 1969) 

Kaolin 
clay 

     UH UU Down 

(Laguros 1969) 
 3 clay 
types  

29-47%    UH UU Down 

(Ctori 1989) Brick clay   6-35°C   UU Down 

(Towhata et al 
1993) 

Kaolin & 
Bentonite 

70%, 
29% 

Up to 
200°C 

  UU Unchanged 

(Noble & 
Demirel 1969) 

Iowa clay 
89%, 
59% 

      Down 

(Mitchell 1964) 
San 

Francisco 
Bay mud 

    NC, DH IU Down 

(Houston et al 
1985) 

Illite 
Smectite 

88%, 
47%  

4-200°C NC, DH IU Up 

(Hueckel & Baldi 
1990) 

Pontida 
clay 

  
18-

115°C 
OC, DH ID Down 

(Burghignoli, 
Desideri & 

Miliziano 1992) 
Todi clay 

52%, 
30% 

15-60°C 
NC, 

Cyclic 
DH 

IU Unchanged 

Lingnau et al 
(1995) 

Sand 
Bentonite 

250%, 
200% 

26-
100°C 

NC, DH IU Down 

(Moritz 1995) 
Linkoping 

clay 
65-90% 

Up to 
70°C 

NC, UH IU Down 

(Kuntiwattanakul 
et al. 1995) 

MC Kaolin 
70%, 
29% 

20-90°C 
NC, DH IU Up 

OC, DH IU Unchanged 

(Chiu 1996) 
Kaolin 
C1C 

  
22-

100°C 
NC, DH 

IU Unchanged 

ID Up 

(Tanaka et al 
1997) 

Illitic shale 
30%, 
21% 

28-
100°C 

NC, DH IU Down 

Table 2.2: Review of temperature effects on shear strength of soils (Redrawn from 

Ghahremannejad 2003) 
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Figure 2.1: Distribution of permafrost in Canada 

(http://www.nrcan.gc.ca/sites/www.nrcan.gc.ca.earth-

sciences/files/jpg/permafrost/images/wheredoes1.jpg, reproduced with the 

permission of Natural Resources Canada, January 2012) 
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Figure 2.2: Mean annual air temperature and 5-year running mean (thick line) for 

Environment Canada stations in the Mackenzie region (Tuktoyaktuk, Inuvik, Norman 

Wells, Fort Simpson and High Level), Baker Lake, Alert and Iqaluit. Data are from 

Environment Canada (2000) and Environment Canadaôs web-based monthly climate 

summaries (Smith et al. 2005) 
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Figure 2.3: Annual anomalies of land-surface air temperature in the Arctic (60º to 90º 

N) for the period 1900 to 2003. Anomalies are calculated relative to the 1961ï1990 

average. The smoothed curve was created using a 21-point binomial filter, which 

approximates a 10-year running mean. (McBean et al. 2005, Reprinted with 

permission of Cambridge University Press) 

 

Figure 2.4: Location of Three Arctic Sectors and Nine Zones. (CCCSN 2009) 
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Figure 2.5: Permafrost temperature for three sites in the Mackenzie Delta region 

between 1989 and 2003. Temperature is given at depths of 24m, 28m and 29m for 

Lousy Point, Involuted Hill 1 and Involuted Hill 2 respectively. (Smith et al. 2005) 

 

Figure 2.6: Ground temperatures between 1984 and 2003 at depths near 10m in the 

Mackenzie valley south of Norman Wells. Temperature at 10m depth is given for all 

sites except Table Mountain where the temperature at 12m depth is provided. (Smith 

et al. 2005) 
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Figure 2.7: Complex interactions of the active layer and permafrost with the 

atmosphere and biological, hydrological and geomorphic processes (Brown 1997) 

(with kind permission of Springer Science and Business Media) 
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Figure 2.8: Typical ground temperature regime in permafrost (Hinkel et al. 2003) 

(Authorôs note: The thickness of permafrost for the Global Warming case is shown 
incorrectly in this widely published figure.) 
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Figure 2.9: Flat Loop Thermosyphon foundations at Inuvik Regional Hospital in 

Inuvik, NWT, Canada (photo by author) 
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Figure 2.10: Trans-Alaska Pipe-line System (Hinkel et al. 2003) 
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Figure 2.11: Buildings above original ground level, Inuvik, NWT, Canada (photo by 

author) 
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Figure 2.12: Normalized pore water pressure change with temperature increase for 

a) undisturbed Pacific illite and b) undisturbed Pacific smectite-rich samples 

(Houston et al. 1985) 
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Figure 2.13: Oedometer tests at different temperatures (Eriksson 1989) 

 

Figure 2.14: Effect of temperature on preconsolidation pressure (Eriksson 1989) 
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Figure 2.15: Variation of normalized preconsolidation pressure versus temperature 

(Leroueil and Marques 1996) 

 

Figure 2.16: Change in preconsolidation pressure versus liquid limit (Tidfors and 

Sällfors 1989) 
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Figure 2.17: Variation of isotropic hardening lines V versus log(pô) with temperature. 

NCL, normal consolidation line (Graham et al. 2001). 

 

Figure 2.18: Volumetric strain versus temperature at constant isotropic effective 

stress, drained tests. ƺ, test at 2 MPa on Pontida clay; ǒ, test at 6 MPa on Boom 

clay (after Hueckel and Pellegrini 1989); æ, data from (Tanaka 1995) (Graham et al. 

2001). 
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Figure 2.19: Effect of temperature variations on volume under drained conditions 

(Campanella and Mitchell 1968). 

 

Figure 2.20: Coefficient of secondary compression for inorganic Plaudings clay at 

different temperatures (Mesri 1973). 
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Figure 2.21: Coefficient of secondary compression for organic Plaudings clay at 

different temperatures (Mesri 1973). 

 

Figure 2.22: Definition of thermal coefficient of Secondary Compression, ɻŬe 

(Houston et al. 1985) 
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Figure 2.23: Coefficient of thermal secondary compression for undisturbed Pacific 

illite (Houston et al. 1985) 
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Figure 2.24: Drained Triaxial Compression Tests on Pontida Silty Clay at 18 °C  and 

115 °C at Confining Stress of 0.5 MPa; 1 at 23° C, 2 at 98° C: (a) Deviatoric Stress 

versus Axial Strain; and (b) Volumetric Strain versus Axial Strain (Hueckel and Baldi 

1990) 
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Figure 2.25: Stress-Strain behaviour of undisturbed illite at various temperature and 

effective stress levels (Houston et al. 1985) 
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Figure 2.26: Frost heave in an idealized one-dimensional soil column (Nixon 1991) 

(Authorôs note: Vertical axis is not to scale) 

 

Figure 2.27: The frozen fringe with ice lens (OôNeil and Miller 1985).  Arrows in 

direction of heat flow 
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Figure 2.28: Relation between water intake velocity and temperature gradient across 

the active system at the formation of the final ice lens. (Konrad and Morgenstern 

1981) 

 

Figure 2.29: Schematic of freezing in soils Schematic of freezing in soils. Hydraulic 

conductivity of frozen soil (K); hydraulic conductivity of unfrozen soil (Ku) (Konrad 

1994) 



 

69 

 

   a) 

 

   b) 

 

Figure 2.30: Characteristics of the frozen fringe: (a) simplified and (b) actual shape 

(Konrad and Morgenstern 1981) 
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Figure 2.31: The segregation potential-pressure relationship for various soils. 

(Konrad and Morgenstern 1983) 
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Figure 2.32: Total heave rate versus net heat extraction for Devon silt. (Konrad 

1984) 
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Figure 2.33: Frost heave as a function of frost penetration rate for gravelly sand with 

an applied surcharge or 3.4 kPa (From Penner, E. Influence of Freezing Rate on 

Frost Heaving. In Transportation Research Record 393, Figure 4, p. 60. Copyright, 

National Academy of Sciences, Washington, D.C., 1972. Reproduced with 

permission of the Transportation Research Board.) 
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a) 

 

b) 

 

Figure 2.34: Typical results of repeated freeze-thaw runs on a clayey silt. (a) Time 

vs. segregation potential (b). Temperature profiles (Konrad 1989b).  
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CHAPTER 3: Site Investigation and Instrumentation 

 

The following chapter discusses the characteristics of the research site and 

immediate surroundings, the geotechnical site investigation performed on the site, 

the site stratigraphy, the instrumentation installed on the site, and the data 

monitoring. 

 

3.1 Background 

More than half of the area of Manitoba is in the discontinuous permafrost zone.  

Figure 3.1 shows that Manitoba has discontinuous permafrost north of the isotherm 

for a current mean annual air temperature of about 0ºC (about 2500ºC-days of frost).  

The permafrost becomes continuous further north near the Hudson Bay coast.  The 

research site examined in this doctoral project is on Provincial Road (PR) 391 which 

is located 18 km northwest of Thompson, Manitoba at approximately N55°50' 

latitude and W98°01' longitude (Figure 3.1).  The PR391 is an all-weather road 

constructed in the region of discontinuous permafrost and the only road connecting 

Thompson to northern mining towns, hydroelectric generating stations, and First 

Nations communities in North-western Manitoba. 

 

The PR391 was initially constructed as a compacted earthen road on discontinuous 

permafrost in the mid-1960s and then converted to a gravel road in the early 1970s.  
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In the early 1980s, it was upgraded with a bituminous pavement surface.  Since 

construction, changes in heat transfer have melted permafrost that had been 

detected earlier, particularly under embankments.  Thawing led to large ongoing 

irregular deformations and dangerous traffic issues. 

 

The chosen research site is typical of many other problematic road embankments in 

the discontinuous permafrost zone.  Responses by Manitoba Infrastructure and 

Transportation (MIT) included construction of stabilizing berms and insulating peat 

berms beside the embankment in the early 1990s.  Over the next few years, the 

berms settled into the foundation soil and essentially disappeared.  They currently 

provide no additional support to the original embankment.  Regular maintenance has 

added several metres of gravel fill since initial construction.  Where extra 

maintenance is required, the wearing surface has been returned to gravel from 

asphalt: the asphalt pavement from the early 1980s has not been replaced.  Figure 

3.2 and Figure 3.3 are photographs of the section of the PR391 chosen for the 

research project.  In 1991, drilling encountered frozen soil at depths from 1.9m to 

10.5m below the toe of the embankment.  Later drilling in 2005, detected frozen soil 

at depths from 4.6m to 10.7m.  As will be discussed in the next section, no frozen 

soil was identified in the recent drilling program for this project in late 2008 using 

continuous flight, solid stem augers.  Considerable maintenance was required at the 

site.  However, records outlining maintenance procedures and annual application of 

gravel were not made available to the author.   
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3.2 Provincial Road (PR) 391 Site Description 

The authorôs research involved site investigation, field instrumentation, laboratory 

testing, and numerical modelling.  Information about this stage of the project was 

published by (Alfaro et al. 2009), (Batenipour et al. 2009), (Batenipour et al. 2010), 

and (Batenipour et al. 2011).  Geotechnical site investigation is the first step in any 

geotechnical analysis.  The investigation of the geotechnical conditions performed 

by the author and the crew from the University of Manitoba and MIT in October 2008 

involved drilling boreholes, sampling soil, and a site survey followed by the 

installation of instrumentation.  Paddock Drilling Ltd. was contracted to provide 

drilling services. Figure 3.4 shows the 5inches Solid Stem auger on track mounted 

CME 850 drill rig that was used for the borehole drilling. 

 

Boreholes were drilled at the mid-slope and toe of two cross-sections of the 

embankment to examine the stratigraphy, collect samples for laboratory testing, and 

install instruments to record the behaviour of the foundation soils over several years.   

One section was designated as óstableô and the other as óunstableô.  Figure 3.5 

shows the layout of the cross-section locations at PR391.  The two sections are 

about 40m apart from each other.  The óstableô section is only about 2m high and 

has not deformed significantly.  The óunstableô section is also about 2m high above 

the surrounding natural ground.  However, it settled considerably and is assumed to 

now contain about 5m - 6m of gravel (Figure 3.6).  The gravel is partly from the 

original construction and partly from ongoing re-grading.  The ózeroô depth in Figure 
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3.6 and in subsequent figures is referenced to the level of the original ground 

surface and of the surrounding undisturbed land.  The terms óstableô and óunstableô 

are here used in the sense of a serviceability limit state and not an ultimate limit 

state. There are no indications of deep-seated rotational movements at the site. 

 

Figure 3.6 shows that soil conditions below the original ground level (at depth ó0ô in 

the figure) at the two sections are considerably different.  The stable section consists 

of approximately 4.0m of soft-to-firm clayey silt/silty clay with peat intrusions that 

vary from thin stratifications to pockets near the toe.  At the mid-slope, the soil is 

primarily silt to clayey silt.  The toe of the unstable section consists of 1.0m of clayey 

peat-silt, 1.0m of fine gravel, followed by a layer of highly plastic clay.  This clay is 

firm, brown, silty clay at upper levels and becomes very soft and grey to a depth 

approaching 18m.  The mid-slope of the unstable section consists of almost 2.0m of 

clayey peat-silt, over 2.0m of loose fine gravel, followed by firm brown silty clay that 

transitions to grey and soft clay.  No frozen soil was found in the foundation of the 

both sections.  The foundation material at PR391 is therefore currently classified as 

ñdegraded (thawed) permafrostò.  Both sections are underlain by gneissic bedrock.  

The surrounding area is poorly drained - there is free-standing water within 

approximately 20m of the embankment toe when snow is not present (Figure 3.7). 
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3.3 Field Instrumentation 

The plan for site instrumentation was developed to investigate the temperature, pore 

water pressure, and vertical and horizontal deformations of the PR391 embankment 

(Batenipour et al. 2009).  Instrument clusters installed at the PR391 site 

embankment comprised thermistor strings, vibrating wire (VW) piezometers and 

standpipes, surface settlement plates, slope inclinometers, and VW extensometers.   

 

In selecting instrumentation, it is necessary to consider the available resources and 

associated limitations.  In this research project, some of the limitations included 

space restrictions, monitoring ability, and cost.  Figure 3.8 shows locations of the 

instruments in plan view, and Figure 3.9 shows them in the two cross sections.  

(These two figures are diagrammatic.  The instruments are closer together in both 

horizontal directions than appear in the figures.)  The labels on the figures are the 

list of instruments below and will be explained in following sections: 

1- surface settlement plate 

2- deep settlement gauge 

3- thermistor string 

4- stand pipe piezometer 

5- slope inclinometer 

6- vibrating wire piezometer 
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7- vibrating wire extensometer 

 

All instruments were calibrated at their respective manufacturers prior to shipment 

and calibration certificates were provided.  Calibrations of the thermistor strings, VW 

piezometers and VW extensometers were verified at the Geotechnical laboratory at 

the University of Manitoba before the installation. 

 

3.3.1 Temperature Monitoring Instruments 

The thermistor strings were installed at the toe and mid slope of both the stable and 

unstable sections to determine the temperature profile of the ground and depth of 

frost/thaw in the foundation soils below the embankment.  The thermistor strings 

used for the study were manufactured by RST Instruments (Figure 3.10) and consist 

of individual thermistor sensors at 1m spacing.  The RST thermistor string can 

measure temperature between -80°C and 75°C which is well beyond the expected 

temperature range for this research project (RST 2008).  The thermistor strings were 

installed in vertical holes (Figure 3.11) and the holes were backfilled with a cement-

bentonite grout after the sensors were placed.  The mix design of the cement-

bentonite grout generally followed the recommendations of (Mikkelsen 2002). 
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3.3.2 Water Pressure Monitoring Instruments 

The VW piezometers were installed at the toes of both the stable and unstable 

sections to monitor pore-water pressures at two different depths beneath the 

embankment.  The multi-level VW piezometers used for the study were 

manufactured by DGE Slope Indicator and consist of VW piezometers in multi-level 

housings (Figure 3.12), assembled in-line with the PVC pipe and installed down hole 

(DGE Slope Indicator 2004). The holes were backfilled with the cement-bentonite 

grout after VW piezometers were placed. 

 

Casagrande-type standpipe piezometers were installed at the toe of both the stable 

and unstable sections to monitor the water level in ground.  Tips for the Casagrande 

standpipe piezometers used for the study were manufactured by RST Instruments 

and consist of a slotted PVC body that encloses a porous plastic filter element, 

which allows the groundwater to permeate into the standpipe (RST 2008) (Figure 

3.13).  The water level indicator provided by DGE Slope Indicator was used to 

measure water levels in the standpipes.  The indicator consists of a probe, a cable 

with laser-marked graduations, and a cable reel (DGE Slope Indicator 2004).  The 

operator lowers the probe into the standpipe. When the probe contacts the surface 

of the water, the LED illuminates and the beeper sounds. The operator then reads 

the depth-to-water measurement from graduations on the cable. 
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3.3.3 Displacement Monitoring Instruments 

Surface settlement plates were installed on the ground surface at the toe and mid 

slope of both the stable and unstable sections to monitor the settlement and heave 

of the ground surface.  The surface settlement plates consist of upper and lower 

steel plates connected by a 15cm steel rod (Figure 3.14), and were inserted in a 

hole excavated at the ground surface.  At the shoulder of the road, bearing in mind 

that the road would be subject to re-grading and snow removal, simple 15cm steel 

rebar pins were used to monitor surface settlements and heaves.  The tops of the 

surface settlement plates and rebar pins were used as the survey points for 

topographical surveying using total station instruments. 

 

Deep settlement gauges were installed at the toe and mid slope of both the stable 

and unstable sections to monitor vertical settlements at different depths in the 

foundation soil under the embankment.  The deep settlement gauges consist of a 

15cm auger base attached to a steel rod (Figure 3.15).  These were anchored into 

the boreholes prior to backfilling the hole.  The tops of the metal rods were used as 

survey points. 

 

Slope inclinometers (SI) casings were installed beneath the toes of the embankment 

at both sections to monitor the lateral movements.  Inclinometer casing is a special 

purpose, grooved pipe used in inclinometer installations.  All slope inclinometer 

casings were 70mm in diameter and purchased from DGE Slope Indicator (Figure 
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3.16).  The casings were installed in boreholes drilled through the clay into the 

bedrock.  A traversing Digitilt inclinometer probe manufactured by DGE Slope 

Indicator was the standard device used for surveying SI casings (Figure 3.17).  The 

probe measures local slopes in the SI casing as the embankment and foundation 

soil deform.  These slopes are then integrated over the length of the casing to 

provide estimates of lateral displacements.  The Digitilt inclinometer probe was 

calibrated frequently during the data collection period. 

 

There are installation corrections and error corrections that have to be applied to 

inclinometer readings.  The installation corrections can account for casing 

orientation, casing spiral or changes in the casing height. Figure 3.18 shows the 

measurements of the compass orientation of the SI casings axis and the height of 

the casings installed at PR391.  All inclinometer data have been corrected for 

orientation, with the A+ direction being in the downslope direction of the 

embankment, and thus perpendicular to the centreline of the road.  Corrections to 

the data have been done using DigiPro for Windows (DGE Slope Indicator 2006).  

Error corrections account for bias, or inaccurate readings.  Many errors cannot be 

reliably corrected without comparing a survey with the surveys taken before and 

after the one in question.  If an error is identified in the field, it is usually best to re-do 

the survey.  The SI casings were also susceptible to freezing and ice clogging during 

winter because the water level was too high (almost to the ground level) at PR391 

and was present in the casings.  On a number of occasions during the data 
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collection, ice had to be thawed with the aid of a steamer in order to let the probe 

into the casings. 

 

Vibrating wire (VW) extensometers with a gauge-length of 1.0m were installed 

horizontally at the toe of both test sections at a depth of 0.8m (Figure 3.19).  The 

instruments were intended to monitor lateral deformations at shallow depths and 

hopefully to relate movements at the toe to lateral spreading and longitudinal 

cracking of the road surface.   The VW extensometers used for the study were 

manufactured by RST instruments and consist of a VW displacement sensor 

encased in a sealed body (RST 2008).  The body contains a telescopic PVC pipe 

fitted with two flanges and an inner stainless steel rod.  One end of the rod is 

attached to the flange, while its other end is connected to a displacement sensor 

attached to other flange.  As deformation occurs, the telescopic pipe moves with the 

soil and causes the rod to operate the displacement sensor.  The initial reading of 

the instrument was used as a datum.  Subsequent readings were compared to the 

datum to calculate the horizontal strain.  The RST VW extensometer can function at 

the temperature range between -20°C and 80°C which is well beyond the expected 

temperature range at the depth of 0.8m for this research project.  Unfortunately, the 

extensometer at the stable section failed shortly after installation.  It is believed that 

this may have been caused during recompaction or settling of fill material following 

placement. 
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3.3.4 Data Collection 

Data from the instruments have been collected during just over two years of 

operation.  A Campbell Scientific CR3000 data acquisition (DA) system and two 

AM16/32B channel relay mutiplexers (Figure 3.20) were used to collect data from 

the thermistor strings, VW piezometers and VW extensometers.  The DA was 

custom-programmed by a code prepared by RST Instruments for the instrumentation 

and related calibration factors used in the research study.  The DA was brought to 

the site on a monthly basis at the same time that survey data were collected from 

the surface pins.  At those times, the data from the instruments were collected by the 

DA.  The data were then downloaded manually to a personal computer using 

LoggerNet software provided by Campbell Scientific.  Telephone access was not 

available at reasonable cost at the relatively remote site.  Remote-sensing was not 

therefore possible.  In any case, the surface settlement pins needed to be read using 

on-site topographical surveying. 

 

As mentioned previously, the slope inclinometers were monitored by the SI probe, 

the standpipes were monitored by the water level indicator, and the surface 

settlement plates and deep settlement gauges were monitored by surveying.  

Arrangements were made by Manitoba Infrastructure and Transportation so that all 

instruments were read monthly by the staff of Bindle Engineering staff in Thompson, 

Manitoba.  The data collection by the DA was started just after the installation of 
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instruments in November 2008.  Monitoring of the SI probes, standpipes, and 

surveying were started in June 2009.  Both were terminated in April 2011.   
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Figure 3.1: Location of permafrost in Manitoba and test site (Batenipour et al. 2009) 
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Figure 3.2: PR391 research site ï  road to Thompson 

 

 

Figure 3.3: PR391 research site ï road from Thompson 
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Figure 3.4: 5inches Solid Stem auger on track mounted CME 850 drill rig during 

installation of instruments, October 2008. 

 

Figure 3.5: Location of cross sections at PR391 
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a) 

 

 

b) 

 

Figure 3.6: a) óstable sectionô; b) óunstableô section (Batenipour et al. 2010) 
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Figure 3.7: PR391, August 2008 

 

 

Figure 3.8: Instrumentation layout at PR391 
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a)  

 

b) 

 

Figure 3.9: Instrumentations cross section of PR391 at a) stable; b) unstable section 

(Batenipour et al. 2010) 
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Figure 3.10: Thermistor string 

 

Figure 3.11: Instrument installation into the hole 
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Figure 3.12: Multi-level vibrating wire piezometer 
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Figure 3.13: Casagrande standpipe piezometer 
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Figure 3.14: Surface settlement plate 

 

Figure 3.15: Deep settlement gauge 
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Figure 3.16: Slope inclinometer casings 
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Figure 3.17: Inclinometer probe 
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a) 

 

b) 

 

 

Figure 3.18: a) Compass orientation of SI casings b) height of SI casings (Redrawn 

from unpublished figure by Ken Kalynuk, MIT) 
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Figure 3.19: Vibrating wire extensometer 

 

Figure 3.20: Campbell Scientific CR3000 and multiplexers  
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CHAPTER 4: Laboratory Test Program 

 

In order to understand thoroughly the properties of the foundation soil underneath 

the PR391 embankment, and to investigate the behaviour of the soil at various 

temperatures, a number of different tests were carried out at the geotechnical 

laboratory at the University of Manitoba on soil samples extracted from the PR391 

test site.  Shelby tube samples (71mm diameter) were extracted from the boreholes 

drilled for the installation of slope inclinometers at the toes of both sections.  (The 

holes are called SI1 and SI2 for stable and unstable sections respectively).  For 

classification purposes, index properties of the soil, including the natural gravimetric 

water content, Atterberg limits and hydrometer analysis, were measured.  These 

index properties provide information on the general nature and variability of the 

foundation material beneath the PR391 embankment.  Mechanical properties, 

including the consolidation and shearing properties of the soils, were investigated at 

temperatures of 3°C and 21°C by performing one-dimensional consolidation 

(oedometer) tests and consolidated undrained triaxial tests with pore pressure 

measurement (CIȉ tests).  The purpose of this work was to identify if properties 

measured at the usual temperature in the laboratory (21°C) were different from 

those in the ground at about 3°C. 

 



 

101 

This chapter explains the laboratory testing procedures and analysis of results.  The 

interpretation of the results will be discussed in Chapter 7.  All the laboratory testing 

data, including the related documentations, calculations and spreadsheets, are 

included on the CD attached to this thesis (see Appendix A). 

 

4.1 Natural Water Content, Atterberg Limits and Hydrometer Analysis 

The natural gravimetric water contents and Atterberg limits (plastic and liquid limits) 

were determined for samples from boreholes SI1 and SI2 using the test procedures 

described in (ASTM D2216-10 ) and (ASTM D4318-05 ).  Atterberg limits are 

measured only in clays and silty clays. 

 

Natural gravimetric water content (w) describes the quantity of water contained in a 

soil sample (Budhu 2007).  Technically, it is the ratio of the weight of water to the 

weight of dry soil in the tested specimen.  The plastic limit (wP) is the water content 

where soil transitions between semi-solid and plastic behaviour, and the liquid limit 

(wL) is the water content at which a soil changes from plastic to liquid behaviour.  

Both tests are performed under carefully defined conditions.  The water contents, 

liquid and plastic limits are useful for classifying soils into groupings with widely 

understood, though approximate properties.  Their principal usefulness is in 

establishing the natural variability of soils at a site.  They are not immediately useful 

for design or analysis. 
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The plasticity index (IP) is a measure of the plasticity of a soil.  The plasticity index is 

the range of water contents over which the soil deforms plastically.  

Equation 4.1  PLP ww=I -  

 

Above the liquid limit, the soil has low shear strength and behaves broadly like a 

liquid.  Below the plastic limit, the soil behaves like a stiff, brittle solid.  The plasticity 

index depends on the proportion of clay-size particles in the soil. 

 

Values of natural water contents, Atterberg limits, and plasticity indices measured at 

PR391 are shown in Table 4.1.  Values of measured natural water content and 

Atterberg limits for both the stable and unstable sections are shown in Figure 4.1 

and Figure 4.2, with the current ground surface taken as zero depth.  Test results 

are shown as range bars surrounding water content data points. 

 

For tests on soil samples from the stable section, the maximum and minimum 

measured plasticity indices were 40% and 10% respectively while the maximum and 

minimum plasticity indices for unstable section were 32% and 17%, respectively.  

Note however that the results are systematic, not random, with higher values near 

the surface and lower values at greater depths. 
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The liquidity index (IL) provides a quantitative measure of the current state of a soil 

sample.  It depends on the natural gravimetric water content with respect to the 

Atterberg limits and is defined as shown in Equation 4.2.  It also gives a qualitative 

estimate of undrained shear strength. 

Equation 4.2  
P

P
L

I

ww
=I
-

 

 

The results show the values of liquidity indices increases with depth increases (see 

values of IL of in Table 4.1).  This can also be observed on Figure 4.1 and Figure 4.2 

in which the water contents get closer to the liquid limit (the right side of the 

Atterberg limits bar) with increasing depth.  This represents the soil becoming 

generally softer as depth increases.  Weathering processes such as freezing-

thawing and wetting-drying produce lower water contents at shallow depths, and 

higher shear strengths. 

 

Hydrometer analyses were done for samples from boreholes SI1 and SI2 according 

to (ASTM D422-63 ).  Hydrometer analysis is the process by which fine-grained silts 

and clays, are graded by their particle size distribution.  Table 4.1 shows the 

percentage of silt and clay present in the fine grained portion of the samples.  Figure 

4.1 and Figure 4.2 shows the percentage of clay present ï known as the clay 

fraction ï at the both stable and unstable sections.  The results of the hydrometer 
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analyses show that the clay fraction is lower at greater depths and the ratio of 

clay/silt particles is around 50:50 for depths greater than about 8m at the unstable 

section. 

 

4.2 One-Dimensional Consolidation at Two Different Temperatures 

Samples from boreholes SI1 and SI2 were tested to examine the compression 

behaviour of soil with changes of temperature in one-dimensional consolidation 

using incremental loading.  The tests were performed following (ASTM D2435-96 ) 

and were conducted to determine the compression and re-compression indices, Cc 

and Cr respectively, the secondary compression index CŬe, and the preconsolidation 

pressure ůôzc at two different temperatures.  A total of fourteen ASTM standard 

consolidation tests was carried out at 3°C and 21°C.  For the 3°C tests, the 

oedometer frames were placed in an environmental chamber which could control 

temperatures to within ±1°C. 

  

4.2.1 Oedometer Test Setup and Procedures 

Standard lever-arm consolidation frames (oedometers) with cells fitted with 64mm 

diameter by 19mm high consolidation rings were used for the one-dimensional 

compression tests carried out in this program (Figure 4.3).  The cells include two 

porous stones: a larger stone that is placed beneath the specimen and a smaller 
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stone that is screwed on to the loading cap and placed on top of the specimen.  

Filter paper is placed between the porous stones and the specimen to ensure that 

no soil particles infiltrate the stones.  The cell is mounted to the apparatus on the 

fixed machine plate.  The cross beam can then be lowered, bringing the load 

assembly into contact with the seating of the cell loading cap.  As the beam hanger 

is loaded, it applies vertical force to the load assembly and the cell loading cap 

which in turn applies pressure to the sample.  The dial gauge (or Linear Variable 

Differential Transducer, LVDT) moves as the load assembly lowers or rises.  The 

gauge can be adjusted to any height along the top of the bar immediately above the 

centre of the loading plate.  Rotations on the gauge are used to measure the 

height/consolidation of the specimen.  The loading beam was adjusted as necessary 

during the test so that it remained horizontal. 

 

To inhibit swelling and reduce consequent destructuring, the first increment of 

applied pressure on specimens was set at 13kPa.  Loads on the specimens were 

increased using a load increment ratio of about 1 (that is, approximately doubling the 

applied load with each increment).  Each of the early loads was applied for 24 hours.  

Following loading to the maximum applied stress (about 700kPa), the specimens 

were unloaded in stages and then reloaded again to the maximum applied stress 

(about 1400kPa).  This final vertical stress was then maintained for five to seven 

days in order to measure the secondary compression behaviour of the clay.  
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4.2.2 Oedometer Test Results 

When a soil is loaded one-dimensionally under a constant normal total stress, its 

compression has two components.  One, primary consolidation, is associated with 

the hydrodynamic expulsion of water, increasing effective stress, and consequent 

reorganization of the soil structure.  Two, the clay continues to settle even after 

excess pore water pressures have dissipated and effective stresses are constant.  

This section discusses the primary and secondary compression behaviour of the soil 

samples from PR391 and the effect of temperature changes on them. 

 

The values of void ratio (e) were measured for each loading and unloading 

increment of the tests as (Budhu 2007): 

Equation 4.3  
d

dws

ɟ

ɟ.ɟG
e

-
=  

 

where Gs is the specific gravity of the soil (assumed to be 2.70), rw is the density of 

water (1.0 Mg/m3 used in these calculations), and rd is the dry density (mass of dry 

soil divided by the volume) for each increment.  The height of the specimen after 24 

hours was used to calculate the volume of the specimen for each loading and 

unloading increment.   

 

Primary consolidation is the change in volume of soil caused by the expulsion of 

water from the voids and transfer of loading from initial excess pore water pressures 
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to the soil particles.  The primary consolidation stage is characterized by the 

compression index Cc (in the normally consolidated range).  The Cc is the average 

slope of loading curves in plots of void ratio (e) versus log applied normal stress (ůôz) 

and can be obtained as (Budhu 2007):   

Equation 4.4  
)ů/ůlog(

ȹe

)ů/ůlog(

e-e
=C

z1z2z1z2

21
c

¡¡
=

¡¡
 

 

Values of the unloading/reloading index (or recompression index) (Cr) were 

calculated.  The Cr is the average slope of unloading/reloading curves in plots of 

void ratio (e) versus log normal stress (ůôz).  Preconsolidation pressures (ůôzc) were 

also evaluated using the Casagrande procedure (Budhu 2007).  The ůôzc is the 

maximum vertical overburden stress that a particular soil specimen has sustained in 

the past.  Figure 4.4 shows an example of a plot of void ratio (e) versus log normal 

stress (ůôz) and calculations of Cc, Cr and ůôzc.  Table 4.2 includes the summary of all 

the results, and the proportional change for each measured parameter at two 

temperatures of 3°C and 21°C, based on the following equation: 

Equation 4.5  () 100
C21 at value

C3 at value-C21 at value
=% ȹv alue ³

¯

¯¯
 

     

The preconsolidation pressures were not well-defined in any of the tested samples 

(see Figure 4.4 as an example), despite initially loading the specimens to 13kPa to 

inhibit swelling.  This is to some extent due to disturbance of the tube samples, 
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which were 71mm diameter, but may also be a result of the original locations of the 

samples beneath the embankment which has been subjected to a wide range of 

stress and weathering conditions.  The measured preconsolidation pressures were 

unlikely to have been caused by previous higher loading from proglacial Lake 

Agassiz.  They are more likely to have been caused by weathering processes such 

as freezing-thawing or drying-wetting which also cause destructuring of the original 

clay fabric.  Reduced weathering with depth explains the decrease in the apparent 

preconsolidation pressures at lower elevations in both the stable and unstable 

sections as shown in Figure 4.1 and Figure 4.2 respectively.  The results also 

showed that values of preconsolidation pressure decrease with increasing 

temperature.  This observation is consistent with the results reported by researchers 

in the literature review presented in Chapter 2.   

 

Figure 4.5 shows plots of void ratio versus log normal effective stress for the tests 

carried out at 21°C at both stable and unstable sections.  As the figure shows, the 

slope of the normal consolidation curve becomes less steep with increasing depth at 

both sections (that is, lower Cc at greater depths, see Table 4.2).  This illustrates that 

soil specimens are less compressible at deeper locations.  This correlates with the 

lower plasticity indices and lower clay fractions at depth (Figure 4.1 and Figure 4.2).  

Comparison of Figure 4.5a and b also shows that the normal consolidation curves 

for specimens from the unstable section have a slightly steeper slope than the 

curves for the stable section (higher Cc values for the unstable section).  The 
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specimens from the unstable section are more compressible than the specimens 

from the stable section.  This could be as a result of a weaker soil structure in the 

unstable section. 

 

Figure 4.6 and Figure 4.7 compare plots of void ratio versus log normal stress and 

Table 4.2 includes the values of Cc and Cr for specimens from the stable section and 

unstable section at different temperatures.  The results show that tests from the 

stable section and unstable section generally have a similar slope on the loading 

path (value of Cc) and unload/reload path (value of Cr) at both temperatures (3°C 

and 21°C).  The only exceptions are for specimens from greater depths at the 

unstable section.  The similarity of the values of Cc and Cr shows that the change of 

temperature in these tests does not have a significant effect on the values of 

compression index and unload/reload index.  The deeper locations beneath the 

unstable section show larger differences.  Comparison of Figure 4.6 and Figure 4.7 

also shows that the range of the void ratios in the tests is much higher in the 

unstable section than the stable section, probably as a result of the higher liquidity 

indices. 

 

Secondary compression (creep) is the change in volume of soil associated with 

viscoplastic reorganization of diffuse double layers (DDLs) around clay particles 

(Kelln et al. 2008).  Secondary compression is usually characterized by the index 

CŬe, defined as the slope of the curve obtained by plotting void ratio (e) versus log 
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time in the normally consolidated range of loading (Yin et al. 2002, Budhu 2007, 

Kelln et al. 2008): 

Equation 4.6  12
1212

21
Ŭe tt;

)/tlog(t

ȹe

)/tlog(t

e-e
=C >=  

 

In order to measure the secondary compression behaviour of the soil from the 

PR391 embankment, the maximum applied vertical stress (about 1400kPa) was 

maintained for five to seven days.  (This loading is well above the in-situ 

preconsolidation pressures shown in Table 4.2).  Figure 4.8 shows an example of a 

plot of void ratio (e) versus log time and the fitted line used to calculate CŬe.  Table 

4.2 includes values of CŬe calculated from the test results on the oedometer 

specimens. 

 

Figure 4.9 shows plots of void ratio versus log time for the tests carried out at 21°C 

for specimens from both the stable and unstable sections, under an applied vertical 

stress of 1400kPa.  The figure shows that viscous compression in the unstable 

section tests was larger than corresponding values in the stable section tests (that 

is, values of CŬe were higher at the unstable section, see Table 4.2).  Once again, 

this reflects the higher plasticity of the clay at the unstable section. 

 

Figure 4.10 and Figure 4.11 show plots of void ratio versus log time for specimens 

from the stable and unstable sections respectively that were tested at 21°C and 3°C.  
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Measured values of CŬe are included in Table 4.2 for specimens from the two 

sections.  The secondary compression values from the tests at 21°C and 3°C 

illustrate that except for the specimens at greater depths in the unstable section, 

changes in temperature do not seem to greatly affect the creep behaviour of the 

specimens in the PR391 embankment.   

 

It is noticeable, however, that all of the specimens, including those with low plasticity 

index, exhibit secondary compression.  Primary and secondary compression indices 

of clays depend on the mineralogy of the clay particles and the chemistry of the pore 

fluid (Mitchell & Soga 2005).  They have been related empirically through the ratio 

CŬe/Cc, which can frequently be considered constant in the normally consolidated 

range for a given soil (Mesri & Godlewski 1997).  Table 4.2 shows values of CŬe/Cc 

obtained from the present series of tests. The values are in the range of 0.016 to 

0.056.  The lower measured values are below the range of CŬe/Cc values reported by 

(Mesri, Feng & Shahien 1995) for the compression behaviour of clays.  Their values 

generally remain within a narrow range of 0.04 to 0.08. 

 

Comparing the values of CŬe/Cc for both the stable and unstable sections shows that 

the ratio of CŬe/Cc does not change with temperature at shallow depths.  The values 

of CŬe/Cc increase slightly with increases of temperature at greater depths at the 

unstable section. 

 



 

112 

4.3 Triaxial Test Results at Two Different Temperatures 

Triaxial testing was done on soil specimens from boreholes SI1 and SI2 using the 

consolidated undrained compression test method (CIȉ) for examining the shearing 

properties of soil with changes of temperature.  A total of nine ASTM standard CIȉ 

tests were carried out at 3°C and 21°C.  The tests followed (ASTM D4767 ).  For the 

3°C tests, the triaxial apparatuses were placed in the environmental chamber that 

could control temperatures to within ±1°C.   

 

4.3.1 Triaxial Test Setup and Procedures 

The triaxial apparatus shown in Figure 4.12 was used for determining the shearing 

properties of the clay at PR391 under different stress conditions and at two 

temperatures of 3°C and 21°C.  Isotropically consolidated undrained tests with pore 

water pressure measurement (CIȉ tests) provide effective stress strength 

parameters.  This type of test is currently considered to be the most useful testing 

procedure for many geotechnical projects.   

 

Cylindrical specimens were trimmed to a nominal diameter of about 50mm and a 

nominal length of about 100mm (aspect ratio of 2.0) from Shelby tube samples taken 

from the SI1 and SI2 boreholes.  In the test cell, the specimens were surrounded by 

an impermeable rubber membrane attached to the cell pedestal and to the top 

loading cap.  A porous stone and a filter paper were placed at the top and bottom of 
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the specimens to permit drainage of pore water from the specimen and regulation of 

the pore water pressure.  Strips of filter paper were also placed round the specimen 

inside the rubber membrane to facilitate drainage.  Water pressure inside the cell 

provides the horizontal principal total stresses.  The vertical pressure at the top cap 

is produced by a combination of the cell fluid pressure and the applied force from the 

ram during application of axial deformations.  Tests are run under controlled axial 

strain. 

 

As is normal, the tests were done in two phases, the consolidation phase and the 

shearing phase.  During the consolidation phase, the specimens were consolidated 

using an all-round pressure (ócell pressureô or óconfining pressureô, ů3), a vertical 

pressure (ů1 = ů3), and a back pressure (ub).  A ub of 200kPa was applied to keep 

the specimen and the drainage channels free of gas.  Drainage was kept open 

during the consolidation phase of adding the confining pressure and the resulting 

changes of volume were monitored.  The effective consolidation pressure (ůô3 = ů3 - 

ub) was applied until no additional volume changes were observed (Figure 4.13).  

This normally took about 48 hours. 

 

Skemptonôs pore pressure parameter, B is a measure of the saturation of the soil, 

following the equation below (Skempton 1954): 

Equation 4.7  
3ȹů

ȹu
=B  
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where ȹu is the change in pore water pressure as a result of change in the cell 

pressure (ȹů3), while drainage is closed.  To ensure fully saturated/consolidated 

conditions, the drainage lead was shut off and the confining total pressure raised by 

an amount ȹů3 (usually about 50kPa), the resulting change in pore water pressure 

ȹu was measured.  Before the second phase of shearing the specimens, a B-value 

of 98 percent or higher had to be obtained. 

 

After completing the consolidation phase, specimens were sheared by increasing 

the vertical pressure (ů1 > ů3) by compressing the specimen at constant rate of axial 

deformation (Ů1).  During this second shearing phase, the cell pressure (ů3) was kept 

constant while the loading ram was driven down at the axial strain rate of 5.2e-03 

%/min in 100mm long specimens.  This axial strain rate is slow enough to ensure 

that shear-generated pore water pressures are transferred properly to a pore water 

pressure transducer at the base of the cell.  Drainage was kept closed during the 

shearing phase.  Readings were taken of the confining pressure (ů3), the pore water 

pressure (u), the axial load, and the axial deformations.  Shearing was typically 

stopped at between 15 and 20 percent axial strain. 

 

4.3.2 Results from Triaxial Tests 

Results from the triaxial tests were plotted as graphs of deviator stress (q) vs mean 

principal effective stress (pô) and q vs Ů1, where: 
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Equation 4.8  31 ůů=q -  

 and 

Equation 4.9  
3

ů'ů'
=p' 31 2+

 

where ůô1 =  ů1 - u and ůô3 = ů3 - u. 

 

Figure 4.14 and Figure 4.15 show representative results of the shearing phase 

plotted as q vs pô and q vs Ů1 for nine specimens at two temperatures of 21°C and 

3°C.  The figures show that all the specimens are expansive (dilative) and ductile, 

that is strain hardening.  This is usually the case when the soil is silty and initially 

dense or moderately dense.  (The results of hydrometer tests confirmed the 

presence of around 50% silt in the specimens, see Table 4.1).  During the shearing 

phase, specimens first tend to compress elastically, that is, they produce increasing 

pore water pressures.  During this part of the test, the plot of q vs pô rises vertically 

and then bends slightly to the left.  When the silt particles begin to interact, the 

specimen has to expand.  This produces decreasing pore water pressures and the 

plot bends to the right.  In Figure 4.15, deviator stresses continue to increase until 

shearing is terminated at between 15 and 20 percent axial strain.  In cases like this, 

failure cannot be defined by a maximum deviator stress criterion. 

 

Limited numbers of specimens were available at any given depth and it was not 

possible to develop failure envelopes from multiple specimens.  Because the 
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specimens were strain-hardening, it was possible to identify failure from straight-line 

sections of q vs pô plots for single specimens.  The straight lines were chosen to go 

through the origin in these q vs pô plots.  The Mohr-Coulomb criterion was used 

instead to indicate failure.  According to this theory, failure takes place at (ůô1/ůô3)max 

which in plots of q vs. p', is equivalent to (Budhu 2007): 

Equation 4.10  
ø

ø

p'

q
=M

¡-

¡
=öö

÷

õ
ææ
ç

å

sin3

sin6

max

 

 
where øô is the effective stress friction angle and cô = 0. 

 

Table 4.3 summarizes the results of the triaxial testing.  As the table shows, the 

values of friction angle (øô) for both stable and unstable sections are in the range of 

32° to 42°.  The relationship between øô and plasticity indices is not strong as might 

be expected.  As can be expected from references such as (Campanella & Mitchell 

1968), and (Graham et al. 2001) (see literature review in Chapter 2), the results also 

show only small effects of temperature on the friction angle of these specimens.    
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Test Section 
Depth 

(m) 
wP 

(%) 
w 

(%) 
wL 

(%) 
Ip 

(%) 
IL 

Clay 

(%) 
Silt 
(%) 

HBO12 

Stable 
Toe 

1.5 23 40 63 40 0.4 88 12 

HBO11 1.6 23 38 63 40 0.4 87 13 

HBO09 1.7 24 36 62 37 0.3 83 17 

HBO10 1.8 25 37 60 35 0.3 86 14 

HBT03 3.0 16 36 31 14 1.4 38 62 

HBO18 3.4 17 25 27 10 0.7 34 66 

HBO17 3.5 15 25 31 16 0.6 42 58 

HBT02 

Unstable 
Toe 

3.0 16 26 33 17 0.6 51 49 

HBO16 3.4 26 33 58 32 0.2 65 35 

HBO15 3.5 27 36 57 31 0.3 69 31 

HBT07 4.5 23 38 46 23 0.7 54 46 

HBT06 4.8 32 40 54 22 0.4 59 41 

HBO13 6.4 20 36 52 32 0.5 82 18 

HBO14 6.6 19 32 49 30 0.4 80 20 

HBO19 7.7 20 42 40 20 1.1 59 41 

HBT08 7.8 19 39 39 21 1.0 63 37 

HBO20 8.1 19 33 39 21 0.7 63 37 

HBT09 8.2 18 36 42 23 0.8 57 43 

HBT10 9.4 18 43 39 21 1.2 56 44 

HBT12 10.5 20 40 40 20 1.0 57 43 

HBO21 10.8 18 38 37 19 1.0 55 45 

HBT11 10.9 17 39 36 18 1.2 43 57 

HBO22 11.2 17 39 37 20 1.1 52 48 
 

- wP = plastic limit, w = gravimetric water content, wL = liquid limit, IP = plasticity 

index, IL = liquidity index 

 

Table 4.1: Properties of the soil of both sections at PR391 
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Test Section 
Depth 

(m) 
T 

(°C) 
ů'zc 

(kPa) 
ɲů'zc 

(%) 
Cc 

ȹCc 

(%) 
Cr 

ȹCr 

(%) 
CŬe 

ȹCŬe 

(%) 
CŬe/Cc 

ȹ(CŬe/Cc) 

(%) 

HBO12 

Stable 
Toe 

1.5 3 111 
-52 

0.255 
-4 

0.069 
-10 

0.005 
0 

0.020 
4 

HBO11 1.6 21 73 0.246 0.063 0.005 0.020 

HBO09 1.7 21 108 
-4 

0.229 
-6 

0.065 
-15 

0.004 
3 

0.017 
8 

HBO10 1.8 3 112 0.242 0.075 0.004 0.016 

HBO18 3.4 3 80 
-8 

0.079 
11 

0.020 
-11 

0.003 
28 

0.037 
18 

HBO17 3.5 21 74 0.089 0.018 0.004 0.045 

HBO16 

Unstable 
Toe 

3.4 3 109 
-49 

0.354 
-5 

0.062 
9 

0.012 
24 

0.035 
28 

HBO15 3.5 21 73 0.336 0.068 0.016 0.048 

HBO13 6.4 21 50 
-80 

0.261 
12 

0.057 
14 

0.007 
11 

0.025 
-2 

HBO14 6.6 3 90 0.229 0.049 0.006 0.026 

HBO19 7.7 21 62 
-21 

0.234 
9 

0.039 
-36 

0.013 
59 

0.056 
55 

HBO20 8.1 3 75 0.213 0.053 0.005 0.025 

HBO21 10.8 21 65 
23 

0.135 
-74 

0.021 
-90 

0.009 
28 

0.067 
59 

HBO22 11.2 3 50 0.235 0.040 0.007 0.028 

 

- ůôzc = preconsolidation pressure, Cc = compression index, Cr = re-compression index, CŬe = secondary 

compression index 

 

Table 4.2: Results of one dimensional consolidation testing 
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Test Section Depth (m) T (°C) 
M 

(q/p')max 
øô (°) 

HBT03 
Stable 

Toe 
3.0 21 1.54 38 

HBT02 

Unstable 
Toe 

3.0 21 1.38 34 

HBT07 4.5 3 1.40 35 

HBT06 4.8 21 1.73 42 

HBT08 7.8 21 1.32 33 

HBT09 8.2 3 1.10 28 

HBT10 9.4 21 1.29 32 

HBT12 10.5 21 1.27 32 

HBT11 10.9 3 1.52 37 

 

- øô = effective stress friction angle 

 

Table 4.3: Results of triaxial testing 
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- The original ground level is at depth ó0ô 

 

Figure 4.1: Natural gravimetric water contents, Atterberg limits, Clay fractions, and 

preconsolidation pressures of the specimens from the stable section 
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- The original ground level is at depth ó0ô 

 

Figure 4.2: Natural gravimetric water contents, Atterberg limits, Clay fractions, and 

preconsolidation pressures of the specimens from the unstable section 
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Figure 4.3: One dimensional consolidation machines  

 

Figure 4.4: Example plot of void ratio (e) versus log normal stress (ůôz) and 

calculations of Cc, Cr and ůôzc for HBO16 
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a) stable section 

 

b) unstable section 

 

Figure 4.5: Void ratio versus log normal stress for the tests carried out at 21°C on 
specimens from the stable and unstable sections 
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Figure 4.6: Void ratio versus log normal stress for the tests carried out at 21°C and 

3°C on specimens from the stable section 
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Figure 4.7: Void ratio versus log normal stress for the tests carried out at 21°C and 3°C on specimens from the unstable 

section 
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Figure 4.8: Example plot of void ratio (e) versus log normal stress (ůôz) and 

calculation of CŬe for HBO16, under the vertical applied stress of 1400kPa 
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a) stable section 

 

b) unstable section 

 

Figure 4.9: Void ratio versus log time for the tests carried out at 21°C on specimens 
from the stable and unstable sections, under a vertical applied stress of 1400kPa 
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Figure 4.10: Void ratio versus log time for the tests carried out at 21°C and 3°C on 

specimens from the stable section, under a vertical applied stress of 1400kPa 
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Figure 4.11: Void ratio versus log time for the tests carried out at 21°C and 3°C on specimens from the stable and 

unstable sections, under a vertical applied stress of 1400kPa 
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Figure 4.12: Triaxial CIȉ apparatus  

 

Figure 4.13: Example plot of total volume of water change versus time during 

consolidation phase for HBT09  
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Figure 4.14: Plots of q vs p' for triaxial tests  

 

Figure 4.15: Plots of q vs Ů1 for triaxial tests  
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