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ABSTRACT

Glass fibre-reinforced polymer (GFRP) reinforcement is used in reinforced concrete (RC)
infrastructure such as parking garages and bridges to avoid steel corrosion problems. The
behaviour of GFRP reinforcement under seismic loading in RC frame structures has not
been widely investigated. Moment resistant frames alone or combined with shear walls
are commonly used as Seismic Force Resisting Systems (SFRS). The seismic behaviour
of beam-column joints significantly influences the response of the SFRS. Therefore, both
the design and detailing of the beam-column joints are critical to secure a satisfactory
seismic performance of these structures. However, the current Canadian FRP design
codes (CSA 2012, CSA 2006) have no considerable seismic provisions, if any, due to lack
of data and research in this area. Such lack of information does not allow for adequate
designs and subsequently limits the implementation of FRP reinforcement as a non-
corrodible and sustainable reinforcement in new construction. Therefore, it deemed
necessary to track areas of ambiguity and lack of knowledge to provide design provisions

and detailing guidelines.

This study investigated the seismic behaviour of the GFRP-RC exterior beam-column
joints. The study consisted of an experimental phase, in which ten full-scale T-shaped
GFRP-RC specimens were constructed and tested to failure, and an analytical phase
using finite element modelling (FEM). Specimens in the experimental phase were divided
into two series of specimens, (I) and (1I). Series (1) had four specimens designed to
investigate the anchorage detailing of beam longitudinal reinforcement inside the joint.

The main variables in Series (I) specimens were the anchorage type (using either bent



bars or headed bars) and the reinforcement surface condition (using either
deformed/ribbed bars or sand-coated bars). Series (I1) had six specimens reinforced with
GFRP bars and stirrups. The main objective of Series (Il) was to evaluate the shear

capacity of the joint. The main variables were the shear stress level in the joint

(0.70/f'.,0.85./f'.,and 1.0 {/f’, ) and the concrete strength (30 MPa and 60 MPa).

In the analytical phase, a commercial FEM software (ATENA-3D) was used to run a
parametric study that investigated the influence of the presence of lateral beams, axial
load on the column, applied shear stresses in the joint, and the concrete strength. The
efficiency and accuracy of the FEM was verified against the experimental results

obtained from the experimental phase before conducting the parametric study.

Test results showed that the performance of the specimens reinforced with GFRP headed
bars was comparable to their counterparts reinforced with bent bars up to 4.0% drift ratio.
The difference in the reinforcement surface conditions had insignificant influence on the

overall behaviour. Moreover, it was concluded that the shear capacity of GFRP-RC
beam-column joints is 0.85./f'. . Furthermore, an evaluation of the relevant seismic

provisions in the CSA/S806-12 (CSA 2012) was carried out and some recommendations

were proposed for consideration in the future updates of the CSA/S806-12.
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Chapter 1 — Introduction

CHAPTER 1

INTRODUCTION

1.1 BACKGROUND

Concrete structures are normally reinforced with pre-stressed and non-pre-stressed steel.
The steel reinforcement is initially protected against corrosion by the alkalinity of the
concrete which usually results in durable and serviceable construction. Reinforced
concrete (RC) structures subjected to aggressive environments such as marine structures,
bridges, overpasses, and parking garages represent a considerable percentage of the
infrastructures located in North America; especially in Canada. Under these aggressive
conditions, cracking and reduction of concrete alkalinity result in corrosion of reinforcing
steel. The Corrosion of steel reinforcement ultimately causes concrete deterioration and
loss of capacity, serviceability and structural integrity. Many alternatives are used to
overcome the steel corrosion problem such as increasing concrete cover, improving the
impermeability of concrete, epoxy coating protection of reinforcement, and steel
galvanization. However, none of these procedures has proven to be an effective or
economical long-term solution for the steel corrosion. The phenomenally high cost
associated with the repair and restoration of deteriorated structures has attracted the
attention towards an effective solution that has come recently into the spotlight, which is
the use of the non-corrodible fibre reinforced polymers (FRPs) as reinforcement for

concrete structures.
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The FRP materials offer more advantages than conventional black steel reinforcement.
The non-corrodible nature even in harsh chemical environments, electrical and magnetic
non-conductivity, and higher tensile strength are prime examples for the many
advantages the FRP reinforcement introduces to the construction industry. However,
FRPs have perfect linear-elastic behaviour until failure with relatively low modulus of
elasticity (50 - 65 GPa for glass FRP “GFRP” and 110 - 140 MPa for carbon FRP
“CFRP”) compared to steel (200 GPa), which exhibits yielding plateau. Moreover, they
have different bond-to-concrete behaviour and low strength under compressive stresses.
Accordingly, experimental investigations have been running to verify the behaviour of
different concrete elements reinforced with FRPs. Research studies in the past two
decades were involved in studying the behaviour of individual FRP-reinforced concrete
elements such as simply-supported beams and slabs, and recently continuous beams and
columns. However, very few researches have been conducting the integral performance

of FRP-reinforced concrete frames especially those subjected to seismic forces.

The successful performance of any RC structure is influenced by the proper design of its
structural elements under different combinations of loading including dead loads, live
loads, wind loads, seismic loads, etc. Design of structures under seismic forces is
adequately covered for concrete structures reinforced with steel; however, it is still under
investigation for concrete structures reinforced with FRP materials. The CSA/A23.3-04
(CSA 2004) concept: “All the structural elements in a seismic force resisting frame
should have a sufficient reserve capacity to ensure that the chosen-energy dissipating

mechanisms are maintained in the selected locations without the formation of any
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additional mechanisms through the deformations that can occur” may be also applied to

the FRP-reinforced concrete structures.

1.2 PROBLEM DEFINITION

Shear walls and moment resisting frames are commonly used to resist seismic loads.
Moment resisting frames can resist seismic loads applied on moderate and low rise
buildings which include bridges, overpasses, and parking garages in low-to-moderate
seismic zones. The demand for shear walls increases in high-rise buildings especially
those in high-seismic zones. However, the presence of shear walls does not completely
eliminate that portion of the seismic loads which is carried by the adjoining frame
members through their seismically induced deformations. The seismic behaviour of
beam-column connections (joints) significantly influences the earthquake response of
moment-resisting frame structures. For example, the CSA/A23.3-04 (Clause 21.12)
requires a minimum level of ductility and strength for all structural members subjected to
seismic deformations even if they are not considered part of the seismic force resisting
system. The integrity of the whole frame is undermined if the “joints”, where its members
are connected, fail. Therefore, both the design and detailing of the beam-column joints

are critical to secure a satisfactory seismic performance of these structures.

Contrary to steel reinforcement, the GFRP reinforcement has no yielding plateau and
behaves in an elastic manner up to failure (Fig. 1.1). Therefore, the concrete structures
internally reinforced with FRP bars are not as ductile as their counterparts reinforced with

steel.
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Despite the fact that FRP does not yield, FRP-RC elements show substantial deflection
prior to failure. This explains the concept of deformability adopted by Jaeger et al.
(1997) which is the corresponding term to ductility in steel-reinforced concrete structures.
This deformability controls the energy dissipation of seismic force. The amount of
dissipated energy is represented by the area under the moment-curvature relationship for
the structural elements. As far as the deformability increased, more seismic energy is

dissipated by the structure.
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Figure 1.1: Stress-strain relationship for GFRP and steel reinforcement

It is well established that the flexural behaviour of an RC section is influenced by the
tensile behaviour of the reinforcement. Experimental studies (Ehsani and Wight 1985,
Abdel-Fattah and Wight 1987, Abrams 1987, Nehdi et al. 2010) on steel-RC sections

subjected to flexure under simulated seismic loading showed that the failure of section is
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eventually approached at higher drift ratios due to gradual crushing of concrete in the
compression zone associated with high tensile strains in the steel reinforcement with
strain values between 1% and 2% as shown in Figure 1.1. Regarding the GFRP
reinforcement, it has a lower modulus of elasticity when compared to steel; however,
with a higher strength in the range of twice to triple the yielding stress of steel (i.e. large
strain value until failure) as shown in Figure 1.1. Therefore, it is thought that this
combination of high strength and large strains till failure allows the GFRP reinforced
concrete frames to dissipate a reasonable level of seismic force while behaving elastically
up to failure. In addition, the elastic behaviour of the GFRP reinforced elements reduces

the permanent concrete damage (deformation) of the structure following a seismic event.
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Figure 1.2: Geometry-based classification of beam-column joints
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Moment-resistant RC frames are constructed from beams and columns monolithically
connected through what so called the “beam-column connection” or simply the “joint”.
As per the ACI 352R-02 report (ACI-ASCE 2002), beam-column joints are classified

based on the geometry into interior, exterior, and corner as shown in Figure 1.2.

One of the most critical zones in moment-resistant frames is the exterior joint due to the
unsymmetrical loading and boundary conditions as well as the restraints associated with
providing limited anchorage length to the beam longitudinal reinforcement in the joint.
As a common practice in case of exterior beam-column joints reinforced with
conventional steel, top and bottom beam longitudinal reinforcement are usually bent
inside the joint to enhance their anchorage and prevent slippage. Moreover, using headed
bars is also a viable alternative of 90-degree hooked bars in joints. In case of GFRP
reinforcement, some restrictions still apply when using bent bars. The current
manufacturing process of GFRP bent bars limits the size and length of a bent bar as well
as the tensile strength, which is reduced by up to 50% at the bend location (ACI 2006)
compared to the pultruded straight bars. On the other hand, the performance of GFRP
headed-bars in beam-column joints has not been investigated yet. Therefore, the influence
of the beam reinforcement detailing within the joint on the ultimate capacity and
performance of the beam-column joints needs to be investigated in RC frames subjected

to seismic loading.

Moreover, the current FRP design codes and guidelines (CSA 2012; ACI 2006; ISIS

Canada 2007; CSA 2006) have no considerable seismic provisions, if any, due to lack of
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data and research in this area. The research studies (Ehsani and Whght 1985, Ehsani and
Alameddine 1991) in steel-RC frames resisting seismic loading had reported that when
flexural strength ratio is maintained at a minimum value of 1.4, the joint shear stress and
the confinement level of the joint are both shown to be key factors in achieving adequate
strength and ductility of the joint. Yet, the current Canadian code CSA/S806-12 (CSA
2012) provides no limitation regarding the shear stress applied to the joint where high
shear stress leads to failure of the joint and jeopardizes the integrity and stability of the
whole structure. Clause 12.7 in the CSA/S806-12 allows using FRP stirrups for confining
concrete columns in seismic regions and calculates the required reinforcement amount in
Equation 12-4. However, it neither explicitly details this reinforcement amount to be
provided in the joint nor specifies the shear capacity of the joint when the calculated
amount is provided. The lack of such information not only limits implementing the FRP
reinforcement in new constructions but also jeopardizes the safety of the structure.
Therefore, it is deemed necessary to investigate the use of GFRP reinforcement in RC

frames resisting earthquake loading.

1.3 SCOPE OF WORK

The seismic behaviour of RC frames can be investigated through testing both
exterior/corner and interior beam-column joints. In exterior beam-column joints, the
behaviour is deemed to be critical to the reinforcement detailing. Also, the classified
large-strain-until-failure characteristic of GFRP bars is thought to be effective in moment
resisting frames. In addition, due to the lower cost of GFRP bars compared to other FRP

types (carbon and aramid); they are more attractive to the construction industry.
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Moreover, GFRP-RC elements have different bond and stress-strain behaviour when
compared to those reinforced with steel. Considering all the aforementioned factors; this
study is scoped to investigate the seismic behaviour of GFRP-RC beam-column joints.
Test prototypes represent beam-column connections isolated from an end bay between
the assumed points of contra-flexure located at the mid-height and mid-span of the
column and the beam, respectively. Test prototypes will be tested under reversed cycles

of lateral loading to simulate seismic events.

14 RESEARCH OBJECTIVES
To obtain better understanding of the behaviour of FRP-reinforced concrete frames
subjected to earthquake loading, this research focuses on studying seismic behaviour of
beam-column joints totally reinforced with GFRP bars and stirrups for flexure as well as
for shear resistance. Therefore, the objectives of this research are:
e Investigate the influence of anchorage type of beam longitudinal reinforcement
using either bent bars or headed bars.
e Assess the effect of transverse reinforcement material using either steel or GFRP
stirrups.
e Study the influence of different concrete strength using high and normal strength
concrete.
e Evaluate the shear capacity of GFRP-RC beam-column joints under seismic loads.
e Provide design recommendations to predict the capacity and the structural
performance of concrete beam-column connections totally reinforced with GFRP

bars and stirrups.
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1.5 WORK METHODOLOGY

This research consists of two phases; experimental phase and analytical phase. The
research starts first with the experimental phase which includes construction and testing
of ten full-size beam-column joint prototypes. Each prototype represents an exterior joint
isolated from an end bay of a multi-storey structure between the assumed points of contra
flexure located at the mid-height and mid-span of the column and the beam, respectively.
Reversed lateral quasi-static cyclic loads are applied directly at the beam tip simulating

seismic loading.

The analytical phase has two stages. The first stage consists of building a finite element
model (FEM) to analyze and predict the behaviour of the GFRP reinforced beam-column
joints using a commercial software package, ATENA-3D (Cervenka and Niewald 2005,
Cervenka et al. 2012). The efficiency and accuracy of the FEM in this stage is verified
against the experimental results obtained from the experimental phase. In the second
stage of the analytical phase, the verified FEM is used to conduct a parametric study on
four key parameters that are known to affect the behaviour of the beam-column joints;
namely, the geometry of the joint (presence of lateral beams), axial load on the column,

applied shear stresses in the joint, and the concrete strength.
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CHAPTER 2

LITERATURE REVIEW

2.1 BACKGROUND

Investigating the behaviour of steel RC beam-column joints has attracted many
researchers in the past four decades due to its critical influence on the overall behaviour
of RC moment-resisting frames subjected to lateral forces. However, no to very limited
research exists on such connections when they are totally reinforced with FRP
reinforcement. Early studies by Hanson and Connor (1967) on steel-RC beam-column
joints indicated that large inelastic deformation limits of individual members allow the
entire structure to endure severe ground motion while dissipating significant levels of
seismic energy. Beam-column connections had been investigated by other researchers
mainly in the United States, Canada, Japan and New Zealand. The results of these studies
were used by the ACI-ASCE Committee 352, Joints and Connections in Monolithic
Concrete Structures, to develop its first design guidelines in 1976 (ACI-ASCE Committee

352, 1976).

These guidelines were based on the assumption that the concrete and transverse
reinforcement in the joint act collectively to resist the shear forces in the joint. However,
these guidelines, in many cases, lead the connections to be congested and difficult to
construct. After releasing the first report by ACI-ASCE Committee 352 (1976), more

researchers had been involved in studying the behaviour of the beam-column connections
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under cyclic loading taking into consideration all possible parameters that can affect their

behaviour.

The following sections present a summary of the main concepts and behaviour of steel
reinforced beam-column joints along with a literature review, and then followed by a
brief overview of FRP materials and their important properties and characteristics related

to their usage as reinforcement in various concrete elements.

2.2 RESEARCH ON STEEL REINFORCED BEAM-COLUMN JOINTS
This section presents a summary of some main parameters that affect the behaviour of

exterior beam-column joints subjected to earthquake loading.

2.2.1 Influence of Joint Shear Stress and Flexural Strength Ratio

Ehsani and Wight, (1985-a) displayed the experimental results of six exterior reinforced
concrete beam-column joints subjected to reversed-cyclic loading. The studied
parameters in this research were the flexural strength ratio, the percentage of transverse
reinforcement used within the joint and the shear stress in the joint as a function of \/Z
where f, is strength of concrete inside the joint. Test results were compared with the
recommendations of the ASCE-ACI committee 352 available at that time (ACI-ASCE-352
1985). The dimensions of the beams were in the range of 1060 to 1525 mm long, 260 or
300 mm wide and 480 mm deep, while the column measured 2210 mm long with a 300

or 340 mm square section. Reversed lateral quasi-static cyclic loads were applied directly

11
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at the beam tip simulating seismic loading. The specimens were tested where the column
was positioned in the horizontal direction while the beam was in the vertical direction.

It was observed that the flexural strength ratio affects the location of the plastic hinges.
For specimens with flexural strength ratio slightly greater than 1.0, the plastic hinge
formed in the beam but spread into the joint and most of the damage was concentrated in
the joint. This resulted in significant deterioration of bar anchorage and led to the pullout
of the beam longitudinal steel and slippage of the column longitudinal bars, which
reduced the load-carrying capacity and stiffness of the specimen as well. While, for
specimens with flexural strength ratio considerably greater than 1.0, the cracks were

distributed more in to the beam and away from the joint. Also for specimens which had a

joint shear stress of 1.18\/f , the load carrying capacity deteriorated after the first cycle
of loading. It was concluded that:
e The flexural strength ratio should not be less than 1.4 to avoid formation of hinges
at joints, larger flexural strength ratios improve the behaviour of the connections,
e The maximum shear stress in joints should not exceed 1.0 \/Z MPa to reduce
excessive joint damage, column bar slippage, and beam bar pullout,
e Specimens that had minor slippage and bar pullout showed a very good overall
behaviour in the later cycles,
e When the first two recommendations are met, additional transverse reinforcement

doesn’t enhance the behaviour of the specimens.

Moreover, the influence of flexural strength ratio and joint shear stress was studied by

Durrani and Wight (1985), Ehsani and Wight (1985-b), Ehsani and Alameddine (1991).

12
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Test results were in good agreement and similar conclusions to those listed above were

drawn.

2.2.2 Effect of Transverse Beams and Slabs
Ehsani and Wight (1985-b) studied the behaviour of exterior beam-column joints taking
into account the effect of transverse beams and slabs. The investigated variables were the

flexural strength ratio, the percentage of transverse reinforcement used within the joint,

and shear stress in the joint as a function of \/E Six exterior beam-column joints were
constructed and tested. Tested specimens were designed to have flexural strength ratios of
1.1, 1.5 and 2.0 assuming the flexural contribution of only the first two longitudinal slab

reinforcement bars adjacent to the main beam. The design shear stress varied between

0.83\/f, and 1.16,/f, MPa. Beams and columns had the same dimensions and loading
history described previously by Ehsani and Wight, (1985-a). The slabs, attached to the
beams, measured 1015 mm in width and 100 mm in depth. Tests showed that not only the
first two longitudinal bars yielded, as assumed by the authors, but all the slab longitudinal
reinforcement around the joint yielded. Consequently, the original design flexural
strength ratios were recalculated and then reduced to be 0.88, 1.16, and 1.58,

respectively.

In specimens where the flexural strength ratios were less than 1.0, plastic hinges were
formed in the upper column near the slab and crushing of concrete appeared in the
column. Moreover, the plastic hinge was formed in the joint for the specimen with a

flexural strength ratio slightly larger than 1.0 and relatively high joint shear stresses

13
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(1.16\/E MPa). For specimens that had the same flexural strength ratio (slightly larger

than 1.0) but lower joint shear stresses (0.83\/E MPa), the flexural cracks extended into
the beam for a distance of approximately twice the depth of the beam from the face of the

column.

The behaviour of the test specimens in this study was compared to their counterparts
without slabs or transverse beams from a previous study (Ehsani and Wight 1985-a). For
the specimens with transverse beams and slabs, the hysteresis diagrams demonstrated
unequal pinching during the positive and negative half-cycles of loading. This was
primarily due to the presence of flexural cracks at the bottom of the main beam near the
column, which remained opened through the test due to the flexural contribution of the
slab reinforcement at the top of the beam. Furthermore, transverse beams and slabs
provided additional confinement to the joint. This geometric confinement improved the
overall behaviour significantly compared to similar specimens without transverse beams

and slab.

The Conclusions were as follows;
e A flexural strength ratio of a value not less than 1.20 was recommended to ensure
formation of flexural hinges in the beams
e The behaviour was improved by the presence of transverse beams which

increased the confinement of the joint core.

14
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e Increasing joint transverse reinforcement did not improve the behaviour of the
joints with transverse slabs and beams as it did for the specimens that had no
transverse beams and slabs.

e The presence of transverse beams helped eliminate the beam bar pullout,
however, slippage of column longitudinal reinforcement was observed in

specimens with and without transverse beams and slabs.

2.2.3 Effect of Loading Rate

Chung and Shah (1989) investigated the effect of cyclic loading rate, shear span-to-depth
ratio, and stirrup spacing on the bond performance of exterior steel reinforced beam-
column joints. Twelve anchorage-bond specimens were constructed and tested to study
the effect of cyclic loading rate on a bar embedded in reinforced concrete. Each specimen
represented a horizontal cantilever beam attached to a reinforced concrete block. The
concrete block was subjected to axial load in the vertical direction. Test results included
the mode of failure, energy dissipation, stiffness degradation, and bond stress

distributions along the bar.

Then the outcomes of these tests were verified by testing three identical beam-column
joints. The first one was tested under monotonic loading to determine the yield
displacement of the beam; the second one was tested under cyclic loading at a frequency
of 0.0025 Hz (slow-rate), while the third specimen was tested at a frequency of 1.0 Hz
(fast-rate). It was observed that the maximum load-carrying capacity was quiet higher for

the fast-rate loaded specimen. However, the damage rate resulted by the cyclic loading
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was higher for the faster rate of loading. This was observed by the measurements of
stiffness and natural frequency obtained from the free vibration test conducted after each
loading stage. It was concluded that:

e Specimens which were subjected to faster rates of loading failed as a result of
early fracture of steel bars. This was induced by stress concentration caused by
improved bond strength at faster rates of loading.

e During higher rates of loading, fewer and wider cracks were observed at column
face. In contrast, more widely-distributed cracks were observed in the beam at the
slower rates of loading.

e Specimens with stirrup spacing of d/2 (where d is the beam depth) were
significantly influenced by the loading rate. A brittle mode of failure was
observed at fast rate of loading compared to a ductile mode of failure for slow rate
loading specimens. On the other hand, specimens with stirrup spacing of d/4 were

not influenced by the loading rate.

2.2.4 Effect of Detailing Scheme

Hakuto et al. (2000) studied the influence of reinforcement detailing on seismic
behaviour of exterior and interior beam-column joints. For the exterior beam-column
joints, specimens had shear reinforcement less than what was required by the ACI 318-95
(1995) and NZS 3101:1995 (1995) in both of the beam and the joint. Two identical
prototypes were tested, the longitudinal beam bars in one of the specimens were anchored
by bending the hooks out of the joint core while in the other specimen the longitudinal

bars were anchored into the joint core as specified by the ACI 318-95. The beam
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measured 1525 mm long, 300 mm wide and 500 mm deep, while the column measured
2900 mm long with a 460 mm square section. Reversed lateral quasi-static cyclic loads
were applied directly at the column top end simulating seismic loading. The column was

positioned in the vertical direction while the beam was in the horizontal direction.
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Figure 2.1: Mechanism for joint shear resistance (Reproduced from Hakuto et al. 2000)

This study considered the bearing stresses at the bend to act as a node in a strut-and-tie
model where the diagonal compression strut acts against the beam reinforcement as
shown in Figure 2.1(a). On the other hand, the detail shown in Figure 2.1(b) does not
provide an effective node point at the top of the diagonal strut to achieve a stable strut
and tie model. When an adequate amount of confinement is provided in the column above
the joint core, the missing strut node is introduced to resist the horizontal component of

force from the compression strut as shown in Figure 2.1(c).
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During testing the specimen with the anchorage out of the joint core, it was observed that
the beam hook was not effective in carrying the diagonal compression strut, which
pushed against the longitudinal column steel leading to wide splitting-cracks along the
column. It was concluded that the performance is improved significantly when the hooks

of the beam bars are bent into the joint core.

Murty et al. (2003) studied the effect of different reinforcement details in beams and
joints on the seismic behaviour of exterior beam-column joints. Four different anchorage
details of beam longitudinal reinforcement and three details of transverse reinforcement
in the joint core were investigated, as shown in Figures 2.2, and 2.3, respectively. Twelve
half-scale exterior beam-column joints were constructed and tested. The beam measured
1150 mm long, 200 mm wide and 400 mm deep, while the column measured 1500 mm
long with a 200 mm wide and 250 mm deep. The flexure strength ratio was kept constant
at a value of 1.65. Test specimens were rotated 90 degrees such that the column member
was in the horizontal position and the beam member in the vertical position, as shown in
Figure 2.2. Reversed cyclic displacements were applied directly at the beam end

simulating seismic loading.

Tests showed that joint transverse reinforcement has a significant influence on the post-
cracking response of the specimens. The use of hairclip-type reinforcement, fully
anchored in the beam, worked as additional longitudinal reinforcement in the beam. This
helped shifting the plastic hinge in the beam away from the face of the column.

Furthermore, it was concluded that the use of standard hook with hairclip-type transverse
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reinforcement is recommended because of its ease in construction and can be used for

frames in low seismic regions where the demand for high ductility is not required.
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Figure 2.2: Longitudinal beam anchorage details (Reproduced from Murty et al. 2003)
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Figure 2.3: Joint details (Reproduced from Murty et al. 2003)

Wallace et al. (1998) studied the seismic behaviour of beam-column joints where headed
bars were used as beam longitudinal reinforcement. The objective was to address the
anchorage and detailing requirements for using headed reinforcement in both type (1) and
(2) joints. Test parameters were the type of the joint (type 1 or 2), and anchoring details
of beam longitudinal reinforcement in the joint (i.e. Headed bars and 90-degree bent
bars). The experimental program included two exterior beam-column joints and five
corner (knee) beam-column joints. Side stub-beams were used to represent the three-
dimensional effect of transverse beams on the exterior joints. No loading was applied on

stubs.
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They concluded that specimens reinforced with headed bars exhibited similar behaviour
to that observed in specimens reinforced using 90-degree hooked longitudinal bars. The
researchers recommended a minimum anchorage length of twelve times bar diameter for
headed bars of diameters 16 and 25 mm. Also, the transverse reinforcement provided in
the joint should be positioned in-line with the headed bar to restrain heads from pushing

the concrete cover out. In corner (knee) joints, horizontal shear stresses should be kept

below 0.5\/E to guarantee stable behaviour of the joint.

2.2.5 Effect of Concrete Strength

The influence of using high strength concrete in seismic regions was studied by Ehsani et
al. (1987). The study consisted of five full-scale beam-column specimens. Four
specimens constructed using high strength concrete of £, = 66 MPa. Test results were
compared to one of the specimens in Ehsani and Wight, (1985-a) constructed using
normal-strength concrete of f, = 44 MPa. The flexural strength ratios of test specimens
were in the range between 1.41 and up to 1.9. The primary variable for the high strength

concrete specimens was the joint shear stress which had a range of 0.63\/E to 1.07/f,

MPa. Tests results showed that specimens with low joint shear stresses (0.63\/E ) failed
due to flexural hinging in the beam. However for the specimen with high joint shear
stress (1.07+/f. ), it exhibited joint shear failure. Also, a limited strain hardening in the

beam longitudinal reinforcement was observed although the flexural strength ratio was as

high as 1.67.
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The study concluded that:

e The maximum allowable joint shear stress should be 0.87\/E when high strength
concrete of f, = 66 MPa was used in exterior beam column joints.

e A combination of the flexural strength ratio and joint shear stresses determined
the mode of failure rather than the flexural strength ratio only.

e High joint shear stresses resulted in a significant reduction of the energy
absorption even in the presence of high flexural strength ratio.

e Specimens with high flexural strength ratio and low joint shear stresses exhibited
buckling of compression reinforcement in the beam plastic hinge at very large

drifts.

Ehsani and Alameddine (1991) studied the behaviour of exterior beam-column
connections constructed with high strength concrete. The objectives were to evaluate the
shear capacity of Type-2 joints and to check the feasibility of reducing the joint
confinement required by the ACI-ASCE 352 (1985) while ensuring a ductile behaviour.
The variables were, 1) concrete compressive strength (56, 74 and 94 MPa); 2) joint shear
stress (7.6 and 9.7 MPa); and 3) the degree of joint confinement in terms of transverse
reinforcement ratio (1.2% and 1.8%). Twelve full-scale beam-column specimens were

casted and tested.

The flexural strength ratio was kept constant at a minimum value of 1.4 for all specimens.
Test results showed that specimens with low shear level and high joint confinement were

able to develop the ultimate capacities. However, specimens with higher concrete
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strength showed relatively higher loss of load-carrying capacity than those with lower
strength. This indicates that higher strength concrete needs more confinement. Other
specimens with high joint shear stress (9.7 MPa) and/or low joint confinement suffered
greater strength loss and lower ductility. The study concluded that:

e The amount of transverse reinforcement required by the ACI-ASCE 352
committee was practically impossible in case when high strength concrete was
used.

e Higher strength concrete requires more confinement due to its brittle nature.
Therefore, the required amount of transverse reinforcement for joint confinement
should be a function of the flexural strength ratio, joint shear stress, and the

compressive strength of the concrete.

2.3 FRP BARS AS REINFORCEMENT FOR CONCRETE STRUCTURES

In the past two decades, FRPs have proven to be a promising alternative material for
reinforcement of concrete structures. FRP materials have non-corrodible and non-
magnetic nature. Therefore, they can be used in reinforced-concrete structures to
eliminate the corrosion problem associated with the conventional reinforcing steel. The
following section provides a brief overview of FRP materials and some of their important

properties and characteristics related to their application as reinforcement in concrete.

2.3.1 Characteristics of FRP Reinforcement
Originally, FRP materials were used successfully in aerospace, marine and automotive

sectors. Their positive properties and the significant reduction in their materials and
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manufacturing costs helped the widespread of the FRP materials in civil engineering
applications. FRP’s are increasingly being used in civil infrastructure in several forms
such as; reinforcing bars and tendons in new structures, wraps and laminates for
strengthening of existing structures, composite bridge decks, and composite structural
sections. To stay within the scope of this research, the following section will only focus

on the FRP materials in the form of internal reinforcing bars.

2.3.1.1 Constituents

FRP reinforcement is composed of high strength continuous fibres embedded in a
polymer matrix in addition to some fillers and additives. Fibres are in very small
diameters and are responsible to provide mechanical strength and stiffness to the
composite, while the polymer matrix (resin) has comparatively poor mechanical
properties. Fibres are oriented in the longitudinal direction of the bars which is the

direction of the primary loads.

(a) Types of fibers

Aramid, Carbon, and Glass fibres are the most commonly used types of fibres (Mallick
1988). Aramid fibres are classified as highly oriented organic fibres. They offer good
mechanical properties at a low density with the added advantage of toughness or impact
resistance. They are characterized as having reasonably high tensile strength (1310 MPa)
Aramid composites have poor compressive strength and a medium unidirectional tensile
modulus of 83 GPa which is approximately 50% higher than that of glass, and a very low

density (1380 Kg/m®) if compared to glass and carbon. Aramid fibres are resistant to
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organic solvents, fuels, and lubricants. Dry aramid fibres are tough and have been used as

cables or ropes, and frequently used in ballistic applications.

Concerning with Carbon fibres, they are available with a wide range of tensile moduli
starting from 145 GPa (Carbon AS-4) up to more than 500 GPa. In general, the low-
modulus fibres have lower specific gravities, lower cost, higher tensile strengths, and
higher tensile strains to failure than the high-modulus fibres. The advantages of Carbon
fibres with respect to its mechanical and physical properties are their exceptionally high
tensile strength-weight ratios as well as tensile modulus-weight ratios, very low
coefficient of thermal expansion, and high fatigue strength. On the other hand, the
disadvantages are their low impact resistance, high electrical conductivity, and Carbon

fibres are not easily wet by resins; particularly the higher modulus fibres.

Glass fibres are available in 4 types, E-glass for high electrical insulating properties, S-
glass for high strength, ECR glass for improved acid resistance and acid resistance (AR
glass). The average tensile strength of glass fibres ranges between approximately 1.00
and 2.00 GPa (1.75 GPa for S-glass type and 1.1 GPa for E-glass type). The tensile
strength of glass fibres is reduced in the presence of water or under sustained loads
(creep). The tensile strength degradation is also increased as the surface flaws grow under
cyclic and fatigue loads. The tensile modulus of glass fibres ranges between 70 to 90
GPa. Glass fibres are sensitive to abrasion and corrosion due to alkaline solutions, and are
considered generally a good impact resistant fibre. Specific gravity of glass fibres are

approximately 2500 kg/m®.
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(b) Types of resins

The primary function of the resin is to transfer the load through shear stresses that
develop at the fibre-matrix interface, provides lateral support for fibres against buckling
and it is also important for the environmental protection of the fibres (Hollaway and
Head 2001). Thermosetting resin and thermoplastic resins are two types of resins that are
used in fibrous composites manufacturing. Thermosetting resins are typically used for
structural applications as they are heat cured and cannot be deformed upon curing.
Contrary, thermoplastic resins soften to viscous liquids when heated and can be deformed

upon curing.

Generally, the factors that influence the selection of a specific resin are:

e Impregnation processing method which depends on viscosity and pot life of resin
during  impregnation, wet-ability to filaments, processing and/or curing
temperatures and pressure, shrinkage during curing, toxicity, and shelf life for
pre-impregnation.

e Adhesion levels between the resins and the fibres, impregnated in, to transfer
stresses between fibres (i.e. inter-laminar shear as well as in-plane shear
properties).

e Mechanical properties (i.e. elongation, thermal stability, and notch toughness) that
controls the ability of resins to protect the surface of the fibres from mechanical
abrasion.

e Durability and chemical resistance against attacking environments.
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2.3.1.2 Manufacturing

Several techniques are used to produce FRP composites. The shape of the final product
depends on the adopted manufacturing process. FRP bars are produced using the
pultrusion technique. In this method continuous strands of the fibres are pulled from
spools of fibres to be impregnated in the resin. Once they are saturated with resin, they
are pulled through a heated die at which they can be formed and heat-cured as shown in
Figure 2.4. Surface treatment of bars is essentially applied to ensure strong bond with
concrete. The FRP bar surface-treatment could be in the form of spirals or sand coating.
After curing and surface treatment, FRP bars are then cut to the required length. FRP bars
are produced in different diameters and surfaces. The product diameter normally ranges

from 6 mm to 25 mm.

saw

i @
f Shaping-Heating die
|

Resin impregnation

Fiber spools

Figure 2.4: Schematic diagram for the Pultrusion manufacturing process

2.3.1.3 Physical properties
The density of FRP bars is considerably less than of the steel bars (i.e. one-sixth to one-
fourth that of steel), as shown in Table 2.1. FRP bars have different thermal expansion in

the longitudinal and transverse directions. The longitudinal coefficient of thermal
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expansion is governed by the type of fibre as shown in Table 2.2, while the transverse

coefficient of thermal expansion is dominated by the type of resin (ACI 2006).

Table 2.1: Typical densities of reinforcing bars (Reproduced from ACI 2006)

Type Steel GFRP CFRP AFRP
Density (kg/m®) | 7900 | 1250t02100 | 1500to 1600 | 1250 to 1400

Table 2.2: Typical coefficients of thermal expansion for reinforcing bars (Reproduced
from ACI 2006)

N CTE x 10%/°C
Direction
Steel GFRP CFRP AFRP
Longitudinal, a 11.7 6.0 to 10.0 -9.0t00.0 -6to-2
Transverse, at 11.7 21.0t023.0 | 74.0to 104.0 60.0 to 80.0

2.3.1.4 Mechanical properties

The stress-strain relationship of the unidirectional FRP bars is linear elastic up to failure
as shown in Figure 2.5. FRP materials do not exhibit yielding behaviour like the
conventional steel does. FRP bars have higher strengths than the conventional steel;
however, they have less stiffness than the steel bars have. Contrary, FRP bars have low

compressive strength due to buckling of fibres.

The characteristic properties of FRP bars are variable. They depend mainly on the type
and the volumetric ratio of fibre in the composite, the type of resin, and quality control
during the manufacturing process. Accordingly, the manufacturer has the ability to
control the properties of the product, as shown in Table 2.3. Except for FRP bars with a

thermoplastic resin, FRP bars cannot be bent or reshaped after manufacturing. FRP bars
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can be bent in forms of stirrups or bent bars while manufacturing, however, a strength
reduction of 40 to 50% relative to the tensile strength of a straight bar is expected in the

bent bars.
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Figure 2.5: Stress—strain curve for reinforcing materials

The bond behaviour of FRP bars is affected by the manufacturing process, which controls
the bar surface, mechanical properties, environmental conditions, and the design force.
Bond force is transferred between the bar and the surrounding concrete by the chemical
bond, frictional resistance against slip and mechanical interlock due to irregularity of the
bar interface (ACI 2006). These differences in behaviour between FRP and steel
reinforcement are reflected on the behaviour of reinforced concrete members; and

therefore, they should be considered in the design of FRP reinforced concrete members.
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Table 2.3: Mechanical properties of FRP bars (ISIS Canada 2007, Pultrall Inc. 2014,
Schoeck Canada Inc. 2014)

Trade Tensile strength Modulus of Elasticity Ultimate tensile
name (MPa) (GPa) strain
g V-ROD 1596.0 120.0 0.013
o Aslan 2068.0 124.0 0.017
c
3 | Leadline 2250.0 147.0 0.015
S NEFMAC 1200.0 100.0 0.012
V-ROD
LM 940 425 0.021
o V-ROD
'ff HM 1200 62.6 0.0189
@ Aslan 690 40.8 0.017
o NEFMAC 600 30 0.020
COMBAR 1100 60 0.018

2.3.1.5 Durability of FRP reinforcing bars

High alkalinity of concrete (pH of approximately 12.5 to 13.5) raises durability concerns
regarding the use of FRP reinforcement in concrete. Many durability studies have been
conducted to determine the strength and stiffness reduction due to natural ageing of FRP
bars under service environments. In these studies, accelerated ageing tests and field
evaluation of existing structures were both used to evaluate the long-term behaviour of
FRP reinforcement. Debaiky et al. (2006) reported that the results from accelerated test
procedures should be interpreted cautiously since the conditioning environments to
promote accelerated deterioration are often unrealistic when compared with the actual
environment in the field. Mufti et al. (2007) conducted field evaluation study on five in-
service bridges located across Canada and constructed with GFRP bars and grids. The

study concluded that there were no signs of degradation of the GFRP reinforcement in the
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concrete in existing structures exposed to natural environmental conditions for duration

of five to eight years.

The behaviour of beam-column joints reinforced with GFRP bars and stirrups requires a
solid background on the behaviour of FRP reinforced elements under axial, flexure, and
shear stresses. Accordingly, the following section represents a literature review on beams

and columns reinforced with FRP bars in longitudinal and transverse directions

2.3.2 Shear Strength of Concrete Beams Reinforced with FRP Stirrups
Shehata et al. (2000) presented the results of the experimental program conducted at the
University of Manitoba to examine the structural performance of FRP stirrups. The
objective of the study was to provide design guidelines for the use of CFRP and GFRP
stirrups as shear reinforcement for concrete structures. The program had forty two panel
specimens using CFRP, GFRP, and steel stirrups to study the bend effect on the strength
of the stirrups in addition to ten reinforced concrete beams reinforced with CFRP, GFRP,
and steel stirrups. The outcomes were as follows;
e A minimum bend radius not less than the greater of four times the effective bar
diameter d, or 50 mm was recommended for FRP stirrups in order to achieve a
stirrup capacity of at least 50% of the strength parallel to the fibres, while using a
tail length of 6d, or 70 mm, whichever is greater,
e The strength at the bend of FRP stirrups should be taken as 40% of the strength

parallel to the fibres,
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e A proposed design procedure for predicting shear capacity of concrete beams
reinforced with FRP stirrups was recommended for design code implementation

at that time.

El-Sayed et al. (2007) conducted an experimental research to develop new CFRP stirrups
as shear reinforcement for concrete members. The study focused on the reduction in the
strength due to bending the FRP bar as well as the tail length extended beyond the bent
portion. The research program consisted of two phases, the first phase investigated the
mechanical properties of the stirrups, and the second one investigated the effect of stirrup
diameter, embedment length (l;), and anchorage of stirrups embedded in concrete.
Afterwards two full-scale concrete beams were constructed and tested to study the
behaviour of the CFRP stirrups in concrete beams. It was concluded that:
e The strength at the bend location was approximately 39% of the strength of the
straight portion parallel to the fibre,
e Increasing the embedment length from 5d, to 20d;, approximately doubled the
stirrup capacity; where d,, is the bar diameter,
e No considerable increase in stirrup capacity was observed when increasing the tail
length more than 6d; and the lower bound capacity of bent part was found to be
45% of the ultimate longitudinal tensile strength of the straight portion,
e The stirrup size has insignificant effect on the performance of the stirrups,
e The performance of the stirrups in beam tests until failure fulfilled the design

requirements of the available codes and guideline at this time.
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Ahmed et al. (2008) investigated the shear performance of concrete beams reinforced
with carbon FRP stirrups compared to those reinforced with steel stirrups. Test
prototypes were designed according to CSA/S6-06 (CSA 2006). It was observed that the
beam reinforced with CFRP stirrups had smaller crack widths at all loading stages despite
that the CFRP stirrups had lower stiffness than the used steel stirrups. It was concluded
that fulfilling the design stirrup strain limit at 2500 micro-strain, as specified by the
CSA/S6-06 (CSA 2006) leads to a very conservative prediction of shear strength of

reinforced concrete sections reinforced with FRP stirrups.

Ahmed et al. (2010-a) investigated the shear performance and strength of large-scale RC
beams reinforced with GFRP stirrups compared to those reinforced with steel stirrups.
The study considered different shear reinforcement ratios. The authors concluded that 1)
at shear failure, the inclination angle of the shear crack in concrete beams reinforced with
GFRP stirrups was in good agreement with the traditional 45-degree truss model; 2)
using FRP stirrups with a strength ratio of bend-to-straight portion, fpeng / fiw, > 0.6
enables using the capacity of the straight portions of the FRP stirrups in beam specimens;
3) lower ratios of fyeng / fry Will cause the bend strength to govern the stirrup whatever
the tensile strength of the straight portion is; 4) limiting the ultimate strain (4000 micro-
strain) of the FRP stirrup as specified by the ACI 440.1R-06 (ACI 2006) and the CSA/S6-
06 (CSA 2006) enables a more accurate but still conservative prediction of the shear

strength of concrete members reinforced with GFRP stirrups.
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Ahmed et al. (2010-b) studied the performance of both CFRP and GFRP. The study
consisted of both analytical and experimental phases. The experimental phase included
testing seven large-scale T-beams: Three specimens were reinforced with CFRP stirrups,
another three were reinforced with GFRP stirrups, and the last one was reinforced with
steel stirrups. The software, Response-2000, which implements the modified compression
field theory (MCFT), was used in the parametric phase of this study. The study concluded
that:

e The bend strength of FRP stirrups didn’t govern the shear capacity of the beams
reinforced with FRP stirrups. Corresponding to an average strain equal to 4000
micro-strain in the FRP stirrups, the stresses at the bend ranged from 7% to 42%
of the bend strength. This yielded a factor of safety greater than two between the
actual stresses at the bend and the bend strength of FRP stirrups,

e There was a good agreement between the analytical results and the experimental
ones in terms of predicting the shear capacity, mode of failure, and average stirrup
strain. However, the software overestimated the shear crack width for the beams
reinforced with FRP stirrups. This is referred to the crack spacing parameters
implemented in the calculation procedure.

2.3.3 FRP Reinforced Concrete Columns under both Axial and Lateral Loads

Paramanantham and Daniali (1993) studied the behaviour of concrete columns
reinforced with GFRP bars. The researchers developed equations for calculating column
capacities under concentric and eccentric axial loads. For concentric loading, the axial

capacity of the column (B,) can be calculated as:
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P, = 0.85f,(A; — Af) + 0.003E;A;

For columns under eccentric loading;

Pn:CC+Cf_Tf

Where;
The force carried by concrete, C. = 0.85f.f,ab ,
The force carried by the bars in compression Cr = O.SAfeC'EfC :

The force carried by the bars in tension Ty = 0.5A¢&.Ef

Where;

f. : Concrete characteristic compressive strength,
Ay Gross cross sectional area,

Ay Area of FRP fibres,

E: Tensile modulus of elasticity of FRP bars,

[2.1]

[2.2]

[2.3]
[2.4]

[2.5]

B, Ratio of depth of rectangular compression block to depth to the neutral axis,

a: depth of equivalent rectangular stress block,

b: width of compression face of the member,

&.: Compressive strain of FRP bars,

Ef.: Compressive modulus of elasticity of FRP bars,

& Tensile strain of FRP bars,
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Alsayed et al. (1999) investigated the influence of replacing longitudinal and transverse
steel reinforcement by an equal volume of GFRP reinforcement on the behaviour of
rectangular concrete columns. The effect of the reinforcement type on the axial capacity
and deformation of the columns was studied. The experimental program consisted of
testing 15 rectangular columns under concentric axial loads. Tests showed that up to 80%
of the ultimate load, columns reinforced with longitudinal steel bars and GFRP ties and
those reinforced with GFRP bars and ties exhibited similar behaviour to the columns that
had no reinforcement at all. However, this might be attributed to the low modulus of
elasticity of GFRP ties. Columns with steel ties showed higher resistance against axial
shortening. It was concluded that the axial capacity of columns were reduced by 13%
when using GFRP bars instead of steel bars, while when replacing steel ties with GFRP
ties the capacity was reduced by 10%. In addition, they indicated that further research is

still required to investigate the effect of reinforcement type on the columns behaviour.

Grira and Saatcioglu (1999) investigated the use of both steel and CFRP grids as stirrups
for confinement of columns with longitudinal steel reinforcement. Several configurations
of transverse reinforcement were tested under cyclic loading. The conclusion was that
columns reinforced with CFRP stirrups had a comparable performance to that of columns
reinforced with steel stirrups. The authors claimed that the use of grids in general
provided almost uniform distribution of the confinement pressure along the column,
without congesting the reinforcement cage. It was observed that the failure of the CFRP
NEFMAC™ grid-based stirrups occurred at the nodes, which are the weakest point of

FRP grids.
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Sharbatdar (2003) studied experimentally and analytically the behaviour of full-scale
square columns and rectangular beams reinforced with CFRP bars and stirrups under
seismic loading. Based on characterization testing, the used CFRP bars had compression
strength and modulus of elasticity of 16-21% and approximately 20% of their
corresponding tensile properties, respectively. Test results showed that columns with
30% of the confinement reinforcement required by the CSA-S806-02 had a brittle
behaviour shortly after 2.0% lateral drift ratio. Also, those columns showed a 50% drop
in flexural capacity at 3.0% drift ratio. On the other hand, columns that had 60% of the
confinement reinforcement required by CSA-S806-02 showed increased deformability
with lateral drift ratio up to 3.0% associated with approximately 23% strength

degradation.

In the analytical part of that study, two types of axial load-bending moment interaction
diagrams for columns were constructed using the plane-section analysis of FRP
reinforced sections. The first type is governed by concrete compression failure (strain of
0.0035) or tensile rupture of FRP bars, whichever occurs first. The second type accounts
for the confinement effect using the recorded strain level corresponding to the ultimate
moment capacity obtained during testing. It was concluded that the analytical model was
in good agreement with the recorded test results and resulted in safe prediction for the
column capacity under eccentric loads. It was concluded also that concrete columns
reinforced with CFRP bars and stirrups can develop limited inelastic deformability equal

to 2/3 of the ductility levels observed in steel reinforced concrete columns at eccentricity
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level of 0.25h to 0.30h, where h is the column dimension parallel to the moment
direction. Moreover, it was recommended that experimental and analytical studies
utilizing FRP reinforced columns under different levels of concentric and eccentric

monotonic and cyclic loading are still required.

2.3.4 Behaviour of Framed Structures under Seismic Loads

The research on the behaviour of the beam-column joints reinforced with FRP bars and
stirrups is still in its early stages. A pioneer study, conducted by Fukuyama et al. (1995),
explored experimentally and analytically the seismic performance of a half-scale three-
storey concrete frame reinforced with aramid reinforcement in both longitudinal and
transverse directions. The objective of this study was to set a seismic design philosophy
that is applicable for such structures. Consequently, it was essential to verify this
philosophy experimentally and analytically. In addition, the structural characteristics of
FRP-reinforced concrete frames were compared with the conventional steel-reinforced

ones.

Figure 2.6 shows schematic drawings of the frame specimen. Longitudinal reinforcement
ratio of the beams was 0.64% and 0.48% at the bottom and the top, respectively. A
reinforcement ratio of 1.47% was kept constant for the columns in all storeys. No hooks
or lap splices for main reinforcement were used. Development of beam longitudinal
reinforcement at the beam ends was achieved by using 200 mm beam stubs. Spiral shear
reinforcement was provided to all members to avoid shear failure. Test results showed

that the frame remained almost elastic with a stable behaviour up to a drift ratio level of

37



Chapter 2 — Literature Review

2.0%, then signs of concrete crushing appeared. Behaviour of the specimen can be
identified with three stages. Stage 1, up to a drift ratio of 0.50%, represents the elastic
range before cracking. Stage 2, between drift ratios of 0.50% and 2.0%, represents a
stable plastic behaviour due to growth of cracking in members. Stage 3, drift ratios
greater than 2.0%, represents unstable performance with major reduction in stiffness due

to crushing of concrete.
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Figure 2.6: Frame details (Reproduced from Fukuyama et al. 1995)
The static elasto-plastic incremental method was used to analyze the load deformation
relationship. The analysis overestimated the displacement probably because the joint
panel deformations were ignored and the stiffness degradation ratio due to cracking was
overestimated. This non-linear analysis was also performed considering the use of steel
reinforcement in order to compare its results with the behaviour of the FRP reinforced
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specimen. The comparison between the results of using the FRP and those of using steel
reinforcement indicated that at a specific level of drift, the FRP-reinforced frame is
stronger than its counterpart reinforced with steel. The researchers concluded that the
small residual deformations occurred to the FRP-reinforced frame would result in
minimum rehabilitation needs.  Also, the investigation of the load-deformation
relationship for a frame through a nonlinear incremental analysis is possible once the
decay in member stiffness due to cracking and deformations of joints could be properly

evaluated.

Fisher and Li (2003) adopted a new approach to avoid the formation of plastic hinges at
the base of the first storey columns. The idea is based on reinforcing the column with
FRP bars as longitudinal reinforcement and using the engineered cementitious
composites (ECC) as a concrete mix. The reason of this combination is to utilize the
relatively large flexural capacity and large deformations of FRP materials before failure
to replace yielding (ductility) of steel bars. Four small-scale one-bay frames were
constructed and tested. The beam measured 660 mm long, 100 mm wide and 150 mm
deep, while the column height measured 635 mm with a cross section of 125 mm in depth
and 100 in width. Reversal lateral displacement-controlled loading cycles were applied to
the frame simulating seismic loading. The beam in all specimens was reinforced with
steel bars while the column was reinforced with steel or FRP bars. The first frame was
reinforced with steel bars as a control specimen. While in the second, third, and fourth

frame, the column was reinforced with aramid FRP bars (AFRP), carbon FRP tendons
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(CFRP), and CFRP bars, respectively. No shear reinforcement was used in these frames

depending on the advanced mechanical properties of the ECC matrix (Li 1998).

Results showed that the steel reinforced specimen had the well-known elastic-plastic
behaviour till failure at 5.0% drift ratio. For the other specimens, where column
reinforced with FRP bars, cracks started first in the column member until 1.0% drift ratio
then plastic hinge occurred at beam members at a range of 1.0 to 2.0% drift ratio. FRP
reinforced specimens showed increasing strength with higher drift ratios till 5.0% drift
ratio, however they have lower stiffness compared with steel-reinforced specimen. This is

attributed to the lower modulus of elasticity of FRP materials.

It is worth to mention that the FRP reinforced frames had a residual displacement of
approximately 50% of the one reinforced with steel. This is considered an advantage for
FRP reinforced frames when further rehabilitation is required after surviving an
earthquake event. With respect to the energy dissipation, at 2.5% drift ratio, the steel
reinforced specimen dissipated an amount of energy almost 30 to 65% higher than what
was dissipated by the FRP-reinforced specimens. It was concluded from this study that
the effect of auto-adaptive stiffness modification might increase the period of the
structure, consequently resulting in attracting lower base shear during earthquake loading.
Said and Nehdi (2004) investigated the performance of GFRP reinforced exterior beam-
column joints under cyclic reversal loads with respect to that of steel-reinforced one. Two
beam-column joint prototypes were constructed and tested. The longitudinal

reinforcement in the GFRP specimen was NEFMAC™ G16 (201 mm? of cross-sectional
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area), while the four-cells grid NEFMAC™ G10 (77 mm? of cross-sectional area) was
used as transverse reinforcement. The longitudinal reinforcement configuration was
selected to provide the same flexural capacity of the control steel-reinforced specimen,
thus inducing a comparable level of joint shear input. Test results showed that steel-
reinforced specimen had approximately 23% higher total drift compared to the GFRP-
reinforced specimen. Also, the dissipated energy by the steel reinforced specimen was
approximately four times that dissipated by the GFRP-reinforced one. The authors
concluded that to overcome the low energy dissipation of GFRP members, a combination
of GFRP and steel reinforcing members may be used (i.e. outer frame members are
reinforced with GFRP to address the corrosion problem, while the inner members are
reinforced with steel to provide the frame with the required dissipation of energy). They
also recommended that further experimental and analytical research is required to allow
re-evaluation of design code provisions in order to address the low energy dissipation

capacity of GFRP reinforced frames.

Sharbatdar et al. (2007) explored the seismic behaviour of three full-scale beam-column
joint specimens reinforced with CFRP bars and grids as longitudinal and transverse
reinforcement, respectively. The main studied parameters were the arrangement of
longitudinal reinforcement and the grid spacing at the joint. Three full scale CFRP
reinforced concrete beam-column joints were designed and tested. Specimens were
designed according to the CAN/CSA S806-02 (CSA 2002), CAN/CSA A23.3-94 (CSA
1994), CAN/CSA A23.3-04 (CSA 2004), and ACI 440.1R-06 (ACI 2006) and the results

of a previous research done by Sharbatdar (2003). During testing, columns were
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subjected to a constant axial load of 20% of its axial capacity. Reversed cyclic loading
was applied at the beam tip in order to simulate seismic loading. Test results showed that
specimens had stable hysteresis behaviour up to 3.0% drift ratio followed by a gradual
strength degradation caused by bar slippage and/or bar rupture. This study concluded the
following:

e Specimens had a stable behaviour and remained almost elastic up to 3.0% drift
ratio and the deformability of these elements is enough to suggest its ability to
perform in seismic zones,

e A better deformable response of FRP reinforced concrete joints can be observed
once the members are well confined and designed as over reinforced members,
and

e The CSA/S806-02 requirements for column confinement showed a good
agreement with the test results. No early or premature failures in the joints were

observed.

Hasaballa et al. (2011) investigated the feasibility of using GFRP reinforcement in
reinforced concrete structures subjected to earthquake loading. Four full-scale exterior T-
shaped beam-column joint prototypes were constructed and tested under simulated
seismic loading. Test parameters included the type of longitudinal and transverse
reinforcement (using steel and GFRP bars) as well as the anchorage detailing of beam
longitudinal reinforcement (using bent bars and straight bars). The steel reinforced
specimen was the control specimen. The second specimen was reinforced with GFRP

bent bars and steel stirrups. The other two specimens were totally reinforced with GFRP
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bars and stirrups; however a 200-mm beam stub was added in one of them to increase the

anchorage length of beam longitudinal bars. In this study, the authors proposed a design

procedure for beam-column joints reinforced with GFRP bars and stirrups (Hasaballa

2009). The study concluded that:

GFRP bars are capable of resisting tension-compression cycles with no strength

degradation.

GFRP reinforced joints can be designed to satisfy both strength and deformability
requirements of earthquake-resistant structures.

Further investigations are required regarding the bond behaviour of the GFRP
bars subjected to reversed-cyclic loading. However, if bond-slip failure can be
avoided, the GFRP reinforced joint can reach 5.0% drift capacity under reversed
cyclic loading.

The local yielding of steel reinforcement can be substituted with the large-elastic
deformations exhibited by GFRP bars to reach large drift ratio.

The steel reinforced specimen was able to dissipate energy in the order of 2 to 3
times that of the GFRP specimens

The residual strains in the GFRP flexural reinforcement at the 4.0% drift ratio
were much lower than in steel specimen. This can be beneficial in a way that the
joint will regain its original shape after removing the loads, thus requiring

minimum amount of repair after surviving a seismic loading event, if any.

Mady et al. (2011) studied the seismic behavior of concrete beam-column joints

reinforced with GFRP bars and stirrups. Five full-scale exterior T-shaped beam-column
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joint prototypes were constructed and tested under simulated seismic load conditions. The

main test parameters included the types of reinforcement (steel and GFRP) and the

longitudinal reinforcement ratio in terms of multiples of balanced ratio. The study

concluded that:

The tested GFRP-reinforced concrete beam-column joints reached 4.0% drift
capacity safely with insignificant damage

The low modulus of elasticity for the GFRP reinforcement led to reducing the
stiffness of the tested specimens, which resulted in attracting lower forces at the
same drift ratio compared to steel reinforced specimen.

After reaching 4.0% drift ratio, the measured residual strains in the GFRP
longitudinal beam reinforcement were negligible; comparing to much larger
residual strains exhibited in the steel-reinforced joint. This indicates that GFRP-
reinforced joints would remain functional with a minimum required amount of
repair after surviving an earthquake event.

For the GFRP-reinforced joints, as long as the joint is safe under the applied shear
stresses, increasing the beam reinforcement ratio can enhance the ability of the
joint to dissipate the seismic energy through utilizing the inelastic behavior of

concrete.
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CHAPTER 3

PROPOSED DESIGN PROCEDURE

3.1 BACKGROUND

Proper seismic performance of reinforced concrete frames is achieved when these frames

have the ability to avoid a sudden collapse mechanism during strong earthquakes and

absorb seismic energy through inelastic deformations. To keep the integrity of the

moment resisting frames against seismic loads, the available design codes for steel

reinforced concrete structures (CSA/A23.3-04 and ACI 318-08) are mainly based on the

following requirements;

Seismic resisting frames should be ductile enough to dissipate the energy resulted
from earthquake loads. Consequently, member confinement plays an important
rule to provide the required ductility of the frame. Ductile frames can be designed
for lower seismic forces.

Strong column-weak beam design concept shall be applied to allow the formation
of plastic hinges in beams rather than in the columns, as shown in Figure 3.1(a).
Gravity loads are transferred to the foundations through the columns. Therefore,
excessive damage to the column shall be prevented to avoid collapse due to high
levels of P-A effect, as shown in Figure 3.1(b). Strong column-weak beam
approach is achieved when the summation of columns’ flexure strength is larger
than the summation of the beams’ flexure strength which connected to the same

joint.
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e The connection between the beam and the column should be kept elastic and safe
against shear to ensure the integral behaviour of the frame under loading.

A

—

(a) Formation of plastic hinges in beams (b) Formation of plastic hinges at columns

Figure 3.1: Possible plastic hinges locations

The key to the design of ductile moment resisting frames is that the connections and
columns must remain elastic throughout the load history to ensure lateral stability of the
structure. If the connections or columns exhibit stiffness and/or strength deterioration
with reversed cyclic loading, collapse due to P-A effects or to the formation of a shear-

storey mechanism may be unavoidable.

Park and Paulay (1975) specified the basic requirements for a satisfactory performance
of a joint in moment resisting frame as follows:
e The service load performance exhibited by the joint should be in similar quality
to that of the joined members.
e The joint should safely sustain the most critical load combinations that the

adjoining member could be subjected to.
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e The strength of the structure should not be governed by the strength of the joint;
this means that failure of the joint should not occur before formation of plastic
hinges in the adjoining members.

e Ease of construction should be targeted to avoid reinforcement congestion while

providing the necessary reinforcement for the joint elastic performance.

3.2 ANALYSIS OF FORCES

In 1978, Paulay et al. adopted an analytical model for the internal straining actions
affecting the exterior beam-column joints subjected to earthquake loading. The external
forces and the resulted internal actions around the joint are presented at the free body
diagram shown in Figure 3.2. A rational estimation of the induced forces can be achieved
using the basic static equilibrium relationships where;

Mp+0.5tVy
Column shear force (Vo) = - [3.1]
Cc

where;
M, Flexure moment applied at beam end,
V. Shear force applied at beam end,
t: Column depth,
.. The column height, center-to-center, between beams above and below the

joint,
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Figure 3.2: Free body diagram of an exterior beam-column joint in a multi-storey frame

(Reproduced from Paulay et al. 1978)

The Horizontal shear force in the joint core (th) =T—- V.1 [3.2]
Where;
T: The probable tensile force in the beam tension side which equal to
1.25 f, Ay
fy- Specified yield strength of steel reinforcement,

A, Beam longitudinal steel reinforcement located as shown in Figure 3.2.

The vertical shear force in the joint core (Vj,) =T’ —T" — V, [3.3]
where;
T',T"": are the internal forces exhibited in the column as shown in Figure 3.2.

48



Chapter 3 — Proposed Design Procedure

3.3 PROPOSED DESIGN PROCEDURE FOR BEAM-COLUMN JOINTS
REINFORCED WITH GFRP BARS AND STIRRUPS
Type-2 beam-column joint is defined as the connection of members that are required to
dissipate energy through reversals of deformation into the inelastic range and designed
according to the seismic provisions. Therefore, the following section introduces a
proposed design procedure for GFRP reinforced beam-column joint. This procedure was
followed in designing the test specimens investigated in this study. At the time when this
study started in 2010, the CSA/S806-02 (CSA 2002) has no seismic provisions for
designing Type-2 beam-column joints. Due to lack of research and experimental data in
this area, the current CSA/S806-12 (CSA 2012) provided only limited provisions
regarding the placement of transverse reinforcement along the beams and the columns.
Therefore, the proposed procedure in this chapter includes design for flexure, shear, and
stability of the joint in the light of the available steel reinforced concrete design codes and
FRP design guide lines, whichever is applicable. Meanwhile, the impacts of the seismic
provisions implemented in the CSA/S806-12 and found to be relevant to this study are
discussed in the following sections. It should be noted that this design procedure was

applied to the design of test specimens as explained in Appendix A.

3.3.1 Design for Flexure

The FRP reinforcing bars under tensile forces behave in linear elastic manner up to
failure. The compressive strength of FRP reinforcing bars is known to be smaller than the
tensile strength and, hence, this compressive strength is often ignored in the analysis and

design of FRP flexural members (CSA 2012 and ACI-440 2006). Flexural strength
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relationship of FRP-RC members is determined using assumptions consistent with those
applicable for steel RC members as follows:

1

Plane sections remain plane under bending, so that the strain in the concrete and
reinforcement is proportional to the distance from the neutral axis (compatibility
of strains);

2- The failure strain of concrete in compression is 0.0035;

3- FRPs are linear elastic up to failure;

4- Perfect bond exists between the reinforcement and the surrounding concrete;

5- The tensile strength of concrete can be neglected; and

6- Compressive strength of FRP bars is neglected.

The design for flexure according to CSA/S806-02 (CSA 2002), Clause 8.2.1, requires that
all FRP reinforced concrete sections shall be designed in such a way that failure of the
section is initiated by crushing of the concrete in the compression zone. This requirement
can be waived in the current version of the CSA/S806-12 (CSA 2012), Clause 8.2.2, if the
factored flexural resistance of the section is greater than 1.6 times the effect of the

factored loads.

All concrete sections in this study were designed according to the CSA/S806-02 (CSA

2002), Clause 8.2.1, following the concrete crushing failure, for two reasons explained as

follows:
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1- At the time when this study started in 2010, the CSA/S806-02 (CSA 2002) was the
available version and the CSA/S806-12 (CSA 2012) has not been released at that
time.

2- The concrete crushing mode of failure provides better deformability for the
concrete sections (based on the inelastic behaviour of concrete before crushing)

compared to the brittle (sudden) failure due to rupture of FRP bars.

Compression failure mode occurs when the outermost fibre of concrete reaches the
ultimate compressive strain for the concrete (€.,= 0.0035) before the outermost fibre of

FRP reinforcement reaches its ultimate tensile strain (E¢.p,,). To avoid the brittle tension
failure mode, the reinforcement ratio which is provided in the section (py,,,) should be
larger than the balanced reinforcement ratio (pp f,). The balanced reinforcement ratio
(o, rp) s the reinforcement ratio at which the concrete reaches its ultimate strain (E.,=
0.0035) simultaneously when the FRP bars reach its ultimate tensile strain (€5, ,,). It can

be expressed by:

¢ fe € Afrp
Pb,frp = 1P < < ( = ) =

= [3.16]
¢frp ffrp,u 5cu+€frp,u by, d
The above equation is applicable provided that placing of reinforcing bars will be no
more than in one layer, otherwise each layer should be designed according to its
corresponding tensile stress, where;

Pp,frp- FRP balanced reinforcement ratio (%)

51



Chapter 3 — Proposed Design Procedure

®srp- FRP reinforcement resistance factor

frpu- Ultimate tensile strength of FRP reinforcement
E .- Ultimate compressive strain of concrete

Efrpu- Ultimate tensile strain of FRP bars

Agrp. Area of FRP longitudinal reinforcement

The concept of strong column-weak beam which is required in the CSA/A23.3-04 (CSA
2004) for steel reinforced moment resisting frames may be applied for the design of

GFRP reinforced concrete moment resisting frames since the CSA/S806-02 did not

address this issue. The CSA/A23.3-04 (CSA 2004) requires that Y, My = Y Mpy,.

Regarding the behaviour of GFRP bars as longitudinal flexural reinforcement, GFRP bars
have linear elastic behaviour with no yielding or strain hardening as in steel
reinforcement. Consequently, it can be assumed that the probable resistance of a steel
reinforced beam at the CSA/A23.3-04 (CSA 2004) corresponds to a nominal resistance of
a GFRP reinforced beam. This nominal resistance is computed based on the actual tensile
stresses exhibited at the GFRP longitudinal reinforcement when a compression failure in
concrete takes place. It is worth mentioning that Clause 12.7.5.1, CSA/S806-12 (CSA
2012) implemented the strong column-weak beam concept by requiring a flexural
strength ratio greater than one. However, it does not specify how much greater than one it

should be. Accordingly, the design expression for FRP frames might be:

XMy = Y My, D Where ¢y = =1 [3.17]
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It is established that the axial load applied on the FRP reinforced concrete column has a
significant influence on the flexural strength of its cross section (Choo et al. 2006). To
account for the axial load effect, axial-moment interaction diagram should be established

to obtain the flexure strength of the column under the specified axial load.

It should to be mentioned that neither the CSA/S806-12 (CSA 2012) nor the ACI-440-06
(ACI 2006) has guidelines for axial-moment interaction diagrams for FRP-reinforced
concrete columns. The axial-moment interaction behaviour of FRP-RC columns may
exhibit failure before the strength interaction reaches a pure bending condition. This
failure is classified as brittle-tension failure. It happens when the outermost FRP
reinforcing bars reach the ultimate strain in tension (&, ,,) before the outermost concrete
fibre reaches the limiting strain in compression (€.,= 0.0035). FRP-RC columns are
susceptible to this type of failure when low reinforcement ratios are provided. To avoid
having this kind of brittle tension failure, a reinforcement ratio (p) larger than the

balanced ratio (p,) should be provided in the column.

3.3.2 Design for Shear

The design for shear is carried out according to CSA/S806-02 with some exceptions. The
CSA/S806-02 (Clause 8.4.4) determines the total shear resistance of the cross section
reinforced with FRP in both longitudinal and transverse directions as given in Clause

8.4.4.4 by:

V. =V.+ Vs < V. + 0.6A¢.+/ f.D,,d [3.18]
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where;
I}.. Shear resistance of the section
I7.: Contribution of concrete in shear resistance
Vss: Contribution of transverse reinforcement in shear resistance
¢.: Resistance factor for concrete
A : Factor to account for concrete density
fz : Specified compressive strength of concrete
b,,: Minimum effective web width
d: Distance from the extreme compression fibre to the centroid of longitudinal

tension force

The contribution of concrete in shear resistance (V) when providing at least the minimum

amount of shear reinforcement is given by:

1
V. = 0.0351¢, (fc'pwEF;—’;d) " b, d [3.19]

where;
pw - FRP longitudinal reinforcement ratio (%)
Eg: Elastic modulus of longitudinal FRP reinforcement

Vg factored shear force at section under consideration

M factored bending moment at section under consideration
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Provided that I/, does not exceed the limit of 0.2A¢../f/b,,d and shall not be taken less
14
than 0.14¢.+/f. b, d, the value ( M—f d ) should not be taken as larger than 1.0 (Clause
f

8.4.4.4, CSA/S806-02). It should be noted that the CSA/S806-02 is more conservative
than the CSA/S806-12 with respect to the design of shear where the concrete contribution
in the CSA/S806-02 is less than in Clause 8.4.4.5 in the CSA/S806-12. This in turn

results in slightly larger transverse reinforcement area.

However, recent studies on GFRP reinforced beam-column joints showed a considerable
amount of deformability in beam section at column face (Hasaballa et al. 2011, Mady et
al. 2011). The concrete deformations in this section reduce the contribution of concrete in
resisting shear forces applied on the beam section. Therefore, it is conservatively
assumed no contribution of concrete in resisting shear forces in beam section (i.e. V¢ = 0).
Meanwhile, contribution of concrete can be in effect when calculating shear capacity of
column section. Similar approach is also allowable by CSA/A23.3-04 for steel-reinforced

beam-column joints. Accordingly, the shear force applied to the beam section is resisted
by the transverse reinforcement only (Vg). For shear design of beam section Equation
3.18 is proposed to be:

V= Vsp [3.20]

Then, the minimum amount of transverse reinforcement given by Clause 8.4.5.2,

CSA/S806-02

0.3Vf! byS
Av,min = fCTW [3.21]
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Where;
A, Area of shear reinforcement perpendicular to the axis of a member within the
distance S

S: Spacing of shear reinforcement, measured parallel to the longitudinal axis of the

member

fen: design stress of the transverse FRP reinforcement = ¢y, * frrpay » OF the

stress corresponding to a strain of 0.004 in the FRP, or the stress corresponding

to the failure of corners, hooks, bends, and laps, whichever is least.

It should be noted that the CSA/S806-12 is far less stringent in determining the minimum

shear reinforcement as per Clause 8.4.5.1 which requires that
0.07+\/f; byS
Av,min = L [3.22]
0.4fFy

Where fg, shall not be taken greater than 1200 MPa or the stress corresponding to a

strain of 0.005 in the FRP stirrups.

The comparison between Equation [3.22] and Equation [3.21] shows that the CSA/S806-
02 requires minimum shear reinforcement approximately double what is required by the

CSA/S806-12.

Based on the research done by Shehata et al. (1999), the I1SIS manual No.3-2007 (ISIS

Canada 2007) provides two expressions to calculate the strength of the stirrups based on
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the stirrup configurations. Equation 10.1 in ISIS manual No.3 accounts for the radius of

the bent and the embedment length as follows,

Uy
(0.4+0.015 fd:d) frrpu [3.23]
Frp: Smaller of
i
(0.05 2 03) frrpu [3.24]
where;

lrrpa+ FRP stirrup tail length measured after the bent part

d,. Effective bar diameter

1. Radius of bent portion of FRP stirrup

Then the contribution of the FRP shear reinforcement V. is given by Clause 8.4.4.6,

CSA/S806-02

0.4 F Ay f frpu d
Vip = ’; B [3.25]

The next step in the design is to check the confinement requirement in columns. As per
CSA/S806-02, Clause 12.7, Reinforced concrete columns in seismic regions should be

confined with transverse reinforcement of at least what is given by:
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where;

— fe (A _ 1\ 5_Pr
App = 145 he 2= (AC 1) yeor [3.26]

L>02 (j—i—l)zo.s

ro

hcoh
K, = 0.15 ?CS—C > For rectilinear transverse reinforcement
\ S st

where, h.: Cross-sectional dimension of column core

Ay Gross area of section

A, Cross-sectional area of the core of a compression member measured to the
centreline of the perimeter hoop or spiral

&: Design lateral drift ratio (i.e., horizontal drift / building height)

Py Factored axial load

P,.,: factored axial load resistance at zero eccentricity

K_: Confinement coefficient

S;: Spacing of tie legs or the spacing of grid openings in the cross-sectional

plane of the column

It should be noted that the CSA/S806-12 uses similar expression to that in Equation

[3.26] to calculate the transverse reinforcement required for confinement; however, it

results in lower reinforcement area as discussed later in Chapter 9.

The spacing of transverse reinforcement should not exceed the limit allowed by Clause

12.7.2, CSA/S806-02 which is expressed by:

1.  One-quarter of the minimum member dimension;

2. 150 mm;
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3. 6 times the diameter of the smallest longitudinal bar; or
4.  The requirements of Clauses 8.4.3.2 and 8.4.3.3. (i.e. shear design for

sections).

It should be noted that the CSA/S806-12 adopted the same provisions regarding the
maximum spacing of the transverse reinforcement as per Clause 12.7.5.2 which refers

back to Clause 12.7.3.5.

3.3.3 Joint Resistance and Applied Shear Force

It is well established that the amount of transverse reinforcement in a joint should not be
less than the amount provided in the column to which the joint is connected. Although
CSA/S806-02, and CSA/S806-12, Clause 12.7, provide confinement provision for
columns in seismic regions, however, it has no provisions to check the shear resistance of
joints when this confinement provision is fulfilled. This is attributed to the lack of
research and experimental data in this area. On the other hand, the CSA A23.3-04 (CSA

2004), for steel reinforced concrete, limits the factored shear resistance of joints in terms

of /£, as per Clause 21.5 as follows;

a. 2.2A¢./f.A; = For confined joints,

b. 1.6A¢C\/TC'AJ- =>» For joints confined on three faces or on two opposite

faces,

C. 1-3l¢c\/7£Aj => For other joints.
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Where; A; is the Cross-sectional area of the joint, f. is the characteristic compressive

strength of concrete.

Therefore, one of the main objectives of this study is to fill this gap in the CSA/S806 and

establish an expression for the shear capacity of exterior beam-column joint that takes

\/E into consideration through testing specimens under different shear stress levels in the

joints.
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CHAPTER 4

EXPERIMENTAL PROGRAM

4.1 INTRODUCTION

Anchorage of reinforcement bars depends mainly on the surface condition of the bar as
well as detailing condition at the bar end. For deformed GFRP reinforcement, anchorage
is achieved by mechanical bond due to concrete bearing on ribs along the bar length.
However, for sand-coated GFRP bars anchorage is achieved by means of chemical bond
and frictional resistance against slip. Regarding the detailing condition of the bar end,
anchorage can be achieved by means of bearing on bent portions (i.e. hooks) or even by

bearing on anchorage heads attached to the far end of the bar.

Proper anchorage of beam longitudinal reinforcement is essential for reinforced concrete
beam-column joints subjected to seismic loading to ensure full interaction between
reinforcement and concrete. In general, reinforcement slippage in interior beam-column
joints is not as critical as in exterior joints due to continuity of longitudinal reinforcement
in both sides of flexural critical sections at beam ends. On the other hand, due to the
discontinuity nature of the beam, exterior beam-column joints may exhibit anchorage loss
of beam longitudinal reinforcement embedded in the joint when sufficient development
length is not provided. In most cases, development length required for longitudinal beam
reinforcement in exterior beam-column joints may be larger than the column depth
required in the direction of bar development. In steel reinforced concrete frames, standard

90-degree hooks are commonly used to anchor beam longitudinal bars within an exterior
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beam-column joint. However, the drawback of using this approach with FRP reinforced
beam-column joints is the tensile strength reduction of FRP bent bars due to fibre
bending as explained before in Chapter 2. Also in case of GFRP-headed bars the slip of
end bearing-head from the bar should be considered. Accordingly, detailing of beam
longitudinal bars embedded into exterior beam-column joint was investigated in this

research study to achieve anchorage of beam longitudinal reinforcement.

When full anchorage of beam longitudinal reinforcement is achieved, the flexural
capacity of the beam section is developed. As discussed before in Chapter 3, Section 3.2,
the tensile and compressive forces developing the flexural capacity of the beam section
on the column face generate horizontal shear forces in the joint (V;,). As explained earlier
in the literature review presented in Chapter 2, it has been well established that the
structural behaviour of exterior beam-column joints is influenced by many factors. These
factors importantly include, but not limited to, flexural strength ratio, shear stress in the
joint, confinement reinforcement in the joint, characteristic concrete strength, presence
of axial load on the column and geometry of the joint with respect to the attached
structural members. Moreover, the Canadian codes CSA/S806-02 (CSA 2002) and
CSA/S806-12 (CSA 2012) in Clause 12.7 specify the amount and placement of FRP
stirrups required for confinement of columns located in seismic regions. However, due to
the lack of research, it doesn’t specify or evaluate the shear capacity of the beam-column
joint when the joint is confined according to this clause, Clause 12.7. Accordingly, the
shear capacity of exterior beam-column joints fulfilling Clause 12.7 was investigated

experimentally and analytically in this research.
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The experimental program includes design, construction, and testing of ten full-scale test
prototypes representing an exterior joint in a multi-storey RC structure where moment
resisting frames are the major seismic force resisting system. In a frame structure, during
an earthquake, inertia forces are transferred from one floor to another through the
columns. In most cases, columns are subjected to opposite and approximately equal
horizontal forces and moments at both column ends. As a result, the points of contra-
flexure occur very close to the column mid-height and at mid-span of the beams as shown
in Figure 4.1. Consequently, test prototypes simulate isolated beam-column joints from
an end bay between the assumed points of contra-flexure located at the mid-height and

mid-span of the column and the beam, respectively as shown in Figure 4.2.

Figure 4.1: Straining actions under lateral loads
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Figure 4.2: Simulated test specimen

4.2 DETAILS OF THE EXPERIMENTAL PROGRAM

The experimental phase consists of two series (I and 1) to study the seismic behaviour of
ten exterior beam-column joint specimens as shown in the test matrix in Figure 4.3.
Series (I) was designed to study the anchorage detailing of longitudinal beam
reinforcement inside the joint. Combinations of two anchorage schemes of beam
longitudinal reinforcement (bent bars and headed bars) along with two different bar
surface-conditions (sand-coated surface and deformed/ribbed surface) were investigated.
This combination of variables resulted in four specimens (I-B-S, 1-B-D, I-H-S, and I-H-
D) as shown in Figure 4.3. It should be noted that 10-M steel stirrups were used as a

transverse reinforcement in all Series (I) specimens.

Series (I1) was designed to study the influence of concrete strength on the behaviour
when the joint is subjected to various levels of shear stresses. Two different concrete

strengths; normal strength (30 MPa) and high strength (60 MPa), in combination with
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three different shear stress levels in joint were studied; Low shear level (0.70./f'.),

moderate shear level (0.85 \/ﬁ), and high shear level (1.0 \/E). Combinations of the
two concrete strengths and the three shear stress levels generated six specimens as shown
in Figure 4.3. These six specimens were divided into two groups based on the concrete
strength; the first group consisted of three specimens (11-30-0.7, 11-30-0.85, and 11-30-1.0)
using normal strength concrete (30-MPa) and subjected to the three shear stress levels
discussed above. Similarly, the second group consisted of three specimens (11-60-0.7, I1-
60-0.85, and 11-60-1.0) subjected to the same shear stress levels applied in the first group,

while using higher concrete strength (60-MPa).

Experimental phase
(10 specimens)

Series I Series 11
GFRP bars & Steel stirrups GFRP bars & GFRP stirrups
(4 Specimens) (6 Specimens)
Beam reinforcement Evaluate the shear capacity of
detailing within the joint GFRP-RC beam-column joints

Bentbars Headed bars Concrete strength Concrete strength

(30 MPa) (60 MPa)
Sand-coated Deformed bars Low shear stress  Moderate shear ~ High shear stress
bars (Ribbed) 0.71'0) stress (O.SSE) (1.0/f'2)

Figure 4.3: Schematic diagram for test matrix
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The experimental phase of this study including design of specimens, materials,
reinforcement details, construction, instrumentation, and testing procedure are discussed

in the following sections.

4.2.1 Design Procedure

The design of the GFRP-reinforced concrete specimens was carried out according to the
proposed design procedure discussed earlier in Chapter 3. Specimens were designed to
follow the strong column-weak beam concept with a column-to-beam flexural strength
ratio larger than 1.4. The deformable concrete crushing failure in the beam section near
the column face was considered by providing a longitudinal reinforcement ratio, in the
beam, larger than the balanced one. Detailed design calculations of two specimens are

presented in Appendix A.

4.2.2 Material Properties

4.2.2.1 Concrete

All test specimens were constructed using normal-weight, ready-mixed concrete with a
targeted 28-day concrete compressive strength of 30 and 60 MPa and a maximum
aggregate size of 20 mm. All test specimens were cast and wet-cured in the laboratory for
7 days as shown in Figure 4.4. On the day of testing, the concrete compressive strength
was determined based on the average value of compressive tests carried out on standard
cylinders of 100 x 200 mm. The average compressive strength of the concrete on the day

of testing for Series (I) and (I1) specimens is shown in Tables 4.3 and 4.4, respectively.
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Figure 4.4: Specimens curing in the structural laboratory

4.2.2.2 Reinforcement

Three types of reinforcing bars were used in this study; CSA grade 400 deformed black

steel bars, deformed GFRP COMBAR™ (Schoeck Canada Inc. 2014) and sand-coated

GFRP V-ROD™ (Pultrall Inc. 2014). The mechanical properties of the GFRP

reinforcement were determined experimentally, as shown in Tables 4.1 and 4.2,

according to CSA/S806-02 (CSA 2002).

Table 4.1: Mechanical properties of sand-coated bars

Bar Diameter Area Tensile Elastic Ultimate
Configuration designation|  (mm) (mm?) strength | Modulus strain
g (MPa) (GPa) |(micro-strain)
Straight #5 15.92 198 1310 64 20470
Bent #6 19.05 285 910 50 18200
Table 4.2: Mechanical properties of deformed/ribbed bars
Bar Diameter Area Tensile Elastic Ultimate
Configuration . 2 strength | Modulus strain
designation|  (mm) (mm?©) (MPa) (GPa) | (micro-strain)
Straight D16 16 200 1100 60 18333
Bent @ 20 20 314 900 45 20000
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4.2.3 Test Specimens

The overall concrete dimensions of the test specimens are shown in Figure 4.5. The beam
measured 2100-mm long, 350-mm wide and 450-mm deep, while the column measured
3650-mm long with a 350-mm wide and 400-mm deep. Specimens were reinforced with

GFRP bars as longitudinal reinforcement for the beam and the column.

400 mm

&

2100 mm

}450 mm

/ﬁ’/SD mm

3650 mm

Figure 4.5: Typical concrete dimensions of test specimens

4.2.3.1 Series (I) specimens

Series (I) consisted of four specimens (I-B-S, 1-B-D, I-H-S, and I-H-D) and was designed
to study the anchorage schemes of beam longitudinal GFRP reinforcement imbedded
inside the joint under seismic loads. The specimens in this series were identified where
the first character stands for the series name (I); the second represents the anchorage

scheme; (B) for bent bars and (H) for headed bars, while the third term represents the bar
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surface-condition; (S) for sand-coated and (D) for deformed ribbed bars. For example,
Specimen 1-H-S belongs to Series (I), headed bars were used as beam longitudinal
reinforcement, and the surface condition of the longitudinal reinforcement is sand-coated.
It should be noted that specimens constructed with bent bars, namely I-B-S and I-B-D,
will be collectively referred to as Specimens I-B-x; while those constructed with headed
bars, namely I-H-S and I-H-D, will be collectively referred to as Specimens I-H-x.
Similarly, regardless the anchorage scheme, specimens with similar bar-surface condition

will be referred to as I-x-S and I-x-D.

All specimens in Series (1) were reinforced with GFRP bars as longitudinal reinforcement
and steel stirrups as transverse reinforcement. The Reinforcement details and photos of
Series (1) specimens are shown in Figures 4.6 and 4.7, respectively. The flexural design
of the specimens was carried out according to the CSA/S806-02 (CSA 2002), while the
required amount of transverse steel reinforcement was calculated based on CSA/A23.3-
04 (CSA 2004). The design characteristics of Series (1) specimens are shown in Table 4.3.
It should be mentioned that the values of stresses and strengths in Table 4.3 were
calculated based on the values of concrete strength on the day of testing of each
specimen. The reinforcement details and photos of reinforcement cages before concrete

casting of specimens are shown in Figures 4.8 and 4.9, respectively.
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(b) Specimens I-H-S
Figure 4.6: Reinforcement details of Series (1) specimens (continued)
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(d) Specimens I-B-S

Figure 4.6: Reinforcement details of Series (I) specimens
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(b) Specimen I-H-S

Figure 4.7: Photos of reinforcement configuration of Series (1) specimens (continued)
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(d) Specimen I-B-S

Figure 4.7: Photos of reinforcement configuration of Series (1) specimens
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Table 4.3: Design characteristics of Series (1) specimens

Notes:

Series (1)
Specimen ID I-H-D I-B-D I-H-S I-B-S
* No. of bars
TeB 416 420 416 420
Bar surface Deformed Sand coated
c | End Anchorage | Headed bars | Bent bars | Headed bars | Bent bars
(3}
B | ** prro/Prar 1.78 2.14 1.84 1.65
Calculated Bar
stress (MPa) 800 595 937 685
Flexural
capacity (kN.m) 232 271 274 284
No. of bars 10¢ 16 109 16
Applied axial
load (KN) 650 650
= +
g Flexural 185 206 223 221
8 capacity (KN.m)

Transverse . .
reinforcement. 10M steel stirrup 10M steel stirrup
Spacing (mm) 90 90

ABURISIEIE g 152 1.63 156
ratio
— | Joint shear stress 4.09 4.78 477 5.21
©
3 il 074, | 079Jf. | 0.75Jf. | 0.83Jf.
O | conc. strength
(MPa) 30.5 36.5 40.5 39.8
Failure mode Compression failure Compression failure

* No. of bars T&B: refers to the number of bars used at each the top and bottom side of the beam, see

** pf,p/ Poa - IS the ratio between the provided reinforcement ratio to the balanced reinforcement ratio;

figures of reinforcement details;

+
Flexural capacity: is calculated using the applied axial load in the moment-axial interaction diagram of

the column.
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4.2.3.2 Series (Il) specimens
Series (I1) consisted of six specimens (11-30-0.70, 11-30-0.85, 11-30-1.0, 11-60-0.7, 11-60-
0.85, and 11-60-1.0). It was designed to study the shear capacity of the joints and the

influence of concrete strength on the overall structural behaviour under seismic loading.

Three different levels of shear stresses in the joint (0.70 \/f'. , 0.85+/f'. ,and 1.0 {/f",)
and two concrete strengths (30 MPa and 60 MPa) were investigated. Series (II)
specimens were reinforced with GFRP bars as longitudinal reinforcement and GFRP

stirrups as transverse reinforcement.

The specimens in this series were identified where the first character stands for the series
name (I1); the second represents the concrete strength; (30) for 30 MPa concrete strength,

and (60) for 60 MPa concrete strength. The third term represents the y factor for shear

stress in the joint as a multiple of \/ ', where f. is the concrete strength in MPa unit. For

example, Specimen 11-60-0.85 is a specimen belongs to Series (I1), concrete strength is 60

MPa, and the shear stress in the joint is 0.85/f’. MPa. It should be mentioned that
specimens constructed with the lower strength concrete, namely 11-30-0.7, 11-30-0.85, and
[1-30-1.0, will be referred to as Specimens 11-30-xx; while those constructed with higher
concrete strength namely 11-60-0.70, 11-60-0.85, and 11-60-1.0, will be referred to as II-
60-xx. Similarly, specimens subjected to the same level of shear stress in the joint will be

referred to as I1-xx-0.70, 11-xx-0.85, and 11-xx-1.0.

The design for longitudinal and transverse reinforcement was carried out according to the

CSA/S806-02 (CSA 2002). The amount of beam longitudinal reinforcement was selected
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and designed such that the tensile forces developed in the bars can apply the required
level of horizontal shear stresses required to be investigated in the joint. Table 4.4
summarizes the design characteristics of each specimen in Series (I1). It should be
mentioned that the values of stresses and strengths in Table 4.4 were calculated based on
the values of concrete strength on the day of testing. The reinforcement details and photos
of cages before concrete casting of Series (II) specimens are shown in Figures 4.8 and

4.9, respectively.

A
.3 —I_-
o — B 4¢16 mm
28 $12 @100 mm
e
= - /14416 mm @
B B 1 L350 |
1
Sec A-A
12 $16 mm
o $12@90 mm
A

(a) Specimen 11-30-0.70

Figure 4.8: Reinforcement details of Series (1) specimens (continued)
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(2] L& /
N - _/J F
400 S
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(b) Specimen 11-30-0.85
A
30 —I_~
= 816 mm
e $¢12 @100 mm
g
- u 8416 mm @
Bi" ] ‘tB 1. 350
A Sec A-A
12 16 mm
2 $12@90 mm
) E=

(c) Specimen 11-30-1.0

Figure 4.8: Reinforcement details of Series (I1) specimens (continued)
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(e) Specimen 11-60-0.85

Figure 4.8: Reinforcement details of Series (I1) specimens (continued)
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350

2 8416 mm
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|
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(f) Specimen 11-60-1.0
Figure 4.8: Reinforcement details of Series (11) specimens
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(b) Specimen 11-xx-0.85 and Specimen II-xx-1.0 before concrete casting

Figure 4.9: Photos of reinforcement cages of Series (I1) specimens
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Table 4.4: Design characteristics of Series 11 specimens

Series (1)
Specimen ID | 11-30-0.70 | 11-30-0.85 | 11-30-1.0 | 11-60-0.70 | 11-60-0.85 | 11-60-1.0
* No. of bars
o 4416 5416 8916 4916 5616 8916
Bars 2 rows 2 rows
configuration one row one row (4+4) one row one row (4+4)
= | End Anchorage Headed bar Headed bar
©
@ | xx Prrp/Pral 1.5 2.09 3.31 1.16 1.42 2.38
CEBIEER EET ] o 728 | 600&538 | 1008 900 | 712 & 643
stress (MPa)
Flexural
capacity (kN.m) 260 262 309 300 332 376
No. of bars 129 16 124 16
Applied axial
load (kN) 650 800
c +
£ Flexural 225 205 216 267 272 272
S | capacity (kN.m)
O Transverse
reinforcement. | 3 branches ¢ 12 mm (each direction) | 3 branches ¢ 12 mm (each direction)
(GFRP)
Spacing (mm) 90 70
FISTEL SIEein g 2. 1.56 1.40 1.78 1.64 1.45
ratio
— | Joint shear stress 4.52 4.66 5.86 5.15 5.80 7.0
E (MPa) 7 7 7 7 7 7
g 0.73\/f'. | 0.82y/f'. | 098Jf'. | 0.72\f,. | 0.80/f". | 0.97/f.
O | conc. strength
(MPa) 37.9 32.6 35.6 51.3 52.6 52.6
Failure mode Compression failure Compression failure
Notes:

* No. of bars T&B: refers to the number of bars used at each the top and bottom side of the beam, see

figures of reinforcement details;

** pf,p/ Poa - IS the ratio between the provided reinforcement ratio to the balanced reinforcement ratio;

+
Flexural capacity: is calculated using the applied axial load in the moment-axial interaction diagram of

the column.
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4.2.4 Test Set-up

All specimens were tested while the column was lying horizontally and the beam is
standing vertically; 90-degree rotated position from the actual condition. The cyclic load
was applied at the tip of the beam as shown the schematic drawing in Figure 4.10. A fully
dynamic actuator, 1000 KN capacity and 500 mm stroke, was positioned horizontally
against a rigid RC reaction wall. The actuator is tied to the tip of the beam to apply the
simulated seismic loading scheme. Also, 1000 kN capacity hydraulic jack was positioned
horizontally at one of the column ends at the centre of the column cross section. A
constant axial compression force of approximately 15% of A ;" ; where A is the column
cross-sectional area, and f.’ is the concrete strength, was applied to the column during

testing.

A heavy strong reaction steel frame was pre-stressed to the strong floor at the other end
of the column to sustain the column reaction against the hydraulic jack load. The two
ends of the column were restrained against both vertical and horizontal displacements
meanwhile their rotations were allowed (hinged boundary conditions). The column was
restrained in the vertical direction over two roller supports, one at each end. Each end was
tied down to the strong floor to prevent the vertical displacements. The column axial load
was secured to be at the center of the cross section during the entire test through two steel
hinges located between the column ends and both the hydraulic jack and reaction frame.
Two heavy steel plates, 40-mm thick each, were fixed to the column faces at both ends
(using steel threaded anchors embedded in concrete while casting) to prevent

concentration of stresses on concrete. Photos of the test setup are shown in Figure 4.11.
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Figure 4.10: Schematic drawing for test set-up

(a) Actual test setup

Figure 4.11: Photos of the used setup (continued)
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(b) Axial load application

(c) Hinged boundary conditions (d) DAQ and actuator controller

Figure 4.11: Photos of the used setup
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4.2.5 Instrumentation

Instrumentations were designed to monitor the behaviour of the specimens during the test
by providing a real-time recording of applied loads, displacements, and strains using a
computerized DAQ system. Both internal and external instrumentation were implemented
to monitor the behaviour during the test. A large number of strain gauges were mounted
on longitudinal and transverse reinforcement at critical locations to detect strains during
testing. Moreover, a group of load cells and linear variable displacement transducers
(LVDTs) were also used to monitor the behaviour. Details of instrumentations are

discussed in the following section.

4.25.1 Load Cells

Two load cells were used to measure the applied loads on the tested specimens. The first
load cell was attached to the actuator to measure the applied lateral force on beam tip.
The second load cell was attached to the hydraulic jack to monitor the applied axial force

on column as shown before in Figure 4.11(b).

4.25.2 Linear Variable Differential Transducers (LVDTS)

When applying lateral displacement to the beam tip during testing, the exhibited drift
values can be divided into four main components. These components are: (1) rotation in
the anticipated beam plastic hinge zone; (2) rotation due to local slippage and large
strains developed in the beam bars within the joint; (3) rotation due to overall column

rotation; and (4) distortion of the joint.
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A group of eight linear variable differential transducers (LVDTSs) were used for rotation
measurements. To measure the rotation of the beam relative to the column, a set of two
LVDTs were attached vertically on both sides of the beam to the top surface of the
column. The distance between those two LVDTs was set to be 500 mm as shown in
Figure 4.12. During lateral displacement of the beam tip, the length of one of the LVDTs
will expand while the opposite one may contract. The difference between the readings of
the two LVDTs divided by their horizontal spacing (i.e. 500 mm) results in the relative

rotation of the beam.

500
1
I R
3 8 -

‘— Column g

Figure 4.12: LVDT-set for measuring beam relative rotation

Also, a set of two LVVDTSs were attached vertically on both sides of the beam, as shown in
Figure 4.13, to measure the rotation of the plastic hinge region in the beam. The distance
between those two LVVDTs was set to be 500 mm and the same procedure for measuring

the plastic hinge rotation was followed as described previously.
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L 500 N
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Figure 4.13: LVDT-set for measuring beam plastic hinge rotation

Rotation of column will be monitored using two vertical LVDTs spaced at a distance of
300 mm from the vertical axis of the beam as shown in Figure 4.14. The same procedure

in calculating the rotation was followed as in previous sections.

=~  Column

300 300

LVDT
2
S |
LVDT

P

3

Figure 4.14: LVDT-set for measuring column rotation
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In order to measure the distortion of the joint; two LVVTDs are attached diagonally to the
joint, as shown in Figure 4.15. The distortion value (y) can be calculated from the

LVTDs readings as shown in Figure 4.16 by substituting in the following equation:
5-8'
Y= (tana + cota) [4.1]

Where &, 8" are readings of LVDTs where elongations have positive sign;
[ : Initial distance between mounting rods;

« : Initial inclination of L\VVDTs to the horizontal.

’ 6/
\6/2 //"2,
S~ _ - = — 7
= 1 /
/ X = /
| a = =
/
/ 1 -3
/ Z = 7
= = re)
b/ljf p = > \/2
/ 1 —
e — = = -
v

Figure 4.16: Joint distortion
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Also, high accuracy (0.001 mm) LVDTs were attached to the concrete surface of the
column to monitor slippage of longitudinal beam reinforcement in all test specimens

reinforced with straight headed bars as shown in Figure 4.17.

Beam—_

Column

LVDT LVDT

Figure 4.17: LVDTs for measuring bar slippage

4.25.3 Strain Gauges

Many strain gauges were mounted on both longitudinal and transverse reinforcement at
critical locations to monitor strains induced by seismic loading. Figure 4.18 shows eleven
locations of mounted strain gauges on the longitudinal bars to monitor strains due to
flexural behaviour in both of the column and the beam. Developed strains in transverse
reinforcement under shear stresses are monitored at eight locations where shear cracks
were anticipated. Figure 4.19 shows a schematic drawing for instrumentation of strain
gauges at locations at which critical strains are expected in stirrups. Although strain

gauges were coated and protected, duplication of strain gauges was essential to ensure

89



Chapter 4 — Experimental Program

continuous monitoring of strains in case of any damage occurs to the strain gauge while

test operation.

Figure 4.18: Strain gauge locations on longitudinal bars

)
®
g L ] ]
Beam
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{!
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&

Figure 4.19: Strain gauge locations on stirrups
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4.2.6 Seismic loading Scheme and Test Procedure

As reported by many researchers (Hakuto et al. 2000; Ghobarah and EIl-Amoury 2005,
Chun et al. 2007), the loading process consisted of two loading phases. The first phase
was carried out at a load-controlled mode, while the second phase was at a displacement-
controlled mode. At the first loading phase (load-controlled), specimens were subjected
to a loading cycle of amplitude equal to 25.0 kN to detect the cracking load and test the
instrumentations. Then, another loading cycle represents service loading conditions (i.e.
corresponding to 25.0% of the GFRP ultimate tensile strain for test specimens) was

applied as shown in Figure 4.20.

As per the ACI Committee 374 report on the acceptance criteria for moment frames
based on structural testing (ACI-374.1 2005), the second loading phase was applied under
a displacement-controlled mode at a rate of 0.01 Hz, quasi-static type-loading as shown
in Figure 4.21. It is simply consisted of applying a variable amplitude displacement
cycles (represents increasing drift ratio) in several steps. Each step consisted of three
identical (constant amplitude) displacement cycles, in order to ensure stable formation of

cracking pattern.

The first step (i.e. the first three cycles) had a displacement-amplitude equal to 17.6 mm
at the beam tip. This displacement was adopted from a previous study done by the
researcher (Hasaballa 2009). It corresponds to the yielding displacement of beam
longitudinal steel reinforcement (A,) for a specimen reinforced with steel and had the

same flexural strength characteristics of the tested specimens. According to ACI
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Committee 374 report (ACI-374.1 2005), the ratio between the displacement amplitudes
of any two consecutive seismic loading steps should be in the range of 1.25 to 1.50.
Therefore, the displacement amplitude of each subsequent step was a multiplier of the
yield displacement; 1.27A,, 1.92 Ay, 2.53 Ay, 3.80 Ay, 5.07 Ay, and 6.30 A,,. The adopted
loading history represented a drift ratio of values 0.8 %, 1.0 %, 1.5 %, 2.0 %, 3.0 %, 4.0
%, and 5.0 %. After certain seismic loading steps, one loading cycle with peak load equal
to the service load condition was applied under a load-controlled mode in order to assess
the stiffness degradation of the test prototype due to applying the prescribed seismic

loading scheme, if any.

o]
o

D
o

z

40
=3 25 Service load
B 2
- Time (min)

0 7 7 7 T
5 10 15 20 25 30 35 40
-20
-25
-40 Service load

60 F

-80

Figure 4.20: First loading phase - load-controlled mode
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Figure 4.21: Second loading phase - displacement-controlled mode
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CHAPTER S5

EXPERIMENTAL RESULTS OF SERIES (1) SPECIMENS

5.1 INTRODUCTION

This chapter presents the analysis and discussion of the experimental results of testing
Series (I) specimens. This series was designed to study the anchorage detailing of
longitudinal beam reinforcement inside the joint. A combination of two anchorage
schemes of beam longitudinal reinforcement (bent bars and headed bars) along with two
different bar surface-conditions (sand-coated surface and deformed/ribbed surface) was
investigated. This combination of variables resulted in four specimens (I-B-S, I-B-D, I-H-

S, and I-H-D).

It should be noted that Specimen I-B-D was reconstructed and retested. When constructed
the first time, Specimen 1-B-D0O was reinforced with longitudinal bent bars that are not
long enough to cover the whole length of the beam due to some manufacturing restriction
at the time of construction. Therefore, the beam longitudinal reinforcement was spliced
within the beam length. During testing, Specimen I-B-D0 showed no consistency
between the lateral load resistances in the reversed loading directions. Therefore it was
decided to disregard that specimen and reconstruct it using full-length longer longitudinal
bent bars that have been made available at later time. Reinforcement details and results of

Specimen I-B-D0 are presented in Appendix B.
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5.2 LOAD-LATERAL DRIFT RESPONSE (HYSTERETIC BEHAVIOUR)

Plots of the hysteresis diagrams which represent the relationship between the applied
lateral load and the drift ratio of the beam tip are shown in Figure 5.1. The drift ratio was
calculated as the ratio between the horizontal displacement of the beam end at the point
of load application and the distance from the point of load application to the column
centreline (i.e. 2200 mm). It should be noted that the positive values of lateral load reflect
the beam lateral resistance when the actuator pushes the beam tip, while the negative

values reflect the resistance in the other direction (pulling).

As shown in Figure 5.1, the measured hysteresis loops for all specimens demonstrated a
typical stable elastic-linear response up to a drift ratio of 4.0%, where all specimens
reached their calculated design capacity and then followed by a non-linear behaviour and
lateral resistance drop in different forms for different specimens. For Specimen 1-B-D,
during the 5.0% loading drift and specifically at 4.6% drift ratio, the specimen
experienced sudden drop in the lateral load resistance as shown in Figure 5.1(a). This
drop in resistance is attributed to the slippage of the beam longitudinal headed-bars
anchored in the joint due to failure of the anchorage heads attached to the end of the bars.
Despite of the failure occurred in the anchorage heads, the specimen was still able to
resist approximately 50.0% of its designed capacity during the rest of the 5.0% drift ratio

loading cycles, dropped to 30% of the design capacity at negative side of loading.

On the other hand, Specimen I-B-D showed an increase in its lateral resistance during the

5.0% drift ratio and sustained its lateral resistance up to the first cycle of 6.0% drift ratio
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as shown in Figure 5.1(b). The specimen thereafter showed a non-linear behaviour and
gradual degradation of the lateral load resistance until it reached approximately 60% of
its design capacity by the end of the 6.0% loading drift. The specimen showed an increase
in the pinching distance from 19 kN at 3.0% drift ratio to 35 kN at 6.0% drift ratio. This
IS attributed to the non-linear deformation of the concrete in the beam section at column

face.

Moving to the two specimens reinforced with sand-coated bars, Figure 5.1(c) shows that
Specimen I-H-S was able to withstand the loading drifts up to 5.0% drift ratio with no
loss of lateral resistance. During the first cycle of 6.0% loading drift, the specimen
exhibited sudden drop in the lateral resistance due to failure of the anchorage heads in the
joint. The lateral resistance of the specimen did not diminish completely due to this
anchorage failure; however, the specimen was able to resist 60% of its design capacity by

the end of the test after completing the three cycles of 6.0% loading drift.

Regarding Specimen 1I-B-S, Figure 5.1(d) shows that the specimen had the characteristic
elastic-linear behaviour up to 4.0% drift ratio followed by a non-linear behaviour till the
end of the test. After 4.0% drift ratio, the specimen continued to resist higher values of
lateral loads up to the first cycle of 6.0% loading drift then a gradual degradation in the
lateral resistance happened until the end of the test at 7.0% drift ratio. The non-linear
behaviour of the specimen can be observed in the pinching distance which increased from

24 kN at 4.0% drift ratio to 40 kN at 7.0% drift ratio.
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(b) Specimen I-B-D

Figure 5.1: Load-Lateral Drift relationship for Series (I) specimens (continued)
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Figure 5.1: Load-Lateral Drift relationship for Series (I) specimens
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Figure 5.2 shows the normalized envelopes of load-lateral drift relationships for all Series
(1) specimens. As a result of the difference in the flexural design capacity of the beam
sections of the specimens, the lateral load values resisted by each specimen were
normalized to the specimen’s design capacity shown before in Chapter 4, Table 4.3. To
evaluate the structural performance of the headed bars in comparison with the bent bars,
the envelopes of specimens reinforced with deformed bars (I1-x-D) are shown in Figure
5.2(a) and those reinforced with sand-coated bars (I-x-S) are shown in Figure 5.2(b).
Figures 5.2(a) and (b) show that the behaviour of specimens reinforced with headed bars
was identical to their counterparts reinforced with bent bars. All specimens reached or
exceeded their design capacity at 4.0% drift ratio; however, specimens reinforced with
headed bars experienced failure earlier than those specimens reinforced with bent bars.
This is attributed to the slippage failure of the anchorage heads; however, after
withstanding the design capacity. In general, it can be said that the performance of those
specimens reinforced with headed bars was comparable to those reinforced with bent bars

in terms of achieving the flexural design capacity.

The influence of the reinforcement surface condition, deformed and sand-coated, can be
obtained from Figures 5.2(c) and (d) which show the normalized envelopes for specimens
with headed bars (I-H-D and I-H-S) and those with bent bars (I-B-D and I-B-S),
respectively. The figures show that specimens reinforced with deformed bars
outperformed those reinforced with sand-coated bars in terms of exceeding the designed
lateral load resistance. On the other hand, the specimens reinforced with deformed bars

exhibited failure at earlier loading drifts compared to those reinforced with sand-coated
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bars. In general, it can be noted that the reinforcement surface condition has no

significant influence on the behaviour of the specimens before 4.0% drift ratio.
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Figure 5.2: Load-lateral drift relationships envelopes for Series (I) specimens (continued)
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Figure 5.2: Load-lateral drift relationships envelopes for Series (1) specimens (continued)

101



Chapter 5 — Experimental Results of Series (1) Specimens

H
N

_ Y T ’I_____
© 1 0 7 /'x— -- |
3 e g
B8 o081t o T
oG e ¢ ]
o = 7 X |
No 067 F oad %
= 74
ES o4t o
5 : X
2 ]
0.2 1 ¢
4
/
. . . . . . —0-0—¥ . . . . . . .
b -T% -6% -5% -4% -3% -2% -1% Ol 1% 2% 3% 4% 5% 6% 7% 8W
084
4 Drift Ratio (%)
X %%0.4
kot X 06
~X ol - <--1-B-D
' PR 0.8
 laled —_—;‘/’( - x--1-B-S
L 1.0 +

(d) Specimens I-B-D and I-B-S

Figure 5.2: Load-lateral drift relationships envelopes for Series (I) specimens

Table 5.1: Maximum lateral load resistance of Series (I) specimens with the
corresponding drift ratio

Specimen Paesign Pep () Powp ! Passior Drift
(kN) +vedir. | -vedir. | +vedir. | -vedir. | ratio (%)

I-H-D 116 130 117 1.12 1.01 5.0%

I-B-D 136 154 132 1.13 0.97 5.0%

I-H-S 137 146 134 1.07 0.98 5.0%

I-B-S 142 152 127 1.07 0.90 6.0%

Pdesign: Calculated lateral load resistance considering the design flexural capacity of the beam section;
Pexp: Experimental lateral load resistance;
+ve dir: The value in the positive direction when the actuator pushes the beam tip;
-ve dir.: The value in the negative direction when the actuator pulls the beam tip;

Drift ratio: The drift ratio at which the maximum experimental values in the table were observed.

1
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Evaluation of the lateral resistance of Series (I) specimens in comparison with the
calculated design capacity can be obtained from Figures 5.1 and 5.2. It is observed that
all test specimens in Series (I) not only achieved but also exceeded the ultimate design
lateral load capacity in the positive direction of loading as shown in Table 5.1. Specimen
I-H-D reached a lateral resistance that is 12% more than its design capacity at 4.0% drift
ratio and maintained this level of resistance until it significantly dropped during the 5.0%
loading drift due to anchorage slippage of beam longitudinal reinforcement. Regarding
specimen I-B-D, it reached 94% of its design capacity at 3.0% drift ratio and continued to
resist more loads until it reached a capacity that is 13% more than the design capacity.
For Specimens I-H-S and I-B-S, they both exhibited 7% higher capacity than the design
one. Their strength behaviour was similar to the one exhibited by Specimens I-H-D and I-
B-D; however with improved capability to withstand higher drift ratios as shown in Table
5.1. It should be noted that all specimens exhibited lower resistance in the negative
direction of loading (pulling) than the exhibited in the other loading direction (pushing)
which is common behaviour in cyclic reversed loading. The difference in the resistance

values between the two loading directions ranged from 8% to 14%.

5.3 CRACKING PATTERN AND MODE OF FAILURE

In all specimens, the formation and propagation of cracks were marked after each loading
step. Damage was generally expressed by the initiation and propagation of flexural and
shear cracks. Further damage and failure of specimens at the end of the tests was defined
by two modes of failure; namely, 1) formation of inelastic deformability hinge in the

beam associated with slippage of longitudinal reinforcement; 2) formation of inelastic
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deformability hinge in the beam followed by a joint shear failure. Figures 5.3 through 5.6
show the cracking progression of specimens during testing and at failure as well. The
photos presented in these figures show the same orientation of the specimens in the test
setup where the column was placed in the horizontal direction and the beam in the

vertical direction.

Figure 5.3 shows the cracking progression of Specimen I-H-D. flexural cracks showed on
the beam surface up to a drift ratio of 1.5% as can be seen in Figures 5.3(a) to (c). Up to
that level of loading, no diagonal shear cracks appeared in the joint. While increasing the
lateral-displacement loading to higher drift ratios, more flexural cracks in the beams were
initiated and developed up to failure. At 4.0% drift ratio, as shown in Figure 5.3 (f),
failure of the concrete cover on both sides of the beam was observed, which in turn refers
to the formation of inelastic deformability hinge due to concrete crushing in the beam
section near the column face. This is in a good agreement with Figure 5.1(a) which shows
the hysteresis loops of the specimen reaching the calculated design capacity at 4.0 % drift
ratio. During the first cycle of the 5.0% drift ratio loading step, a sudden drop in the
lateral loading resistance occurred as a result of anchorage slippage on both sides of beam
longitudinal reinforcement. This is attributed to the bearing failure of the anchorage heads
attached to the end of the longitudinal reinforcement. The slippage of the beam
longitudinal reinforcement resulted in formation of a wide crack on the column face at
failure as shown in Figures 5.3(h). The anchorage failure occurred in some of the bars
resulted in sudden increase of tensile stresses in the adjacent bars. This in turn resulted in

rupture failure of one bar as shown in Figures 5.3(j).
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(a) 0.8% drift ratio (b) 1.0% drift ratio

(d) 2.0% drift ratio (F) 4.0% drift ratio

(9) 4.0% drift ratio — side view  (h) 5.0% drift ratio (j) Rupture of one bar

Figure 5.3: Cracking progression of Specimen I-H-D
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Regarding Specimen 1-B-D, Figure 5.4 shows the cracking patterns at different loading
stages. Specimen I-B-D showed a stable behaviour up to 2.0% drift ratio where flexural
cracks were observed in the beam near the column face with no cracking in the joint area
as shown in Figures 5.4(a) through (d). At 3.0% drift ratio, the number and propagation
of flexural cracks increased in the beam. Also, minor diagonal cracks appeared in the

joint.

At 4.0% drift ratio, failure of the concrete cover on both sides of the beam was observed
which initiated the formation of inelastic deformability hinge due to concrete crushing in
the beam section near the column face as shown in Figure 5.4(f). This is in a good
agreement with Figure 5.1(b) which shows the hysteresis loops of the specimen
exceeding the calculated design capacity at 4.0 % drift ratio. Formation of inelastic
deformability hinge in the beam continued with increasing the lateral-displacement
loading to higher drift ratios. Meanwhile, more concrete cover failed while the specimen
maintained its lateral resistance through the 5.0% loading drift and until the first cycle of
the 6.0% drift ratio loading. Formation of inelastic deformability hinge in the beam
section extended to a distance from the column face approximately equal to the depth of
the flexural reinforcement (i.e. 400 mm). After the first cycle of 6.0% drift ratio, the
specimen showed degradation of lateral resistance mainly due to formation of major

shear cracks in the joint as shown in Figures 5.4(h) and (j).
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(a) 0.8% drift ratio (b) 1.0% drift ratio (c) 1.5% drift ratio

(d) 2.0% drift ratio (e) 3.0% drift ratio (F) 4.0% drift ratio

ik L

(9) 5.0% drift ratio (h) 6.0% drift ratio (j) 6.0% drift ratio - side view

Figure 5.4: Cracking progression of Specimen 1-B-D
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Figure 5.5 shows the cracking development of Specimen I-H-S. Development of cracks
in the first stages of loading up to 2.0% drift ratio shows that the specimen exhibited
similar behaviour to the one exhibited by Specimen I-H-D as shown in Figures 5.5(a) to
(d). Both specimens experienced flexural cracks in the beam by increasing the loading
drifts with no diagonal shear cracks appeared in the joint up to 2.0% drift ratio. Further
loading resulted in increasing the number and extension of flexural cracks in the beam
section and diagonal shear cracks in the joint. At 4.0% drift ratio, compression failure of
concrete cover of the beam section was observed, which is in agreement with Figure
5.1(c) that shows the hysteresis loops of the specimen exceeding the calculated design

capacity at 4.0 % drift ratio.

Failure of the concrete cover in the beam section continued while the specimen was
resisting more lateral loads up to the first cycle of the 6.0% loading drift. At that level of
loading the specimen suffered sudden drop of lateral resistance up to 40% of its design
capacity due to slippage of beam longitudinal reinforcement anchored in the joint. The
slippage was a result of anchorage failure of bearing heads attached to the end of the
beam longitudinal reinforcement. The anchorage failure occurred at some of the bars
resulted in sudden increase of tensile stresses in the adjacent bars. This in turn resulted in
rupture failure of two bars as shown in Figure 5.5 (k). It should be noted that by the end
of the test, the sand coating layer sheared off the GFRP reinforcement as shown clearly in
Figure 5.5(k). It worth mentioning that formation of the inelastic deformability hinge in
the beam section extended to a distance approximately equal to the depth of the flexural

reinforcement (i.e. 400 mm) from the column face.
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(a) 0.8% drift ratio (b) 1.0% drift ratio (c) 1.5% drift ratio

(d) 2.0% drift ratio (e) 3.0% drift ratio (F) 4.0% drift ratio

(9) 5.0% drift ratio (h) 6.0% drift ratio (j) 6.0% drift ratio - side view

Figure 5.5: Cracking progression of Specimen I-H-S (continued)
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Figure 5.5: Cracking progression of Specimen I-H-S

Figure 5.6 shows the cracking pattern of Specimen I-B-S during the successive loading
drifts. The specimen showed flexural cracks along the beam length with no cracking in
the joint area up to 1.5% drift ratio as shown in Figures 5.6(a) through (c). At 3.0% drift
ratio, the number and propagation of flexural cracks increased in the beam. Furthermore,
minor diagonal cracks appeared in the joint. Failure of the concrete cover on both sides of
the beam was observed at 4.0% drift ratio which initiated the formation of inelastic
deformability hinge in the beam section at the column face as shown in Figure 5.6(f).
Again, this is in a good agreement with Figure 5.1(d) which shows the hysteresis loops of

the specimen reaching the calculated design capacity at 4.0 % drift ratio.

The development of inelastic deformability hinge in the beam continued while increasing
the lateral-displacement loading to higher drift ratios; more concrete cover dropped while
the specimen maintained its lateral resistance until the 6.0% loading drift. Test ended

after completing the 7.0% loading drift where major diagonal shear cracks in the joint
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occurred, as shown in Figure 5.6(j), and significantly affected the lateral resistance of the
specimen. In general, the specimen exhibited a cracking pattern similar to the one

exhibited by Specimen 1-B-D; however, with more damaged concrete cover in the joint

area.

(a) 0.8% drift ratio (b) 1.0% drift ratio (c) 1.5% drift ratio

(d) 2.0% drift ratio (e) 3.0% drift ratio (f) 4.0% drift ratio

Figure 5.6: Cracking progression of Specimen I-B-S (continued)
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(9) 5.0% drift ratio (h) 6.0% drift ratio (j) 7.0% drift ratio

Figure 5.6: Cracking progression of Specimen I-B-S

54 LATERAL DRIFT-STRAIN RELATIONSHIP

5.4.1 Developed Strains in Beam Longitudinal Reinforcement

Electrical strain gauges were mounted on the reinforcement to capture strain values at
critical sections. Figure 5.7 shows the maximum recorded strains developed in beam
longitudinal reinforcement at the column face for each loading drift of Series (I) test
specimens. It should be noted that the strain values of the final loading stage for all
specimens could not be captured because of malfunctioning of strain gauges. The figure
shows that the strain values in all specimens didn’t reach the ultimate strain before
malfunctioning of strain gauges. All specimens exhibited the elastic-linear characteristic
behaviour of the GFRP reinforcement in flexural members. Regarding Specimens I-H-D
and I-H-S, Figure 5.7(a) shows that the two specimens exhibited similar values of tensile
strains in the longitudinal reinforcement at the same loading drift. Similar observation is

also noted for the Specimens 1-B-D and I-B-S, as shown in Figure 5.7(b).
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Table 5.2 shows the calculated and the experimental flexural capacities of the beam

section for Series (I) specimens and the corresponding strain developed in the beam

longitudinal reinforcement at the column face during the final loading drifts at 4.0%,

5.0%, and 6.0% drift ratios. Table 5.2 in conjunction with Figures 5.3(f), 5.4(f), 5.5(f),

and 5.6(f) show that the calculated strain values are in good agreement with the

experimental values developed at crushing of concrete in the beam sections when the

calculated design flexural capacity of the beam was achieved in all specimens.

Table 5.2: Maximum strains in beam longitudinal reinforcement during testing of Series
(1) specimens

Tensile strain (micro-strain)

Moment (kN.m)

Specimen ) **Experimental ) **Experimental
*Design *Design
4.0% 5.0% 6.0% 4.0% 5.0% 6.0%
I-H-D 13330 | 12710 N/A N/A 232 250 152 N/A
I-B-D 13225 | 12930 | 14350 | 15035 271 290 308 280
I-H-S 14640 | 13920 | 14730 N/A 274 276 292 160
I-B-S 13700 | 13730 | 15690 N/A 284 278 292 304

* Design values calculated using the strain compatibility when the concrete reaches an ultimate
compressive strain of 0.0035
** Experimental values obtained during testing
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(b) Specimens I-B-D and I-B-S

Figure 5.7: Maximum strain—drift ratio relationship for beam longitudinal reinforcement
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Figures 5.8(a) through (d) show the profile of the maximum tensile strains along the
beam longitudinal reinforcement in the vicinity of the joint area at each loading drift. For
specimens I-H-x, the figure shows the profile of the tensile strains captured by four strain
gauges mounted along the beam longitudinal reinforcement at the column face, 200 mm
away from the column face inside the beam (Beam side), 150 mm, and 300 mm away
from the column face inside the joint (Joint side) as shown in the legend attached to
Figures 5.8(a) and (c). Similarly, for specimens I-B-X, the strain profile is captured;
however, the joint side had one strain gauge mounted just before the bent portion at 270

mm away from the column face as shown in Figures 5.8(b) and (d).

For Specimens I-H-D and I-H-S, the penetration of the tensile strains inside the joint was
insignificant for up to 2.0% drift ratio, then started to increase with the increase of the
loading drifts. The strain values at the same location; however just before the bent
portion, in Specimens 1-B-D and I-B-S exhibited consistent increase with increasing the
drift ratio. Moreover, the readings of the strain gauge located 200 mm away from the
column face in the beam are close to the maximum values recorded at the column face.
This indicates that the formation of the inelastic deformability hinge length in the beam
extends at least 200 mm from the column face in all specimens. The readings of the strain
gauge located 300-mm away from the column face inside the joint and just before the
end-bearing head were very useful to evaluate the contribution of the end-bearing heads

to provide anchorage for the beam longitudinal bars as will be discussed in later section.
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5.4.2 Developed Strains in Beam Transverse Reinforcement

The relationship between the maximum strains developed in the beam stirrups and the
corresponding drift ratio is shown in Figure 5.9. The figure shows that the strain increases
with the increase of the loading drifts until reaches a maximum value then drops down
when the lateral load resistance of the specimen drops down as well. It can be noticed that
none of the specimens exceeded the yielding strain of steel (2000 micro-strain). This is
attributed to that the confinement requirement for the section exceeded the shear
reinforcement requirements with respect to the anticipated shear force applied on the

beam section.
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Figure 5.9: Maximum strain—drift ratio relationship for beam stirrups in Series (I)

specimens
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Strain (micro-strain)

5.4.3 Developed Strains in Column Longitudinal Reinforcement

Figure 5.10 shows the relationship between the drift ratio and the maximum strains
measured in the column longitudinal bar. The strain values started with negative values
before applying the lateral deformation as a result of the axial compression on the
column. As expected, the tensile strain values in the column were way below the ultimate
tensile strain as a result of the axial load applied on the column. The highest strain values
were exhibited by Specimens I-B-D and I-B-S, which experienced diagonal shear cracks
in the joint. This is attributed to that the diagonal shear cracks in the joint started at the

intersection of the column and the beam where the strain gauge was located as shown in

the figure.
5000
4500 *— IHD 3
- =--1-B-D Y i
4000 |} - X
—— |-H-S Pid ’/ \
L 7 Pl
3500 o » P AN
x--1-B-S , . .
3000 < o \
+ ’ -~ \
1, ”, \
2500 |} P y ¥ %
\
2000 | P Y
Beam
1500 F ’
[Column
1000 }
500 |
0 L
6% %

-500

Drift Ratio (%)
Figure 5.10: Maximum strain—drift ratio relationship for column longitudinal

reinforcement in Series (1) specimens
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5.4.4 Developed Strains in Joint Transverse Reinforcement

The relationship between the drift ratio and the maximum measured strain in the
transverse reinforcement inside the joint is shown in Figure 5.11 for Series (1) specimens.
The figure shows that the tensile strains in Specimens I-H-D and I-H-S did not exceed the
yielding strain. On the other hand, the strain values in Specimens I-B-D and I-B-S
approximately reached and exceeded the yielding strain at 4.0% drift ratio. This is in
good agreement with the cracking pattern of the joint in these two specimens where the

joint experienced wide diagonal shear cracks.
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Figure 5.11: Maximum strain—drift ratio relationship for joint stirrups in Series (1)
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5.5 ENERGY DISSIPATION

The ability of structures to withstand severe earthquake vibrations and to perform in a
satisfactory manner depends mainly on the formation of inelastic deformability hinges
and their capability to absorb and dissipate seismic energy. The seismic input energy
imparted to a structure is dissipated by its hysteretic behaviour. Energy dissipation is
expressed in terms of the equivalent damping ratio that characterizes the shape of the

hysteresis loops (Chopra 2000).

Figure 5.12 shows the cumulative energy dissipated by Series (I) specimens during
testing for each loading drift. The cumulative energy dissipation was calculated by
summation of the dissipated energy in successive load-displacement cycles. The energy
dissipated by each cycle is expressed by the area that the hysteretic loop encloses in the
corresponding beam tip load-displacement. From Figure 5.12(a), it is observed that all
specimens dissipated the same level of energy at 4.0% drift ratio. The figure also shows
that specimens, which sustained higher drift ratio, dissipated higher energy. The amount
of dissipated energy after 4.0% drift ratio is significantly higher than what achieved

before this limit.
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Figure 5.12: Cumulative energy dissipated by Series (1) specimens

It is generally recognized that there is a strong correlation between the energy dissipated
by the hysteretic action and the seismically induced level of damage. The slope of the
cumulated energy dissipation-drift ratio relationship indicates the concrete damage rate
due to formation of inelastic deformability hinges and/or diagonal shear failure in the
joint. As shown in Figure 5.12(b), Specimens I-H-D and I-H-S had the same slope up to
4.0% then specimen I-H-D showed steeper increase in the dissipated energy at failure
(5.0% drift ratio) while Specimen I-H-S experienced similar behaviour after 5.0% drift
ratio. This is in agreement with the earlier discussion of the hysteretic loops and the mode
of failure of the two specimens where the formation of inelastic deformability hinges and
slippage (damage) started at 4.0% and 5.0% for Specimens I-H-D and I-H-S,
respectively. Moreover, Specimen 1-B-D, with deformed bent bars, showed slightly
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higher energy dissipation than that exhibited by Specimen I-B-S with sand-coated bent
bars during all levels of testing up to failure of Specimen I-B-D (6.0% drift ratio) as

shown in Figure 5.12(c).

In conclusion, it is worth mentioning that both anchorage types (bent bars and headed
bars) and reinforcement surface condition have no significant influence on the energy
dissipation up to 4.0% drift ratio. However, specimens with bent bars sustained higher

drift ratios, which resulted in higher energy dissipation, yet, at higher drift ratios.

5.6 STIFFNESS-DRIFT RELATIONSHIP

Some factors are known to influence the overall stiffness of the RC structural members;
namely, the geometry of the concrete members, amount and stiffness of the reinforcement
and the level of cracking. In this research study, the member geometry is not a factor
since all specimens had the same concrete dimensions. This means that the concrete
strength and reinforcement stiffness govern the overall stiffness of the specimens at
different loading stages. Figure 5.13 shows the overall stiffness-drift ratio relationship for
Series (1) specimens during testing. The stiffness was calculated using the load-lateral

displacement relationship as the slope of the line connecting the two peaks of lateral load.

As shown in Figure 5.13, the range of the calculated stiffness of specimens in the un-
cracked stage was approximately between 15 and 17 kN/mm. Once the specimens were
subjected to the cracking load cycle, the stiffness range dropped to values approximately

between 5 to 8 kN/mm due to cracks occurred in the beam section at the column face
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(critical section in flexure). This shows that the stiffness in the cracked stage is
approximately 33% to 50% of the original stiffness calculated based on the gross inertia
of the un-cracked sections. This is in agreement with the cracked section properties of
steel RC beams in the CSA/A23.3-04, Clause 21.2.5.2.1, which requires that reduced
section properties shall be used as a fraction of the gross section inertia where in beams
40% of the gross inertia shall be used in the analysis to determine the straining actions
and deflections of the structure. The figure also shows that the difference in concrete
strength between the specimens had insignificant influence on the overall stiffness.
Moreover, It is observed that the stiffness degradation after the first cyclic loading and up
to failure is insignificant compared to the degradation occurred at the service stage

(cracked section).

Stiffness (KN / mm)

O L L L L L L L
Uncracked Cracked 1% 2% 3% 4% 5% 6% 7%
section Section Drift Ratio (%)

Figure 5.13: Stiffness—drift ratio relationship for Series (I) specimens
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5.7 DRIFT COMPONENTS

The external instrumentation (LVDTS) in this experimental program was used to measure
the main drift components. These components are: 1) development of main crack on the
column face including strain penetration inside the joint; 2) rotation in the anticipated
beam inelastic deformability hinge zone within a distance equal to the effective depth of
the beam from the column face; and 3) distortion in the joint due to shear deformation, as
shown in Figures 5.14 (a), (b), and (c), respectively. Other drift components such as
column rotation, elastic flexural cracking away from the inelastic deformability hinge,
and shear deformation in the beam were not considered in this study. Due to the linear-
elastic behaviour of the GFRP bars, the term “plastic hinge” is not valid. However, the
term “inelastic deformability hinge” is used to represent the development of large elastic
tensile strains in the GFRP bars associated with the concrete reaching its ultimate
compressive strain in the beam section at the column face. It should be noted that the
measurement of the drift components stopped when the beam or the joint lost the

concrete cover where the LVDTs were attached to.

a) Main crack on column face  b) inelastic deformability hinge c) Joint distortion

Figure 5.14: Major components contributing to total drift angle
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Figure 5.15 shows the contribution of the major drift components (inelastic deformability
hinge, main crack at column face, and joint distortion) to the overall rotation of the
specimens. It should be noted that light spalling of beam concrete cover under the LVDTs
fixation points in Specimens 1-B-D, I-H-S, and I-B-S during testing prevented monitoring
the inelastic deformability hinge rotation. However, monitoring the beam-to-column
relative rotation was still applicable. Therefore, Figures 5.15(b) to (d) show the
contributions of the inelastic deformability hinge and the main crack combined together

in one hatched area contrary to Specimen I-H-D.

For specimen I-H-D, Figure 5.15(a) shows that the major contribution to the drift angle is
attributed to the inelastic deformability hinge component where it reached 50% of the
total drift angle at 0.8% drift ratio. In addition, the development of the main beam crack
at the column face along with the strain penetration inside the joint (referred to as “main
crack at column face” in the figures) contributed to the total drift by approximately 10%
at the beginning of test to 30% at 4.0% loading drift. Collectively, the contribution of the
two previous components was in the range of 60% to 65% through all levels of loading
drifts up to the point where the drift instrumentation was removed after 4.0% drift ratio.
The joint distortion component remained insignificant with only about 4% contribution to

the total drift angle.

Similarly, for Specimens I-B-D, I-H-S, and I-B-S, the majority of the drift angle was
attributed to the inelastic deformability hinge and the cracking at the column face with a

contribution of approximately 60% to 65% of the exhibited drift angle. The figure shows
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that the behaviour of those two specimens reinforced with headed bars, I-H-D and 1-H-S,
was comparable to those reinforced with bent bars, I-B-D and I-B-S. Moreover, the
difference in the reinforcement surface condition does not seem to affect the rotation
behaviour of the specimens since they all exhibited similar behaviour. On overall, it can
be observed that the anchorage type and the reinforcement surface condition had no

significant influence of the rotation of the specimens.
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Figure 5.15: Contributions to total drift angle for Series (I) specimens (continued)
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Figure 5.15: Contributions to total drift angle for Series (I) specimens

EVALUATION OF ANCHORAGE PERFORMANCE OF GFRP HEADED

BARS IN SERIES (1) SPECIMENS

As explained before in the experimental program in Chapter 4, 90-degree bent bars as

well as headed bars were used as two different anchorage details for beam longitudinal

reinforcement embedded into the joint in Series (I) specimens. The anchorage

performance of both anchorage details is evaluated in this section.

In general, the tensile force developed in the beam longitudinal reinforcement is resisted

by embedding the bar in the concrete with a depth equal to or larger than the full

development length. In this case the tensile force is solely resisted by bond stresses

between the reinforcement surface and the concrete. In frame elements where the depth
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of the column is less than the full development length of the beam longitudinal
reinforcement, an end-anchorage detail need to be implemented at the bar end either by
using standard hooks or by using bearing heads. In this case, the resisting force will be a
combination between the bond stresses on the available embedded length and the end-

anchorage as shown in Figure 5.16 for headed and bent bars.

Bearing force Bond force

Tensile force developed
 —
in the bar

Strain gauge
Surrounding galg

Concrete

(a) Headed bar

Figure 5.16: Anchorage mechanism (continued)
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Figure 5.16: Anchorage mechanism

To evaluate the anchorage contribution while maintaining effective bond interaction
between the bars and the concrete (no bond breaker was used around the bar to eliminate
the bond), a strain gauge was mounted on the rebar just before the anchorage detail (i.e.
bent portion and moulded end-head) as shown before in Figure 5.16. The strain gauge in
that location detects the tensile strain developed in the rebar and consequently the tensile

stress resisted by the anchorage detail.

Figure 5.17 shows the relationship between the tensile stress resisted by each anchorage
detail and the loading drifts for Series (I) specimens. As shown in the figure, the resisted
stress increases with the increase of the loading drift as a result of the tensile force

increase in the longitudinal reinforcement and gradually penetrates into the joint. As
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shown in Figure 5.17(a), the maximum tensile stress resisted by the headed bars is 930
and 620 MPa in Specimens I-H-S and I-H-D, respectively. These values represent 70 and
56% of the ultimate tensile capacity of the bars used in those two specimens,
respectively. Although that eventually both specimens exhibited failure due to anchorage
slippage, the anchorage performance of the headed bars in both specimens was
satisfactory and enabled the specimens to pass the 4.0% drift ratio safely without any

signs of anchorage slippage failure.

Figure 5.17(b) shows the anchorage resistance of the 90-degree bent bars. The figure
shows that Specimens I-B-D and I-B-S sustained loading drifts of 6.0% and 7.0% while
the developed tensile stresses just before the bent portion reached 660 and 750 MPa,
respectively. These values represent 73 and 82% of the ultimate tensile capacity of the
beam longitudinal reinforcement used in these two specimens, respectively. However, it
should be noted that specimens reinforced with bent bars, I-B-D and I-B-S, did not
experience the anchorage-slippage mode of failure that exhibited by specimens reinforced
with headed bars, I-H-D and I-H-S. Therefore, the reported values regarding Specimens
I-B-D and I-B-S do not represent the maximum anchorage resistance of the 90-degree
bent portions. The maximum anchorage resistance could be larger than what reported in
this study since both specimens did not experience failure in the bent portions. However,
the reported values can be used as a guide for the minimum anchorage resistance that can

be reached by GFRP bent bars.
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Figure 5.17: Anchorage contribution in Series (I) specimens
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In general, Figures 5.17(a) and (b) show that the anchorage performance of the headed
bars was satisfactory and equivalent to the performance of the 90-degree bent bars in the
sense that both anchorage details prevented the occurrence of the anchorage slippage
failure before 4.0% drift ratio. Moreover, it is worth mentioning that the anchorage
performance of sand-coated headed bars outperformed their counterparts with deformed
surface by 50% more anchorage capacity. However, shearing-off in the sand coating
around the bars was observed by the end of the test as shown in Figure 5.18(a). On the
other hand, the deformed surface bars in specimen I-H-D experienced minimal damage to
the deformed/ribbed surface of the bars as shown in Figure 5.18(b). Both headed bars,
either with sand-coated or deformed surface, exhibited slippage failure due to failure of

anchorage heads by bearing as shown in Figure 5.19.
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(b) Minimal damage for the deformed surface

Figure 5.18: Surface damage of beam longitudinal reinforcement in Specimens I-H-D and

I-H-S
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Figure 5.19: Typical bearing failure of anchorage heads in Specimens I-H-D and I-H-S
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CHAPTER 6

EXPERIMENTAL RESULTS OF SERIES (1) SPECIMENS

6.1 INTRODUCTION

As explained previously in Chapter 4, Series (I1) was designed to study the influence of
concrete strength on the behaviour when the joint is subjected to different levels of shear
stresses. Two different concrete strengths; normal strength (30 MPa) and high strength

(60 MPa), in combination with three different shear stress levels in joint were studied;
Low shear level (0.70+/f’.), moderate shear level (0.85./f’.), and high shear level

(1.0 {/f';). Combinations of the above concrete strengths and shear stress levels lead to
six specimens (11-30-0.7, 11-30-0.85, 11-30-1.0, 11-60-0.7, 11-60-0.85, and 11-60-1.0). The
analysis and discussion of the experimental results for testing Series (I1) specimens are

presented in the following sections.

6.2 LOAD-LATERAL DRIFT RESPONSE (HYSTERETIC BEHAVIOUR)

Plots of the hysteresis diagrams which represent the relationship between the applied
lateral load and the drift ratio of the beam tip are shown in Figure 6.1. The drift ratio was
calculated as the ratio between the horizontal displacement of the beam end at the point
of load application and the distance from the point of load application to the column
centreline (i.e. 2200 mm). As shown in Figures 6.1(a), (b), and (c), the measured
hysteresis loops for Specimens 11-30-0.70, 11-30-0.85, and 11-30-1.0 demonstrated a
typical stable elastic-linear response up to drift ratios of 4.0%, 4.0%, and 3.0%

respectively, then followed by a non-linear behaviour and lateral-resistance drop in
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different forms for the three specimens. Although Specimen 11-30-1.0 showed the highest
lateral load resistance, it was the first specimen to show signs of failure and failed at
5.0% drift ratio. Regarding Specimen 11-30-0.70, once it reached 5.0% drift ratio a
sudden drop in the lateral load resistance was observed. This drop in resistance is
attributed to the slippage of the beam longitudinal headed-bars anchored in the joint due
to failure of the anchorage heads attached to the end of the bars. Despite of failure of the
anchorage heads, the specimen was still able to resist 50.0% of its designed capacity
during the rest of the 5.0% drift ratio loading cycles till the end of the test at 6.0% drift

ratio.

Contrary to Specimen 11-30-0.70, Specimens 11-30-0.85 and 11-30-1.0 showed non-linear
behaviour and gradual degradation of the lateral load resistance after reaching 4.0% drift
ratio. Regarding Specimen 11-30-0.85, the non-linear response started at 5.0% drift ratio.
This can be shown by the increase in the pinching distance of the hysteresis loops from
23 kN at 4.0% to 45 kN at 6.0% drift ratio. This can be attributed to the non-linear
deformation of the concrete in the beam and the joint. The specimen showed no loss of
lateral resistance from 4.0% to the first cycle of 5.0% drift ratio then a gradual
degradation of the resistance was observed during the rest of the 5.0% loading cycles
until the end of the test at 6.0%. During the 5.0% drift ratio loading cycles, the specimen
lost approximately 25% of its maximum resistance, while by the end of the test at 6.0%
drift ratio, the specimen was able to withstand approximately 40% of its maximum
resistance as shown in Figure 6.1(b). For Specimen 11-30-1.0, the non-linear response

started on the 4.0% drift ratio where the specimen reached the maximum resistance. The
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specimen exhibited that increase in pinching distance of the hysteresis loops, however,
from 24 kN at 3.0% to 50 KN at 5.0% drift ratio. It showed earlier signs of failure and
lateral resistance degradation started at 4.0% drift ratio with insignificant loss of
approximately 15.0% and ended by approximately 60.0% loss of the maximum resistance

by the end of the test at 5.0% drift ratio as shown in Figure 6.1(c).

Regarding Specimens 11-60-0.70, 11-60-0.85, and 11-60-1.0 constructed with higher
concrete strength, the hysteretic behaviour was identical to that behaviour exhibited by
Specimens 11-30-0.70, 11-30-0.85, and 11-30-1.0, respectively; however, with achieving
higher values of lateral load resistance and drift ratios. As shown in Figure 6.1(d),
Specimen 11-60-0.70, exhibited the typical stable elastic-linear behaviour up to 5.0% drift
ratio then a sudden drop to approximately 50.0% in the lateral load resistance occurred
when the specimen reached the 6.0% drift ratio. This sudden drop in lateral load
resistance is similarly attributed to the failure of the anchorage heads of the beam

longitudinal reinforcement embedded in the joint.

While Specimen 11-60-0.70 exhibited sudden failure in the lateral load resistance at 6.0%
drift ratio, Specimens 11-60-0.85 and 11-60-1.0 showed the elastic-linear behaviour up to
6.0% and 5.0% drift ratios, respectively, then followed by a non-linear behaviour and
gradual loss of lateral resistance due to the plastic deformations occurred in the concrete.
Due to the higher shear stress generated in the joint, Specimen 11-60-1.0 showed earlier
lateral resistance degradation at 6.0% drift ratio, as shown in Figure 6.1(f), contrary to

Specimen 11-60-0.85 which showed similar behaviour, however, at 7.0% drift ratio as
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shown in Figure 6.1(e). The generated shear stress in the joint also influenced the non-
linear behaviour of the specimens; this can be shown in Specimen 11-60-1.0 by the
increase in the pinching distance of the hysteresis loops from 30 kN at 5.0% to 65 kN and
75 kN at 6.0% and 7.0% drift ratio. While Specimen 11-60-0.85 had increase in the

pinching distance of 22.0 kN, 30.0 kN, and 75.0 kN at 5.0%, 6.0% and 7.0%,

respectively.
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(a) Specimen 11-30-0.70

Figure 6.1: Load-Lateral Drift relationship (continued)
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Figure 6.1: Load-Lateral Drift relationship (continued)
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It should be noted that test specimens in Series (1) achieved approximately the ultimate
design lateral load capacity in the positive direction of loading as shown in Table 6.1.
Specimen 11-30-0.70 achieved its ultimate design capacity at 4.0% drift ratio and
maintained this capacity in the first cycle of the next loading drift until it reached 5.0%

drift ratio then a sudden drop occurred due to bar slippage.

Regarding specimen 11-30-0.85, it did not only reach the ultimate design capacity, but
also exceeded it by 7.0%. At 3.0% drift ratio, the specimen showed 120 kN of lateral
resistance which represents 92.0% of the design capacity; then at 4.0% drift ratio, the

specimen reached the ultimate design capacity (133 kN) and maintained this capacity
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until the completion of the 4.0% loading drift. At 5.0% loading drift, the specimen
exceeded the design capacity by 7.0% in the first cycle then the capacity showed some
degradation during loading until the specimen reached 82.0% of the design capacity by
the end of the 5.0% loading drift. For Specimen 11-30-1.0, it barely reached 97.0% of the
design capacity at first cycle of 4.0% loading drift which dropped to 82.0% by the end of
the same loading drift. This is attributed to the high shear stress level developed in the

joint which accelerated the failure of the specimen.

Similar behaviour exhibited by specimens 11-30-xx is also observed in specimens I1-60-
XX with the exception that specimens 11-60-xx exhibited their ultimate capacities at
prolonged drift ratios. Specimens 11-60-0.70 and 11-60-0.85 reached and exceeded,
respectively, the design capacity at 6.0% drift ratio. Specimen 11-60-1.0 barely reached
96.0% of its design lateral capacity at the first cycle of 5.0% loading drift until the

resistance dropped to 87.0% by the end of the 5.0% loading drift.

In general, all specimens exhibited lateral load resistance in the negative loading
direction less than what exhibited in the positive loading direction. The difference
between the lateral resistance in the two loading direction was observed to be between
7.0% and 15.0%. This is attributed to the fact that the compression zone of the beam
section in the negative direction of loading (pulling direction) was a tension zone earlier
when the section is subjected to the loading in the positive direction. It is advised that the

designer should keep this in mind during the design process.

145



Chapter 6 — Experimental Results of Series (I11) Specimens

Table 6.1: Lateral load capacities of Series (I1) specimens

Specimen Poesign Poe () Poo [ Passio Drift
(kN) +vedir. | -vedir. | +vedir. | -vedir. | ratio (%)
11-30-0.70 130 130 120 1.00 0.92 5.0
11-30-0.85 131 140 130 1.07 0.99 5.0
11-30-1.0 155 150 137 0.97 0.88 4.0
11-60-0.70 150 150 127 1.00 0.85 6.0
11-60-0.85 166 186 169 1.12 1.02 6.0
11-60-1.0 188 180 165 0.96 0.88 5.0
Note:

Pexp: Experimental lateral load resistance;

Pdesign: Calculated lateral load resistance considering the design flexural capacity of the beam section;
+ve dir: The value in the positive direction when the actuator pushes the beam tip;

-ve dir.: The value in the negative direction when the actuator pulls the beam tip;

Drift ratio: The drift ratio at which the maximum experimental values in the table were observed.

The influence of the shear stress level in the joint is presented in Figure 6.2 which shows
the envelopes of the hysteretic behaviour for all specimens. As shown in Figures 6.2 (a)
and (b), Specimens 11-30-1.0 and 11-60-1.0, which were subjected to the high shear stress
level in the joint, recorded the highest value of the lateral load resistance in comparison
with the other four specimens subjected to moderate and low shear stress in the joint (I1-
30-0.70, 11-30-0.85, 11-60-0.70, and 11-60-0.85). This is in good agreement with the fact
that both specimens had the largest longitudinal reinforcement amount in the beam (8¢16
each top & bottom). On the other hand, this large amount of reinforcement area increased
the tensile forces applied to the joint which in turn increased the shear stress in the joint

and accelerated the failure of the joint. Therefore, Specimens 11-30-1.0 and 11-60-1.0
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exhibited earlier failure at 4.0% and 5.0% drift ratio, respectively, compared with the

other four specimens as shown in Figure 6.2.
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The influence of the concrete strength can be shown in Figure 6.3 where the envelope of
the hysteretic behaviour is shown for each two counterpart specimens. Figure 6.3 (a)
shows that Specimens 11-30-0.70 and 11-60-0.70 had an identical behaviour up to 3.0%
drift ratio. Similar behaviour was observed from Figures 6.3 (b) and (c) comparing

Specimen 11-30-0.85 with 11-60-0.85 and Specimen 11-30-1.0 with 11-60-1.0.

The concrete strength did not affect the lateral resistance significantly. For example, the
increase in concrete strength of 35.0%, from 37.9 MPa in Specimen 11-30-0.70 to 51.3
MPa in Specimen 11-60-0.70, resulted in an increase of only 9.0% in the lateral load
resistance as shown in Figure 6.3 (a). Similarly, the increase of the concrete strength of
up to 60.0% resulted in an increase of 20.0% in the lateral load resistance as shown in
Figures 6.3 (b) and (c). On the other hand, the concrete strength had a great influence on
the drift ratio attained by each specimen. For example, approximately 50.0% and 60.0 %
increase in the concrete strength resulted in an increase of the sustained drift ratio by
40.0% and 50.0%, respectively as shown in Figures 6.3 (b) and (c). This can be attributed
to the fact that the design of all specimens was controlled by the compression failure of
the concrete not by the rupture failure of the reinforcement. Therefore increasing the
concrete strength delayed the failure of the specimens and allowed the specimens to

sustain higher drift ratios.
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6.3 CRACKING PATTERN AND MODE OF FAILURE

In all specimens, the formation and propagation of cracks were marked after each loading
step. Damage was generally expressed by the initiation and propagation of flexural and
shear cracking. Further damage and failure of specimens at the end of the tests was
identified by three different modes of failure; namely, 1) formation of inelastic
deformability hinge in the beam associated with slippage of longitudinal reinforcement;
2) simultaneous formation of inelastic deformability hinge in the beam and shear failure
in the joint, and 3) diagonal shear failure in the joint. Figures 6.4 to 6.9 show the cracking

progression of specimens during testing and at failure as well. The photos presented in
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these figures show the same orientation of the specimens in the test setup where the

column was placed in the horizontal direction and the beam in the vertical direction.

Figure 6.4 shows the cracking progression of Specimen 11-30-0.70 where only flexural
cracks showed on the beam surface up to a drift ratio of 1.5% as shown in Figures 6.4 (a)
to (c). Up to that level of loading, no diagonal shear cracks appeared in the joint. While
increasing the lateral displacement-loading to higher drift ratios, more flexural cracks in
the beam were initiated and developed up to failure. At 4.0% drift ratio, as shown in
Figure 6.4 (f), failure of concrete cover on both sides of the beam was observed, which in
turn refers to the formation of inelastic deformability hinge due to concrete crushing in
the beam section near the column face. This is in a good agreement with Figure 6.1 (a)
which shows the hysteresis loops of the specimen reaching the calculated design capacity

at 4.0 % drift ratio.

The concrete damage in the inelastic deformability hinge area extended to cover a
distance of approximately 400 mm from the column face. During the first cycle of the
5.0% loading drift, a sudden drop in the lateral loading resistance occurred as a result of
anchorage slippage on both sides of beam longitudinal reinforcement. This is attributed to
the bearing failure of the anchorage heads attached to the end of the longitudinal
reinforcement. The slippage of the beam longitudinal reinforcement resulted in formation
of a wide crack at the column face at failure of the specimen as shown in Figures 6.4 (h)

and (j).
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Figure 6.4: Cracking progression of Specimen 11-30-0.70
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Regarding Specimen 11-30-0.85, Figure 6.5 shows the cracking pattern of the specimen
during the test. The specimen exhibited flexural cracks in the beam up to 1.0% drift ratio.
Unlike Specimen 11-30-0.70, diagonal shear cracks in the joint started to show earlier in
Specimen 11-30-0.85 at 1.5% drift ratio. Flexural cracks in the beam and diagonal shear
cracks in the joint continued to show and develop during testing with the increase of
loading drifts. At 4.0% drift ratio, the specimen exhibited concrete crushing failure
(inelastic deformability hinge) in the beam section at the face of the column. This is also
in agreement with Figure 6.1 (b) which shows the hysteresis loops of the specimen
reaching the calculated design capacity at 4.0 % drift ratio. At this stage the specimen
started to show signs of diagonal shear failure in the joint through intensive diagonal

shear cracks in the joint.

At 5.0% drift ratio, the inelastic deformability hinge in the beam continued to develop
while the specimen continued to lose more concrete cover in the beam section as a result
of concrete crushing. Moreover, major diagonal shear cracks appeared in the joint and
extended out of the joint into the column sides as shown in Figure 6.5 (g). By the end of
the test at 6.0% drift ratio, the specimen lost the concrete cover and exhibited concrete
crushing in the joint and its vicinity. Eventually, the specimen exhibited failure as a result
of simultaneous formation of inelastic deformability hinge due to concrete crushing in the

beam along with a diagonal shear failure in the joint, as shown in Figures 6.5 (h) and (j).
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(a) 0.8% drift ratio (b) 1.0% drift ratio (c) 1.5% drift ratio

(d) 2.0% drift ratio (e) 3.0% drift ratio (F) 4.0% drift ratio

(9) 5.0% drift ratio (h) 6.0% drift ratio; Failure (j) backside at failure

Figure 6.5: Cracking progression of Specimen 11-30-0.85
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Figure 6.6 shows the cracking progression of Specimen 11-30-1.0. The specimen
exhibited flexural cracks in the beam section at the beginning of the test as shown in

Figure 6.6 (a). This specimen was designed to experience the highest shear stress in the

joint (1.0/f'.); as expected, the specimen showed diagonal shear cracks in the joint at
1.0% drift ratio which is earlier than when the previous two specimens did so, as shown
in Figure 6.6 (b). It is worth mentioning that the intensity of the cracks in both beam and
joint for the three specimens (11-30-0.70, 11-30-0.85, and 11-30-1.0) at the same drift ratio

is proportionally influenced by the amount of longitudinal reinforcement in the beam.

The large amount of longitudinal reinforcement provided in the beam section accelerated
the formation and propagation of flexural cracks in the beam as well as the diagonal shear
cracks in the joint. However, the influence of the longitudinal reinforcement amount was
more significant in the joint, where major diagonal shear cracks appeared in the joint then
extended out into the column sides and accompanied with loose concrete cover as shown
in Figure 6.6 (f). By the end of the test at 5.0% drift ratio, the specimen exhibited a
complete diagonal shear failure and crushing of concrete in the joint as shown in Figures

6.6 (g) and (h).
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(a) 0.8% drift ratio (b) 1.0% drift ratio (c) 1.5% drift ratio

(d) 2.0% drift ratio (e) 3.0% drift ratio (f) 4.0% drift ratio

(9) 5.0% drift ratio; Failure (h) Joint at Failure; zoom in

Figure 6.6: Cracking progression of Specimen 11-30-1.0
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Figure 6.7 shows the cracking sequence of Specimen 11-60-0.70. The specimen exhibited
only flexural cracks in the beam section with no diagonal cracks in the joint at all up to
1.5% drift ratio as shown in Figures 6.7 (a) through (c). The intensity of flexural cracks in
the beam increased with the increase in loading drift ratios up to a drift ratio of 5.0%. At
this stage, formation of inelastic deformability hinge in the beam section occurred at the
column face due to crushing of concrete in the beam section at that location. This is in
agreement with the design calculation of the specimen and with Figure 6.1 (d) which
shows the hysteresis loops of the specimen reaching 95.0% of the calculated design

capacity at 5.0 % drift ratio.

The concrete damage in the inelastic deformability hinge area extended over a distance of
approximately 600 mm from the column face. After formation of inelastic deformability
hinge at 5.0% drift ratio, the loading continued to 6.0% drift ratio when the specimen
exhibited sudden drop in the lateral resistance at the first cycle of loading due to loss of
anchorage of the beam longitudinal reinforcement anchored in the joint. This is attributed
to the failure of the bearing heads attached to the end of the beam longitudinal
reinforcement. Accordingly, the specimen exhibited the first mode of failure; formation
of inelastic deformability hinge in the beam associated with slippage of longitudinal
reinforcement, similar to Specimen 11-30-0.70. It is worth mentioning that the joint was

intact with few insignificant diagonal cracks up to the end of the test at 6.0% drift ratio.
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(a) 0.8% drift ratio (b) 1.0% drift ratio (c) 1.5% drift ratio

(d) 2.0% drift ratio (e) 3.0% drift ratio (f) 4.0% drift ratio

(9) 5.0% drift ratio (h) 6.0% drift ratio; Failure (j) backside at failure

Figure 6.7: Cracking progression of Specimen 11-60-0.70
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As shown in Figure 6.8, Specimen 11-60-0.85 showed similar trend to the previous
specimen with uniform flexural cracks on the beam surface and no diagonal shear cracks
in the joint up to 2.0% drift ratio. At 4.0% drift ratio, the specimen showed signs of
concrete crushing in the beam section at the face of the column; these signs were rapidly
developed to a clear formation of inelastic deformability hinge at 5.0% drift ratio as
shown in Figures 6.8 (f) through (h). This is in a good agreement with Figure 6.1 (e)
which shows the hysteresis loops of the specimen reaching the calculated design capacity

at 5.0 % drift ratio.

At 6.0% drift ratio, the inelastic deformability hinge formation in the beam continued to
develop by losing more concrete cover in the beam section as a result of concrete
crushing; at the same time, the specimen continued to resist more lateral load and
exceeded the design value by approximately 12%. At this stage, the specimen started to
show signs of diagonal shear failure in the joint through major diagonal shear cracks in
the joint which extended out into the column sides as shown in Figure 6.8 (j). By the end
of the test at 7.0% drift ratio, the concrete cover got loose in the joint area. Eventually,
the specimen exhibited failure because of simultaneous formation of inelastic
deformability hinge due to concrete crushing in the beam along with a diagonal shear

failure in the joint, as shown in Figures 6.8 (k) through (n).
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el

(a) 0.8% drift ratio (b) 1.0% drift ratio (c) 1.5% drift ratio

(d) 2.0% drift ratio (e) 3.0% drift ratio (F) 4.0% drift ratio

(9) 5.0% drift ratio (h) 5.0% drift ratio; side view (j) 6.0% drift ratio

Figure 6.8: Cracking progression of Specimen 11-60-0.85 (continued)
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Figure 6.8: Cracking progression of Specimen 11-60-0.85

Figure 6.9 shows the cracking sequence of Specimen 11-60-1.0 during testing. Only
flexural cracks appeared on the beam surface at the beginning of the test up to reaching a
drift ratio of 1.0% as shown in Figures 6.9 (a) and (b). Similar to Specimen 11-30-1.0,

Specimen 11-60-1.0 was designed to experience the highest shear stress in the joint

(1.04/f'.) in order to assess the shear capacity of such joints. As expected, diagonal shear
cracks in the joint appeared at 1.5% drift ratio which is earlier than when the previous

two specimens did so, as shown in Figure 6.9 (c).

A similar behaviour to the one observed in Specimen 11-30-1.0 was observed too in
Specimen 11-60-1.0; the intensity of the cracks in both beam and joint for the three
specimens (11-60-0.70, 11-60-0.85, and 11-60-1.0) at the same drift ratio is proportionally
influenced by the amount of longitudinal reinforcement in the beam. The large amount of
longitudinal reinforcement provided in the beam section accelerated the formation and

propagation of flexural cracks in the beam as well as the diagonal shear cracks in the
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joint. However, the influence of the longitudinal reinforcement amount was more
significant in the joint, where major diagonal shear cracks appeared in the joint then
extended out into the column sides and accompanied with spalling of concrete cover as
shown in Figure 6.9 (g). By the end of the test at 7.0% drift ratio, the specimen exhibited

a complete diagonal shear failure and crushing of concrete in the joint where the concrete

cover in joint area was completely damaged and spalled, as shown in Figure 6.9 (j).

(a) 0.8% drift ratio (b) 1.0% drift ratio (c) 1.5% drift ratio

(d) 2.0% drift ratio (e) 3.0% drift ratio (f) 4.0% drift ratio

Figure 6.9: Cracking progression of Specimen 11-60-1.0 (continued)
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(9) 5.0% drift ratio (h) 6.0% drift ratio () 7.0% drift ratio; failure

Figure 6.9: Cracking progression of Specimen 11-60-1.0

The influence of concrete strength on formation of beam deformations / hinges in Series
(1) specimens is summarized in Figures 6.10 and 6.11. In light of the test observations, it
was noticed that the beam element in each specimen experienced “Inelastic deformability
hinge” within a distance equal to the depth of the beam reinforcement (d) from the
column face. Due to the linear-elastic behaviour of the GFRP bars, the term “plastic
hinge” does not express the actual behaviour accurately. In FRP-RC sections, excessive
curvature is developed due to inelastic deformation in concrete while the GFRP
reinforcement elongates in a linear-elastic fashion. Therefore, the term “Inelastic
deformability hinge” is used to represent the development of large elastic tensile strains
in the GFRP bars associated with the concrete reaching its ultimate compressive strain in

the beam section at the column face.

In general, both types of specimens, 11-30-xx and 11-60-xx, exhibited formation of the

“inelastic deformability” hinge in the beam section within a distance (d) from the column
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face. The formation of that inelastic deformability hinge contributes significantly to the
total drift angle exhibited by each specimen as discussed later in this chapter. In
specimens constructed with lower concrete strength, 11-30-xx, the inelastic deformability
hinge in the beam takes the form of crushed concrete that starts on the left and right faces
(Note: Directions are with respect to specimens orientation in the shown figures) and
extends to the core forming approximately a flat surface of crushed concrete as shown in
Figure 6.10. However, the formation of the inelastic deformability hinge in specimens
constructed with higher concrete strength, 11-60-xx, was shaped as a VV-notch, as shown in

Figure 6.11.

The formation of hinges in the beam section under seismic loading is influenced by the
tensile behaviour of the reinforcement, concrete strength, failure characteristics of the
concrete, and the applied moment on the section. Regarding the tensile behaviour of the
reinforcement at large strains, steel reinforcement exhibits a yielding plastic-plateau with
approximately constant stress while the concrete compression zone exhibits a non-linear
behaviour, then eventually a plastic hinge forms in the section. However, the GFRP
reinforcement exhibits a linear-elastic stress-strain relationship up to failure while the
concrete compression zone exhibits a non-linear behaviour and eventually inelastic
deformability hinge forms; in this case, the concrete deformation is the main source of

plasticity in this type of joints.

Nevertheless, when the section is subjected to a bending moment, flexural cracks start

from the tension side and stop at the boundary of the compression zone where the neutral
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axis is located. In seismic loading, the moment direction is consistently reversed,
therefore, flexural cracks form on both sides of the section and tend to intersect towards
the section core. Under the same moment value, the concrete strength influences the
compression zone depth and consequently the location of the neutral axis. In a lower-
strength concrete, the neutral axis shifts towards the mid depth of the section because the
section requires a deeper compression zone (C;) to balance with the tensile force, as
shown in Figure 6.10 (c). However, a similar section with higher concrete strength

requires smaller depth of the compression zone (C,), as shown in Figure 6.11 (d).

Moreover, specimens with higher concrete strength showed higher lateral load resistance.
Higher lateral load increased the shear force on the section and, consequently, increased
the inclination angle of the cracks, as shown in Figures 6.10 (b) and 6.11 (c). This in turn

influenced the intersection location of the cracks.

As shown in Figure 6.11(b), the failure surface is approximately smooth and goes
through the cement paste and the aggregates together, which is a characteristic of the high
strength concrete, where the cement paste tends to be as strong as the aggregates. On the
other hand, Figure 6.10 (a) shows a rough flat failure surface in the normal strength
concrete specimens where the concrete failure forms in the cement paste surrounding the
aggregates. Therefore, the concrete damage in the lower strength concrete took the form
of loose aggregates surrounded by cement paste, as shown in the flat surface in Figure
6.10 (a). While in higher strength concrete, the concrete failed in form of isolated chunks

of concrete as shown in the V-notch in Figures 6.11 (a) and (b).
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Although the formation of the inelastic deformability hinges attributes considerably to the

total drift angle exhibited by the beam, the elastic curvature of the sections about their

neutral axes along the remaining beam length has also a contribution to the drift angle.

(a) Flat failure surface in beam section

P

Concrete crushing
an flat surface

Column

(b) Schematic drawing of cracking pattern

Figure 6.10: Inelastic deformability hinge formation as flat surfaces in specimens 11-30-

XX (continued)

166



Chapter 6 — Experimental Results of Series (1) Specimens

Column

(c) Sectional analysis under flexure

Figure 6.10: Inelastic deformability hinge as flat surfaces in specimens 11-30-xx
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(a) Beam-to-column V-notch (b) Beam removed
Figure 6.11: Inelastic deformability hinge formation as a V-notch in specimens 11-60-xx

(continued)

167



Chapter 6 — Experimental Results of Series (I11) Specimens

V-notch Hinge

Column

(c) Schematic drawing of cracking pattern

- _

Column

(d) Sectional analysis under flexure

Figure 6.11: Inelastic deformability hinge formation as a VV-notch in specimens 11-60-xx
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6.4 LATERAL DRIFT-STRAIN RELATIONSHIP

6.4.1 Developed Strains in Beam Longitudinal Reinforcement

Readings of strain gauges on longitudinal reinforcement were captured by the DAQ and
saved to the computer during testing to guarantee real time monitoring of test results.
Figure 6.12 shows the maximum recorded strains developed in beam longitudinal
reinforcement at the column face at each drift ratio loading step for Series (I1) specimens.
It should be noted that the maximum strains at failure of Specimens 11-30-0.70 and 11-60-
0.85 could not be captured since the strain gauges on longitudinal reinforcing beam bars

were malfunctioned before reaching the failure of the specimens.

All specimens in Figure 6.12 exhibited the well-established characteristic of GFRP
reinforced elements under flexure where the strains increased in a fairly linear-elastic
fashion up to failure. None of the specimens reached the ultimate tensile strain in the
longitudinal reinforcement; however, the highest recorded tensile strains 18050, 17350,
and 16500 micro-strain observed in Specimens 11-60-0.70, 11-60-0.85, and 11-30-0.70,
respectively, were very close to the ultimate tensile strain value (i.e 18333 micro-strain).
These high strain values represent 90 % to 98 % of the ultimate tensile strain, which
increases the vulnerability of these three specimens to exhibit the undesirable brittle

failure by rupture of longitudinal reinforcement.
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Figure 6.12: Maximum strain—drift ratio relationship for beam longitudinal reinforcement

Table 6.2: Maximum strains in beam longitudinal reinforcement during testing

Strain (micro-strain) Moment (kN.m)
: **Experimental **Experimental
Specimen
*Design Drift ratio *Design Drift ratio
4.0% 5.0% 6.0% 4.0% 5.0% 6.0%

[1-30-0.70 | 14740 | 15220 | 16500 N/A 260 255 260 122

[1-30-0.85| 12140 | 12500 | 13970 | 12080 262 266 280 192

11-60-0.70 | 16800 | 15140 | 16580 | 18050 300 270 286 300

[1-60-0.85| 15000 | 13240 | 15200 | 17350 332 298 334 370

* Design values were calculated using the strain compatibility when the concrete reaches an ultimate
compressive strain of 0.0035
** Experimental values recorded during testing
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Table 6.2 shows the calculated and the experimental flexural capacities of the beam
section for those specimens exhibited formation of inelastic deformability hinge in the
beam and the corresponding strain developed in the beam longitudinal reinforcement at
the column face during the final stages of testing at 4.0%, 5.0%, and 6.0% drift ratios.
The table shows that Specimens 11-30-0.70, 11-30-0.85, 11-60-0.70, and 11-60-0.85
exhibited maximum strain values (16500, 13970, 18050, and17350 micro-strain,
respectively) approximately 7.0% to 16.0% higher than the calculated values (14740,
12140, 16800 and 15000 micro-strain, respectively). Moreover, similar observation was
noted in Series (1) specimens. This can be attributed to the linear-elastic behaviour of the
GFRP bars up-to-failure combined with the characteristic of the well-confined concrete
sections, especially those resisting seismic loads. Confinement of sections increases the
ductility of the concrete to attain higher compressive strains. In this regards, the
behaviour of GFRP-RC sections at ultimate-state under cyclic reversed loads can be

described in two phases as shown in Figure 6.13.

Spalling concrete cover
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(a) Phase 1 (b) Phase 2

Figure 6.13: Strain-Compatibility of beam section at ultimate
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Phase 1 develops when the outer-most fibre of the concrete reaches the ultimate
compression strain (g.,, = 0.0035); using the compatibility of strains, the strain develops
in the longitudinal reinforcement is (&f,,1) as shown in Figure 6.13 (a). At that time the
section develops its flexural capacity (M,,) at a certain drift ratio (R;). Phase 2 starts
after Phase 1 when the strain in the concrete cover exceeds the ultimate compressive
strain at a drift ratio (R;) higher than (R;). At that time the concrete section loses its top
and bottom “unconfined” concrete cover. Consequently, the effective depth of the

longitudinal reinforcement decreases as shown in Figure 6.13 (b).

At a higher drift ratio (R,), the curvature of the section increases and the section tends to
attain or exceed its flexural capacity by developing the concrete compressive force (C,)
into the confined concrete core (new effective geometry of the concrete), as shown in
Figure 6.13 (b). The increased curvature of the section at higher drift ratios increases the
strain in the GFRP reinforcement (f,,2) and consequently increases the tensile force
developed in the reinforcement (T,) due to the linear-elastic characteristic of the GFRP
reinforcement. From equilibrium of forces, the increased tensile force (T,) is balanced
with the compressive force in the concrete (C.,) through increasing the compression zone
depth, as shown in Figure 6.13 (b). The section then develops a flexural resistance (M,.,)
equal to the tensile force (T,) multiplied by the effective depth (d,). The confinement
provided to the concrete core by means of close stirrups increases the ductility and
integrity of the concrete core to exceed the ultimate compressive strain. The concrete

section follows this behaviour until it exhibits gradual degradation in the flexural
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resistance due to deterioration of concrete strength under higher strains and gradual

reduction of the leverage distance (d,).

The behaviour of the test specimens supported the explanation above. For example, the
design calculations of Specimen 11-60-0.70 were based on the beam section reaching the
ultimate flexural capacity (300 kN.m) when the outermost fiber of concrete in the
compression zone reaches the ultimate compressive strain (e, = 0.0035). At 5.0% drift
ratio, the specimen reached a flexural capacity (286 kN.m) approximately equal to the
designed value (300 kN.m). At that time the specimen showed crushing in the beam
concrete cover, as shown previously in Figure 6.7 (g), and the tensile strain in the beam
longitudinal reinforcement (16580 micro-strain) was in good agreement with the
calculated strains (16800 micro-strains). The calculated depth of the compression zone

(a,) at that moment is 58 mm and, consequently, the effective depth (d,) is 371 mm.

Although at 6.0% drift ratio the specimen lost the concrete cover, it attained its flexural
resistance and reached 300 kN.m again with higher curvature in the section which
increased the longitudinal reinforcement strain (18050 micro-strain) to 7.0% greater than
the calculated value (16800 micro-strain) before the specimen exhibited slippage of beam
longitudinal reinforcement. For more explanation with meaningful numbers, it is assumed
that the spalled concrete cover shown in Figure 6.13 (b) is 25 mm each. To reach the
flexural capacity of 300 kN.m with a 25-mm less reinforcement depth, it requires that the
confined concrete core reaching a higher compressive strain equal to 0.0045 while the

tensile strain in the bar reaching 18140 micro-strain. This calculated strain value (i.e
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18140 micro-strain) is in good agreement with the experimental tensile strain in
Specimen 11-60-0.7 at 6.0% drift ratio as shown in Table 6.2. The calculated depth of the

new compression zone (a,) is 63 mm and the effective depth (d,) is 343 mm.

Moreover, the design calculations of Specimen 11-60-0.85 are based on that the beam
section reaches the ultimate flexural capacity (332 kN.m) when the concrete in the
compression zone reaches the ultimate compressive strain (g., = 0.0035). At 5.0% drift
ratio, the specimen reached a flexural capacity (334 kN.m) equal to the design calculation
value (332 kN.m). At that moment the specimen showed crushing in the concrete cover
of the beam, as shown previously in Figure 6.8 (g), and the tensile strain in the beam
longitudinal reinforcement (15200 micro-strain) was in good agreement with the
calculated strains (15000 micro-strains). The calculated depth of the compression zone
(a,) at that moment is 63 mm and the effective depth (d;) is 368 mm. At 6.0% drift ratio,
the specimen exhibited a flexural resistance of 370 kN.m which is 11.0% larger than the
calculated resistance (332 kN.m) by approaching higher curvature in the concrete section.
To reach a higher flexural resistance of 370 kN.m after losing the concrete cover, the
confined concrete core should reach a higher strain equal to 0.006. Accordingly, the
calculated depth of the new compression zone (a,) is 77 mm and the effective depth (d,)
is 337 mm. The calculation shows increase in the compression zone depth (a,) and
reduction of the effective depth (d,) in Phase 2, as explained before. Consequently, it is
reasonable to observe that the tensile strain in the beam longitudinal reinforcement

(17350 micro-strain) exceeds the design calculated values (1500 micro-strain).
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Figure 6.14: Strain profile for beam longitudinal bars in Series (I1) specimens (continued)
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Figures 6.14 (a) through (f) show the distribution of the tensile strain along the beam
longitudinal reinforcement in the vicinity of the joint area during the increasing loading
drifts. Typically, the figure shows the profile of the tensile strains captured by four strain
gauges mounted along the beam longitudinal reinforcement at the column face, 200 mm
away from the column face inside the beam (Beam side), 150 mm, and 300 mm away
from the column face inside the joint (Joint side), as shown in the legend attached to the
figure. For Specimens 11-30-0.70 and 11-60-0.70, the strain readings increased with the
increase of the drift ratio up to failure as shown in Figures 6.14 (a) and (d). Apparently,
this can be observed also in Figure 6.14 (e) for Specimen 11-60-0.85; however, it should
be noted that Figure 6.14 (e) does not show strain readings at 7.0% drift ratio during

failure of the specimen due to malfunctioning of strain gauges at that level of loading.

For Specimens 11-30-0.85, 11-30-1.0, and 11-60-1.0, the strain values increased with the
increase of loading drifts up to 5.0%, 4.0%, and 6.0%, respectively. Then these
specimens exhibited a drop in the strain values in the successive loading drifts as shown
in Figure 6.14 (b), (c), and (f), respectively; this is in good agreement with the hysteretic
behaviour of these specimens shown previously in Figures 6.1 (b), (c), and (f) where the
specimens showed reduction in lateral load resistance. Also, Figure 6.14 shows that the
maximum strains during all loading drifts were highly concentrated at the column face
where the section at this location is subjected to the maximum moments. It is observed
that the readings of the strain gauge located 200 mm away from the column face in the

beam are equal or very close to the maximum values recorded at the column face. This
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indicates that the formation of the inelastic deformability hinge in the beam extends at

least 200 mm from the column face in all specimens.

The penetration of the tensile strains inside the joint was insignificant for all specimens
up to 1.5% drift ratio then started to increase with the increase of the loading drifts. The
increase of tensile penetration inside the joint was significantly observed in Specimens I1-
30-0.70 and 11-60-0.70 where the tensile strain at the farthest point inside the joint
reached at least 75.0% of the strain developed at the column face. This is attributed to the
high tensile forces developed in the beam reinforcement especially when the beam
reached the maximum flexural capacity. The readings of the strain gauge located 300-mm
away from the column face inside the joint and just before the end-bearing head were
very useful to evaluate the contribution of the end-bearing heads to provide anchorage for
the beam longitudinal bars as will be discussed later in this chapter. Although Specimens
[1-30-1.0 and 11-60-1.0 exhibited the highest flexural resistance compared to their
counterparts with similar concrete strength, they exhibited the lowest values of tensile
strains at the column face. This is attributed to the larger number of longitudinal
reinforcement provided in the joint which collectively resulted in higher tensile force but

with lower tensile strain.

6.4.2 Developed Strains in Joint Transverse Reinforcement
The relationship between the drift ratio and the maximum measured strain in the
transverse reinforcement inside the joint is shown in Figure 6.15 for Series (II)

specimens. The figure also shows the allowable tensile strain limit for transverse
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reinforcement, 4000 and 6000 micro-strain, set by the CSA/S806-02, Clause 12.7.1 (CSA
2002) and CSA/S806-12, Clauses 12.7.5.2, 12.7.3.3 (CSA 2012), respectively. As
highlighted before, this research program started in year 2010 before publishing the
CSA/S806-12; therefore, the design of the specimens was carried out according to the
CSA/S806-02 which was available at that time when the program started. Accordingly, it
deemed necessary for the integrity of the research to evaluate the performance based on

both the current and previous standards.
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Figure 6.15: Maximum strain—drift ratio relationship for joint stirrups

Figure 6.15 shows that Specimens 11-30-0.85, 11-30-1.0, 11-60-0.85, and 11-60-1.0
exceeded the allowable strain limit set by both the CSA/S806-02 and CSA/S806-12. The
aforementioned specimens exceeded the CSA/S806-02 limit at 4.0%, 3.0%, 6.0%, and
5.0% drift ratio, respectively; while the same specimens exceeded the CSA/S806-12 limit
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at drift ratios 5.0%, 4.0%, 7.0%, and 5.0%, respectively. It should be noted that
exceeding the allowable strain limit observed in these four specimens is in agreement
with the diagonal-shear failure in the joint exhibited by these specimens. On the contrary,
the maximum strains in Specimens 11-30-0.70 and 11-60-0.70 kept below the allowable
limits until failure. This is also in agreement with the mode of failure exhibited by both

specimens where the joints were intact until the end of the tests.

The maximum strain value (8500 micro-strain) in stirrups inside the joint was exhibited

by Specimens 11-30-1.0 and 11-60-1.0. This can be attributed to that the joints in both

specimens were subjected to the highest shear stress in the joint (1.0\/f_’c) compared with
the other four specimens in Series (II) which were subjected to lower levels of shear
stress in the joint and consequently lower strains developed in the stirrups. Interestingly,
Figure 6.15 shows that each two specimens subjected to the same level of shear stress in
the joint exhibited the same level of strain in joint stirrups at the end of the test although
that they did not fail at similar drift ratio. For example, Specimens 11-30-0.85 and 11-60-
0.85, at failure, exhibited the same value of maximum strains in the joint of
approximately 6750 and 6920 micro-strain, respectively, although Specimen 11-30-0.85
failed earlier at 5.0% drift ratio while Specimen 11-60-0.85 failed at 7.0% drift ratio. This
indicates that reaching a tensile strain of 6000 micro-strain in the stirrups confining the

joint results in diagonal shear failure in the joint.

It should be also highlighted that for each two specimens having the same level of shear

stress in the joint, for example Specimens 11-30-0.85 and 11-60-0.85, they have different
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concrete strength and consequently different transverse reinforcement since the concrete
strength influences the transverse reinforcement ratio as per Clause 12.7.3.3 (Equation
12-4), CSA-S806-02. Yet, both specimens exhibited the same level of strain in the joint
stirrups at the end of the test although that they did not fail at the same drift ratio.
Accordingly, it is concluded that Equation 12-4 in the CSA-S806-02 accurately
proportions the transverse reinforcement in the joint which results in exhibiting the same
level of strains in stirrups under the same level of shear stress considering the difference

in concrete strength and transverse reinforcement ratio.

Figures 6.16 (a) through (f) show the profile of the strains developed in stirrups located in
the joint during testing at different loading drifts. The vertical axis in the middle of the
figure shows the strain values and represents the centre line of the joint and the horizontal
axis represents the stirrups location in the joint relative to the centre line of the joint. It
should be mentioned that not all the loading drifts have been presented in all figures,
especially for specimens exhibiting low strain values, since adding all loading drifts may
reduce the clarity of the figure. This is done in a way that does not affect the conclusions
drawn from the figure. For example, Figure 6.16 (a) shows the strain profile across the
joint at drift ratios 1.5%, 3.0%, 4.0%, 5.0%, and 6.0%. Strains developed during the drift
ratios 0.8%, 1.0% are hidden since they are insignificant and below the strain profile at
1.5% drift ratio; for 2.0% drift ratio, the strains profile is typically in between the one at

1.5% drift ratio and the one for 3.0% drift ratio.
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Figure 6.16, in general, shows that the strain values increase with the increase in loading
drifts as long as the specimen shows higher resistance to the lateral load and then drops
when the lateral load resistance of the specimen deteriorates with the increase of the
loading drifts. Specimens 11-30-1.0 and 11-60-1.0 showed the highest rates of developing
strain in the stirrups during testing while Specimens 11-30-0.70 and 11-60-0.70 showed the
lowest rate. This is attributed to the shear stress applied to the joint where Specimens I1-
30-1.0 and 11-60-1.0 had the highest shear stress and Specimens 11-30-0.70 and 11-60-0.70

had the lowest one.

Moreover, the strain profile across the joint takes a VV-shape in the early loading drifts up
to a certain drift ratio with high strain values in the sides of the joint and lower values in
the centre of the joint. Afterwards, the strain profile tends to invert its shape with an
increase of the strain at the centre line of the joint. This is attributed to the appearance of
the diagonal shear cracks which starts at the joint sides where the beam longitudinal bars

are anchored and then propagates to the centre of the joint.

6.4.3 Developed Strains in Beam Transverse Reinforcement

In this research study, all specimens were designed to develop the flexural resistance of
the beam section while avoiding shear failure since studying the shear failure in the beam
was out of the scope of this study. The relationship between the maximum strains
developed in the beam stirrups and the corresponding drift ratio is shown in Figure 6.17.
Since the shear failure was not expected in the beam, only two strain-gauges were

mounted on the stirrups in the anticipated inelastic deformability hinge zone. The

186



Chapter 6 — Experimental Results of Series (I11) Specimens

reported values are for the one that captured the maximum strains. It can be noticed that
the strains developed in all specimens were below 3000 micro-strain. The figure shows
that the strain increases with the increase of the loading drifts until reaches a maximum
value then drops down when the lateral load resistance of the specimen drops down as
well. None of the specimens reached the allowable stain limit in stirrups set by either the
CSA/S806-02 or CSA/S806-12. This is attributed to that the confinement requirement for

the section exceeded the shear reinforcement requirements.
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Figure 6.17: Maximum strain—drift ratio relationship for beam stirrups

6.4.4 Developed Strains in Column Longitudinal Reinforcement
Figure 6.18 shows the relationship between the drift ratio and the maximum strains
measured in the column longitudinal bar. As expected the tensile strain values in the

column were way below the ultimate tensile strain as a result of the axial load applied on
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the column. The highest strain values were exhibited by those specimens, namely 11-60-
1.0 and 11-30-1.0, subjected to the highest shear stress in the joint. This is attributed to
that the diagonal shear cracks in the joint starts at the intersection of the column and the
beam where the strain gauge is located a shown in Figure 6.18. As the shear stress
increases in the joint, the diagonal crack width increases which in turn increases the

tensile strain in that location.
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Figure 6.18: Maximum strain—drift ratio relationship for column longitudinal

reinforcement
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6.5 ENERGY DISSIPATION

Figure 6.19 shows the cumulative energy dissipated by Series (Il) specimens during
testing at each loading drift. The cumulative energy dissipation was calculated by
summation of the dissipated energy in successive load-displacement cycles. The energy
dissipated by each cycle is expressed by the area that the hysteretic loop encloses in the
corresponding beam tip load-displacement. It is clear that all specimens experienced the
same low level of the dissipated energy up to 3.0% drift ratio compared to the dissipated

energy at failure of each specimen.

It is generally recognized that there is a strong correlation between the energy dissipated
through the hysteretic action and the seismically induced level of damage. The slope of
the cumulated energy dissipation-drift ratio relationship indicates the concrete damage
rate due to formation of inelastic deformability hinges or/and diagonal shear failure in the
joint. As shown in Figure 6.19 (b), Specimens 11-30-0.70 and 11-60-0.70 had the same
slope up to 4.0% then Specimen 11-30-0.70 showed significant increase in the dissipated
energy at 5.0% and 6% drift ratio while Specimen 11-60-0.70 experienced similar
behaviour after 5.0% drift ratio. This is in agreement with the earlier discussion about the
hysteretic behaviour and the mode of failure of the two specimens where the formation of
inelastic deformability hinges and slippage (damage) started at 4.0% and 5.0% for

Specimens 11-30-0.70 and 11-60-0.70, respectively.

Figures 6.19 (b) to (d) show that specimens of low concrete strength (I1-30-xx)

experienced higher energy dissipation than those of high concrete strength (11-60-xx) at
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the same drift ratio. This is despite the fact that specimens I1-60-xx showed higher lateral
load resistance than specimens I1-30-xx at the same loading drift as shown previously in
Figures 6.3 (a) to (c). It means that the pinching of the hysteretic loops for specimens Il-
30-xx is wider than those of specimens 11-60-xx. This is attributed to the higher ductility
of the lower strength concrete compared to the higher strength concrete which is more
brittle (less ductile) and loses its plasticity as the strength increases. Therefore, higher
strength concrete needs more confinement (Ehsani and Alameddine, 1991). Although the
lower energy dissipation is considered a disadvantage, on the other hand, it means that
the joint regains its original shape after removing the loads, thus requiring minimum

amount of repair after surviving such a loading event.
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Figure 6.19: Cumulative energy dissipated by Series (I1) specimens (continued)
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Figure 6.19: Cumulative energy dissipated by Series (I1) specimens (continued)
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Figure 6.19: Cumulative energy dissipated by Series (11) specimens

6.6 STIFFNESS-DRIFT RELATIONSHIP

It is established that the overall stiffness of the RC structural members is influenced by
the member dimensions, concrete elastic modulus, amount and stiffness of the
reinforcement and the level of cracking. In this research study, the influence of the
member dimensions was disregarded for all specimens since all specimens had the same
concrete dimensions. Moreover, the influence of concrete elastic modulus due to
differences in concrete strength accounts mainly before cracking of section. This means
that the reinforcement stiffness dominates the overall stiffness of the specimens at
different loading stages after cracking. Figure 6.20 shows the stiffness-drift ratio

relationship for Series (I1) specimens during loading drifts. Figure 6.20 (a) shows the
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stiffness-drift ratio relationship for the full range of applied drift ratio starting from the
un-cracked gross section to the failure of each specimen. While Figure 6.20 (b) is a
magnification of the same relationship focussing on drift ratio from 1% to failure of each
specimen. In Figure 6.20, the stiffness of the specimen is calculated from the load-lateral

displacement relationship as the slope of the line connecting the two peaks of load.

As shown in Figure 6.20 (a) the range of calculated stiffness of specimens in the un-
cracked stage was approximately between 16 and 20 kKN/mm due to the differences in
concrete strength. Then once the specimens are cracked, the stiffness range dropped to
values approximately between 4 to 8 KN/mm due to cracks occurred in the beam section
at column face (critical section in flexure). This implies that the stiffness in the cracked
stage is approximately 25% to 40% of the original stiffness calculated based on the gross
inertia of the un-cracked sections. This is in agreement with the cracked section
properties of steel-RC beams used by the CSA/A23.3-04, Clause 21.2.5.2.1. This clause
requires that reduced section properties shall be used as a fraction of the gross section
inertia in the analysis to determine the straining actions and deflections of the structure,
where in beams 40% of the gross inertia shall be used. The same clause also provides
values of the reduced effective properties for other steel-RC structural elements such as

columns, coupling beams, walls, and slab frame elements.

As shown in Figure 6.20 (b), it can be noticed that Specimens 11-30-1.0 and 11-60-1.0
recorded the highest stiffness among the other specimens. This is attributed to the higher

reinforcement ratio in these two specimens compared with the other specimens in Series
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(11). In general, specimens of lower concrete strength experienced loss of stiffness faster
than those of higher concrete strength. Moreover, specimens subjected to high shear
stress in the joint, 11-30-1.0 and 11-60-1.0, experienced loss of stiffness faster than other

specimens subjected to lower shear stress in the joint.
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Figure 6.20: Stiffness—drift ratio relationship for Series (11) specimens
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6.7 DRIFT COMPONENTS

As discussed before in Chapter 5, the main drift components that were measured in this
study consisted of: 1) development of main crack on the column face including strain
penetration inside the joint; 2) rotation in the anticipated beam inelastic deformability
hinge zone within a distance equal to the effective depth of the beam from the column
face; and 3) distortion in the joint due to shear deformation as shown in Figures 6.21 (a),
(b), and (c), respectively. Other drift components such as column rotation, elastic flexural
cracking away from the inelastic deformability hinge, and shear deformation in the beam
were not considered in this study. It should be noted that the measurement of the different
contributing components stopped at the loading drift when the beam or the joint lost the

concrete cover where the LVDTs were attached to.

Mrr—

e R

a) Main crack on column face  b) Inelastic deformability hinge c) Joint distortion

Figure 6.21: Major components contributing to total drift angle

Figures 6.22 (a) through (f) show the contribution of the studied drift components to the
overall rotation of the specimens. The remaining part of the curve reflects the other
components which were not considered as mentioned above. The figures show that the

development of main crack on the column face along with the strain penetration inside
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the joint (referred to as “Main crack at column face” in the figures) contributed to the

total drift by approximately 15% to 35%. Also, the formation of the inelastic

deformability hinges in the specimens contributed to the total drift angle by

approximately 30% to 45%. Collectively, the contribution of the previous two

components was in the range of 50% to 65% through all levels of loading drifts.

It should be noted that for Specimen 11-30-1.0, the LVDTs attached to the beam were

removed after the 3.0% drift ratio due to concrete damage at the points where the LVDTs

were attached. Similar note is applicable in Specimen 11-30-0.85; however, for those

LVDTs assigned to measure the deformation of the inelastic deformability hinge.
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Figure 6.22: Components contribution to total drift angle for Series (1) specimens
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Figure 6.22: Components contribution to total drift angle for Series (1) specimens

Series (1) specimens were designed to study the behaviour under different shear stress
levels in the joint; therefore, evaluation of the joint distortion contribution is a good
indication for shear deformation exhibited by the joints. Figures 6.22 (a) to (f) show that
the shear distortion in the joint increases with the increase of loading drifts and reaches
its maximum value just before the end of the test when each specimen experiences its
maximum lateral load resistance. Figure 6.23 shows the contribution of the joint
distortion to the drift angle at successive loading drifts during testing. The Figure shows

that Specimens 11-30-1.0 and 11-60-1.0 subjected to the highest shear level in the joint

(1.04/f'.) recorded a significant joint distortion contribution to the total drift angle by

46% and 33%, respectively. The specimens subjected to lower shear stress in the joint
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exhibited lower values of joint distortion. Furthermore, it is noticed that specimens of
lower concrete strength (I11-30-xx) suffered higher distortion in the joint than their
counterparts of higher concrete strength (11-60-xx). This observation is in good agreement
with the cracking pattern of the joints and tensile strains exhibited in the joint stirrups
during testing. It is worth to mention that in RC frames resisting seismic loads, it is
desirable to maintain the joint intact and in elastic condition in order maintain the
stability and axial capacity of the column taking into consideration that the joint is part of
that column. Therefore, it is required to limit the shear deformation in the joint to provide

stability for the structure.
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Figure 6.23: Contribution of joint distortion to total drift angle for Series (I1) specimens

201



Chapter 6 — Experimental Results of Series (I11) Specimens

6.8 ANCHORAGE PERFORMANCE OF GFRP HEADED BARS

In Series (Il) specimens, headed bars were used to provide anchorage for beam
longitudinal bars into the joint by bearing. The anchorage contribution of the heads to
resist the pull-off tensile forces developed in the beam longitudinal reinforcement at the
column face was evaluated in this study. In general, the tensile force developed in the
beam longitudinal reinforcement is resisted by embedding the bar in the concrete with a
depth equal to or larger than the full development length. In this case, the tensile force is
solely resisted by bond stresses between the reinforcement surface and the concrete. In
frame elements where the depth of the column is less than the full development length, an
end-anchorage detail is required either by using standard hooks or by using bearing
heads. In this case the resisting force will be a combination of the bond stresses on the
available bar length in contact with concrete and the end-anchorage as shown in Figure

6.24.

To evaluate the contribution of the end-bearing heads in the beam column specimens
while maintaining effective bond interaction between the bar and the concrete (no bond
breaker is used around the bar to eliminate the bond), a strain-gauge was mounted on the
bar just before the bearing head (i.e. 300 mm away from the column face inside the joint)
as shown in Figure 6.24. This strain-gauge records the tensile strain developed in the bar
that to be resisted by the end-bearing head. Figure 6.25 shows the relationship between
the tensile strain recorded by that strain-gauge shown in Figure 6.24 and the loading
drifts for Specimens 11-30-0.70 and 11-60-0.70 which both exhibited slippage failure at

the end of testing. As shown in Figure 6.25, the developed strain increased with the
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increase of the loading drifts as a result of the tensile force increase in the longitudinal
reinforcement. At the end of testing and just before failure of the bearing heads,
Specimens 11-30-0.70 and 11-60-0.70 exhibited tensile strain values, in the bar section just
before the head, approximately equal to 12000 and 13550 micro-strain, respectively.
These strain values represent 65% and 74% of the ultimate tensile strain of the bar. This
means that the bearing heads were capable of resisting at least 65% of the ultimate tensile

strength of the longitudinal reinforcement (i.e 0.65 * 1100 = 715 MPa).

Bearing force Bond force

Tensile force developed
[ ——-
in the bar

Strain gauge
Surrounding gaug

Concrete

Figure 6.24: bearing resistance of beam longitudinal headed reinforcement
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Figure 6.25: Bearing contribution of beam longitudinal headed bars in specimens 11-30-

0.70 and 11-60-0.70

It is worth mentioning that during testing of Series (Il) specimens, two modes of failure

in the anchorage heads were observed as shown in Figures 6.26 and 6.27. The first mode

of failure occurred due to the failure in the interface between the bar and the head due to

shearing-off of the bar ribs in contact with the head, as shown in Figure 6.26 (a). Once

the interface between the bar and the head failed, a sudden pullout of the bar through the

concrete core of the joint occurred. This mechanism was resisted solely by the

mechanical bond between the deformed surface of the bar and the concrete which in turn

caused some damage to the deformed ribs along the bar surface as shown in Figure 6.26

(b). The second mode of failure occurred due to splitting of the anchorage head bearing

base (i.e. end part of the largest diameter) as shown in Figure 6.27.
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It should be noted that the observed modes of failure in the anchorage heads were

influenced by the shear stress in the joint. In Specimens 11-30-0.70 and 11-60-0.70 where

the joints were subjected to low shear stress (0.70\/ﬂ) and experienced elastic
behaviour with no damage until the end of the test, the intact surrounding concrete
confined the head to act integrally as one unit. While in those specimens exhibited shear
diagonal failure in the joint, the surrounding cracked concrete did not provide enough
confinement to the whole head to act as one unit; instead, it created a slight space around
the head which resulted in concentration of bearing stresses on the head base (with the
largest diameter) resulting in splitting of base as shown in Figure 6.27. After losing the
head base, the anchorage of the bar was developed by a wedging mechanism resulted

from the remaining conical-shaped part of the head.

..

(a) Failure in the contact surface between the bar and the head
Figure 6.26: Failure of end-bearing heads in Specimens 11-30-0.70 and 11-60-0.70

(continued)
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(b) Shear-off in bar ribs

Figure 6.26: Failure of end-bearing heads in Specimens 11-30-0.70 and 11-60-0.70

Conical-shaped portion

(a) Anchorage head

Figure 6.27: Failure end-bearing heads in Specimens 11-30-0.85, 11-30-1.0, 11-60-0.85,
and 11-60-1.0 (continued)
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(b) Loss of head base

(c) Remaining part of the head attached to the bar inside the joint core

Figure 6.27: Failure end-bearing heads in Specimens 11-30-0.85, 11-30-1.0, 11-60-0.85,

and 11-60-1.0
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6.9 INFLUENCE OF SHEAR STRESS IN THE JOINT ON THE OVERALL

BEHAVIOUR
Three different shear stress levels were tested in Series (II) specimens;0.70/f". ,

0.85/f’. , and 1.0/ f'. . In the light of the observations and results of testing Series (Il)

specimens, the influence of the shear stress in the joint can be summarized as follows:

1) Although Specimens 11-30-1.0 and 11-60-1.0 showed the highest lateral resistance
compared with their counterparts with lower shear stress level in the joint, the high shear
stress in the joint in these two specimens accelerated the degradation in the lateral
resistance capacity and consequently the failure of the specimens as shown previously in

the hysteretic behaviour figures.

2) High shear stress in the joints of Specimens 11-30-1.0 and 11-60-1.0 prevented both
specimens to achieve the calculated lateral capacity as shown previously in Table 6.1 and

to maintain their maximum lateral resistance during the successive loading drift.

3) The low shear stress in the joints exhibited by Specimens 11-30-0.70 and 11-60-0.70
limited the cracks and non-linear deformations in the joint which helped the joint stay in
the elastic range. This in turn is reflected on maintaining the axial capacity of the column.
On the contrary, the high shear stress in the joint increased the intensity and the width of
the cracks in the joint which increased the permanent deformation in the concrete core of

the joint.

208



Chapter 6 — Experimental Results of Series (I11) Specimens

4) Each two specimens subjected to the same level of shear stress in the joint exhibited
the same level of strain in joint stirrups at the end of the test although that they did not

fail at similar drift ratio.

5) Specimens 11-30-1.0 and 11-60-1.0 subjected to the highest shear stress in the joint
exhibited the maximum values of tensile strain in the joint stirrups which exceeded the

allowable strain limits in the stirrups set by the CSA/S806-02 and the CSA/S806-12.

6) Although Specimens 11-30-1.0 and 11-60-1.0 exhibited the highest stiffness in the early
stages of loading, high shear stress in the joint accelerated the stiffness degradation of the
specimens to the point that they exhibited lower stiffness at the end of the test compared
to their counterparts with lower shear stress in the joint as shown previously in Figure

6.20.

7) High shear stress in the joints significantly increased the distortion of the joint which
resulted in at least one third of the specimen drift angle was attributed to distortion

occurred in the joint as shown in Figure 6.23.

8) The shear stress in the joint influenced the anchorage performance of the beam
longitudinal GFRP headed bars embedded into the joint. The shear stress influenced the
cracking pattern and the non-linear deformation in the concrete core of the joint which in
turn influenced the anchorage capacity and performance of the headed bars embedded in

the joint as shown previously in Figures 6.26 and 6.27.
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6.10 EVALUATION OF THE STRUCTURAL BEHAVIOUR BASED ON THE
ACI 374.1-05
6.10.1 Acceptance Criteria for Moment Frames Based on Structural Testing and
Commentary ACI 374.1-05
The objective of the ACI 374.1-05 Standard (ACI 2005) is to define the minimum
experimental evidence that shall be provided in order to validate the use of steel-RC
moment resisting frames not satisfying the seismic provisions and requirements of
Chapter 21 of ACI 318-99 (ACI 1999) for structures in regions of high seismic risk. For
regions of moderate seismic risk or for structures assigned to satisfy intermediate seismic
performance, less stringent provisions than those specified by this standard are
appropriate. Although the ACI 374.1-05 was originally published to evaluate the
structural behaviour of steel-RC frames; in the absence of such standards relevant to the
FRP-RC frames, it is thought useful to use the ACI 374.1-05 as a guideline to evaluate
the structural behaviour of the GFRP-RC test specimens in this program. The evaluation
criteria set by the ACI 374.1-05 will be explained and discussed in order to evolve
evaluation criteria that can be applied on the FRP-RC moment resisting frames and in the
meantime consistent with the Canadian standards. Subsequently, the evolved evaluation

criteria will be applied to each of Series (11) specimens.

6.10.2 ACI 374.1-05 Evaluation Criteria

1) Design Procedure: The ACI 374.1-05 requires that a design procedure shall have been
developed for prototype frames having the generic form for which acceptance is sought

and that design procedure shall be used to proportion the test modules. Regarding Series
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(1) specimens reinforced with GFRP bars and stirrups, the design procedure was
proposed in Chapter 3 and the design calculation of the specimens are provided in

Appendix A.

2) Adequate Large Scale: The ACI 374.1-05 requires that test specimens shall have a

scale large enough to represent fully the complexities and behavior of the real materials
and of the load transfer mechanisms in the prototype frame. Test prototypes shall have a
scale not less than one-third full size. The minimum extent of the isolated specimens shall
be the distance between the contra-flexure points nearest to that joint for both beams and
columns for linear elastic lateral load response of the generic moment frame. For all
specimens in this experimental program, all the GFRP-RC specimens were full scale

specimens.

3) Structural Integrity: The ACI 374.1-05 requires that the test results shall demonstrate

the ability of the frame to retain its structural integrity and support its specified gravity

loads through peak displacements equal to or exceeding storey drift ratios of 3.5%.

For the response of a structure regarding the design of seismic shear force, building codes
normally specify a maximum allowable inter-storey drift. Structures which were designed
to meet that drift limit, however, may experience greater drifts during an earthquake
equal to the design basis earthquake. Actual drifts depend on the strength of the structure,
its initial elastic stiffness, and the ductility expected for the given lateral load resisting

system. Specification of suitable limiting drifts for the test modules requires
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interpretation and allowance for uncertainties in the assumed ground motions and

structural properties.

The rationale to set the 3.5% drift ratio as a key value in the evaluation criteria of the ACI
374.1-05 is explained in this part. In the International Building Code 2000 (IBC, 2000),
which was available at the time when the ACI 374.1-05 was prepared, the design seismic
shear force applied at the base of a building is inversely related to a response
modification factor (R). This (R) factor increases in higher ductility lateral force resisting
systems. To maintain the integrity of a structure that responds inelastically, the inter-
storey drifts should be limited to certain values depending on hazard posed by the

building and the building height.

As per the IBC-2000, for moment resisting frames which are part of a building
representing a substantial hazard to human life in the event of a failure, the allowable
story drift ratio is 2.0% for frames of four stories or less in height and 1.5% for frames
greater than four stories in height. If the building failure does not pose a substantial

hazard to human life, the corresponding drift ratios are 2.5% and 2.0%, respectively.

To compensate for the use of the (R) value, the IBC 2000 requires that when the design
storey drift is calculated using a linear dynamic analysis, the calculated drift should be
multiplied by a deflection amplification factor (Cg4). That amplified design storey drift
must be less than the allowable story drift set by the code. For example, in monolithic

frames satisfying the requirements of 21.1 through 21.5 of ACI 318-99, C4 is assigned a
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value of 5.5. However, research studies (Uang and Maarouf, 1993) have found that the
amplified design storey drift may be too low. Alternatively, drift ratios of 8 times the
IBC-calculated values (rather than 5.5) are more representative to the upper bounds of the
expected drift ratios. The value of 8/5.5 times the IBC 2000 allowable drift limits results
in new values on real drift ratios of 2.2% to 3.6%. Therefore, a value of 3.5% drift ratio
was chosen by the ACI 374.1-05 as a conservative limit to be satisfied by the test
modules. This key value of 3.5% drift ratio was adopted based on an outdated standard
(IBC 2000). Therefore, another value can be calculated using the same procedure,
however; in conformance with the current International Building Code 2012 (IBC 2012)

and the current National Building code of Canada (NBC 2010).

The International Building Code 2012 (IBC 2012) requires that structures shall be
designed according to the ASCE/SEl 7-10 Standard ‘“Minimum design loads for
buildings and other structures” (ASCE 7, 2010). The ASCE/SEI 7-10 is more stringent
than the IBC 2000; it limits the storey drift ratio to 2.0%, and 1.5% in buildings of 4
stories or less categorized as Risk Category 11, and IV, respectively. For buildings higher
than 4 stories, the limit is 1.5%, and 1.0%, respectively. Buildings in Risk Category IlI
are those structures which their failure could pose a substantial risk to human life with
potential to cause a substantial economic impact and/or mass disruption of day-to-day
civilian life in the event of failure; while Risk Category IV is for Buildings and other
structures designated as essential facilities. R and Cqy factors for Special reinforced
concrete moment frames are 8 and 5.5, respectively, as per Table 12.2-1 in the ASCE/SEI

7-10. Therefore the modified key drift ratios that can be used to evaluate the test results

213



Chapter 6 — Experimental Results of Series (I11) Specimens

are 2.9 % and 2.2% not considering the importance factor. A value of 3.0% drift ratio can

be then adopted to conform to the current American standards.

Regarding the National Building Code of Canada (NBC 2010), it requires that the largest
inter-storey drift at any level not to exceed 1.0% for post-disaster buildings, and 2.0% for
High Importance Category buildings as per Clause 4.1.8.13. The same clause requires
that the calculated lateral deflection of the structure using a linear elastic analysis method
shall be multiplied by Rq Ro/ Ig; where Rq , R, , and Ig are the ductility-related force
modification factor, over-strength-related force modification factor, and earthquake
importance factor, respectively. Ry and R, factors can be obtained from Table 4.1.8.9 in
the NBC 2010 based on the construction material and relevant code of design, and the
Seismic Force Resisting System (SFRS) selected to resist the seismic forces. FRP-RC
seismic force resisting systems designed according to the CSA/S806-12 are not addressed
in Table 4.1.8.9 in the NBC 2010 because of the lack of research and experimental data
in this field. Therefore, the CSA/S806-12 in Clauses 12.4.2.4 and 12.4.2.5 requires that
Rq and R, shall be taken equal to 1.0. Alternatively, the key value of the drift ratio
required to evaluate the behaviour of the specimens can be adopted from the CSA/S806-
12, Clause 12.7.5.2, which requires that the amount of transverse FRP-reinforcement in
SFRS columns shall be calculated in accordance with Clauses 12.7.3.3 and 12.7.3.4 using

a design drift ratio equal to 4.0% for frames subjected to high seismic actions.
Accordingly, a 4.0% drift ratio (A4) will be considered the drift level at which acceptance

is sought in the evaluation of the structural behaviour of the test specimens.
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4) Relative energy dissipation ratio (3): The ACI 374.1-05 requires that for cyclic loading

at the given drift level at which acceptance is sought, but not less than a drift ratio of
3.5%, the relative energy dissipation ratio (f) calculated from the measured results of the
third cycle between the limiting acceptance drift ratios must equal or exceed 0.125. The
relative energy dissipation ratio (f) is the ratio of actual to ideal energy dissipated by test

specimen during reversed cyclic loading between given drift ratio limits. The relative
energy dissipation ratio concept is similar to the equivalent viscous damping concept
used by Clauses 13.3.3.1 and 13.9.5.2 in the NEHRP Provisions (NEHRP, 1997-a) and
the Commentary (NEHRP, 1997-b) for design and evaluation of seismically isolated
structures. It can be expressed as the ratio of the area of the hysteresis loop for that cycle
to the area of the circumscribing parallelograms defined by the initial stiffness during the
first cycle and the peak resistance during the cycle for which the relative energy

dissipation ratio is calculated as shown in Figure 6.28.

The relative energy dissipation ratio concept illustrated in Figure 6.28 is for the third

cycle for the key drift ratio (4). As shown in the figure, the relative energy dissipation
ratio (/) is equal to the ratio between the hatched cycle and the circumscribing area (A B
01 C D 0y). The circumscribing area (A B d; C D 0d,) consists of two parallelograms, A

B 01 0, and 0, 0, C D. The east and west sides of the parallelogram A B 0, 0, are sloped

equal to the initial stiffness (K) of the first loading cycle in the positive lateral direction;
the height of the side AB from the drift axes (datum) represents the peak lateral load (L)

resisted in the positive loading direction for this cycle. Similarly, the boundaries of the
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parallelogram d, d; C D are determined taking into consideration that the peak lateral
load and the initial stiffness are different in the negative loading direction. The total area

of the two parallelograms equals to (L; + L2)*(d1 + 0»).

It is worth mentioning that, in a building frame as compared to a test specimen, damping
is generally also provided by column hinging at the base of the frame in addition to the
beam hinging. Hence, the relative energy dissipation ratios for SRFS frames will
probably be greater than the values established from the test specimens. Moreover,
typical relative energy dissipation ratios at 3.0% drift ratio have been reported to be 30,
17, and 10% for reinforced concrete, hybrid reinforced/pre-stressed concrete, (Cheok et
al., 1996), and pre-stressed concrete modules (Stanton and Mole, 1994; Priestley and

Tao, 1993), respectively.

A} Hatched area of the 3rd cycle
B=Ap/(L;+L;)(8;+3)

Figure 6.28: Calculation of the relative energy dissipation ratio (5)
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5) Adequate Initial Stiffness: To ensure that test specimens have adequate initial stiffness,

they shall have attained a lateral resistance equal to (L) before its drift ratio exceeds a
value of (4¢) as shown in Figure 6.29.

Where L, : is the nominal lateral resistance of test specimen determined using specified

geometric properties of test members, specified reinforcement strength, specified

compressive strength of concrete, a strain compatibility analysis for flexural moment

strength, and a strength/material reduction factor (¢) of 1.0; and
Ac :is a limiting initial drift ratio consistent with the allowable storey drift limitation of

the relevant building code (4y); it equals to A4, / ¢ Cq.

To apply this condition using the NBC 2010, the allowable story drift limitation (4,) is
equal to 2.0% (for High-Importance Category buildings), the deflection amplification
factor (Cq) will be replaced by Rq Ro/ Ie where Rqg = R, = 1.0 and Ig = 1.3, and ¢ = 0.75
for FRP reinforcement as per the CSA/S806-12, Clause 7.1.6.3. Accordingly, A¢ will be

equal to 2.0% / (0.75/1.3) = 3.5%. Of course this value (3.5%) of Ac is not realistic since

it exceeds the NBC 2010 drift ratio limit (2.0%). This is attributed to using R4 = R, = 1.0
as a result of that the ductility and over-strength characteristics of the FRP-RC SFRS
have not yet been demonstrated due to lack of research and experimental data in this

field. Therefore, in the light of the previous explanation and available limited knowledge,
the limiting initial drift ratio (4¢c) will be taken equal to 2.0%; however, more research is

still required to set a more reliable value for this condition.
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9

Figure 6.29: Schematic drawing for key values used in the evaluation criteria

6) Flexural Strength Ratio (A): It also requires that those frames satisfy the strong

column-weak beam action by having a flexural strength ratio (A) [also known as column

over strength factor] of at least 1.2 as required by the ACI 318-99. All of Series (1)
specimens were designed so that the lowest flexural strength ratio was 1.42 as shown in
Table 4.4, Chapter 4. The Seismic provisions of the CSA/S806-12, Clause 12.7.5, require
that “The sum of the factored flexural resistances of the column sections framing into a

joint, accounting for axial loads, shall exceed the sum of the nominal flexural resistances
of the beams framing into the same joint”. This means that the flexural strength ratio (A)

should exceed 1.0. To provide strong column-weak beam mechanism, the maximum
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lateral resistance (L,,) recorded in the test shall have not exceeded (4 L,), where 1 is the

specified over-strength factor for the test column as shown in Figure 6.29.

In light of the experimental results, it is sought that in the design of FRP-RC frames a
stringent value higher than 1.0 should be used for the flexural strength ratio to achieve the
strong column-weak beam action. The discussion of this recommendation is discussed

later in Chapter 9.

7) Strength Degradation: this condition was set to limit the strength degradation at high

drift ratios after reaching the maximum capacity (Lmax). It requires that the peak force for
a given loading direction shall have been not less than 0.75 L.y for the same loading

direction at the drift level at which acceptance is sought (4), but not less than a drift ratio
of 3.5%, as shown in Figure 6.29. In this study, the drift level at which acceptance is
sought; (A4) is equal to 4.0%. When strengths differ for opposite loading directions, this

requirement applies independently to each direction.

8) Secant Stiffness: For cyclic loading at the drift level at which acceptance is sought, but

not less than a drift ratio of 3.5%, the secant stiffness from a drift ratio of —0.35% to a
drift ratio of +0.35% shall have been not less than 0.05 times the stiffness for the initial

drift ratio (K) defined previously in item 5. In this study, the drift level at which

acceptance is sought; (4) is equal to 4.0%.
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6.10.3 Application of the ACI 374.1-05 Evaluation Criteria on the Test Specimens

In this section the evaluation criteria, evolved in the previous section, are applied to the
six specimens of Series (Il). Regarding the design procedure condition, all specimens
satisfied this condition and indeed were designed according to an established design
criterion as discussed before in Chapter 3. Also the specimens satisfied the adequate scale

conditions as they were constructed as full scale specimens.

1) Relative energy dissipation ratio (5):

Table 6.3 shows the structural evaluation of each specimen in Series (II) with respect to

the evaluation criteria discussed before. Regarding the relative energy dissipation ratio
(B), the table shows that specimens 11-30-xx satisfied this condition and exceeded the

accepted value of 0.125 while specimens 11-60-xx could not pass this value; however,
they exhibited values (0.108, 0.109, 0.111) which are very close to 0.125 and the

difference was insignificant. The reason for low values of relative energy dissipation ratio
(B) exhibited by specimens 11-60-xx is attributed to the way the inelastic deformability

hinges in the beam form, as discussed before in Section 6.3. Specimens with high
concrete strength tend to form the V-notch hinges with minimal concrete crushing
contrary to specimens I1-30-xx with low concrete strength where the flat surface hinges
form with significant crushing of concrete in the vicinity of the inelastic deformability
hinge. It is observed that Specimens 11-30-1.0 and 11-60-1.0 which were subjected to high
shear stress in the joint dissipated the highest level of energy in their concrete category.
This is attributed to the excessive non-linear deformation and crushing of concrete in the

joint not to the formation of inelastic deformability hinges in the beams.
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Moreover, it should be noted that the calculated values for the relative energy dissipation
ratio () exhibited by Series (1I) GFRP-RC specimens are in agreement with the pre-

stressed concrete modules reported by Stanton and Mole (1994), and Priestley and Tao
(1993). Accordingly, it can be concluded that the behaviour of the specimens with respect
to the dissipation of energy is more or less satisfactory; however, steel-RC structures

outperform the GFRP-RC structures by approximately 2 to 3 times.

In general, to maintain high levels of energy dissipation while benefiting from the non-
corrodible nature of GFRP reinforcement, and overcome the corrosion problem of steel
reinforcement, a viable solution to this issue can be the use of hybrid seismic resistant
systems. In hybrid seismic resistant systems, steel RC shear walls can provide lateral load
resistance and absorb the seismic energy while using GFRP-RC moment resisting frames
as the main structural system to support gravity loads. The presence of steel RC shear
walls does not eliminate the need of the adjoining GFRP-RC frame members to share part
of the seismic loads and lateral drifts through their seismically-induced deformations.
Accordingly, GFRP-RC moment resisting frames should be properly designed and

detailed to resist seismic forces.
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Table 6.3: Evaluation of the structural behaviour of Series (I1) specimens

Evaluation Criteria

Relative Energy

Adequate Initial

Flexural Strength Ratio

Strength Degradation

Secant Stiffness / Initial

Specimen | Dissipation Ratio () | Stiffness at 2.0% drift () before 4.0% drift Stiffness (K)
at 4.0% drift ratio ratio Design |Experimental ratio Lo;\él?ng Lo;(/ﬁng

1-30-0.70 |  0.134>0.125 | Onlyachieved 68% L, | 1.73 1.73 Dil‘f);‘gitn‘acgfr’;rt‘igﬁth 0.43 0.41
I-30-0.85 | 0.137>0.125 | Onlyachieved 71% L, | 156 1.46 Dil‘i;‘é’itn‘écgi“rgt‘igﬁth 0.46 0.43
11-30-1.0 0.228>0.125 | Only achieved 75% L, | 1.40 1.44 Dil‘iggitn‘acgfrgt‘iggth 0.30 0.3
I-60-0.70 |  0.108<0.125 | Only achieved 60% L, | 1.78 1.78 Dil‘i;‘é’itn‘écgi“rgt‘igsth 0.5 0.5
1-60-0.85 | 0.109<0.125 | Only achieved 60% L, | 1.64 1.46 Di%;c?itngcgiur;(i:?igr?th 0.52 0.53
11-60-1.0 0.111<0.125 | Only achieved 62% L, | 1.45 151 Dil‘lggitn‘;‘:gi“rgt‘igﬁth 0.55 0.53
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2) Adequate initial stiffness:

For the requirement of adequate Initial Stiffness at 2.0% drift ratio, Table 6.3 shows that

the specimens did not achieve the nominal capacity (L) before or at the 2.0% drift ratio

and only achieved a range of 60% to 75% of (L,). Apparently, the specimens did not

satisfy this condition; however, a careful analysis to the maximum strain—drift ratio
relationship for beam longitudinal reinforcement at the column face, Figure 6.12, shows
that the specimens exhibited a strain range of approximately 6500 to 8500 micro-strain.
These values of strains reflect a stress range of 400 to 527 MPa which is the same stress
range that steel RC specimens would reach to achieve the nominal capacity and would
have been considered satisfactory specimens. However, the issue here is that the tensile
strength of GFRP reinforcement is 2 to 3 time higher than steel reinforcement.
Accordingly, GFRP-RC sections have greater flexural capacity when compared to their
counterparts reinforced with the similar reinforcement ratio of steel reinforcement.
Therefore, the GFRP-RC specimens have reserved capacities after reaching 2.0% drift
ratio, which enable them to resist seismic forces linearly with no strength degradation
while increasing the loading drifts. This is attributed to the linear-elastic behaviour of the

GFRP reinforcement until failure.

In light of these results, when moment resisting frames are the main SFRS, it is
recommended to calculate the nominal flexural capacity of the GFRP-RC beam sections
at a stress level in the GFRP longitudinal bars does not exceed 500 MPa. This
recommendation is to ensure that the section will attain this capacity at or prior reaching

the drift ratio limit set by the relevant code.
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3) Flexural Strength Ratio (A):

Table 6.3 shows the design and the experimental flexural strength ratio for each
specimen. Specimens 11-30-0.85 and 11-60-0.85 which achieved higher flexural capacity
in the beam showed lower experimental flexural strength ratio than the design value;
contrary to specimens 11-30-1.0 and 11-60-1.0. Taking into consideration that none of the
specimens exhibited flexural failure in the column, it is recommended to use the lowest

value of the flexural strength ratios (1) (i.e. 1.4), shown in Table 6.3, as a satisfactory

conservative level in the design. When more research is done, a lower value may be

considered then.

4) Strength Degradation:

Table 6.3 shows that all specimens did not show any strength degradation before the
4.0% drift ratio. This is attributed to the linear behaviour until failure of the GFRP
reinforcement. The lateral resistance of the specimens increased with the increase of the

loading drifts up to 5.0% drift ratio.

5) Secant Stiffness:

Table 6.3 shows that all specimens satisfied this condition where they showed stiffness
near the zero loads that is greater than 0.05 times the initial stiffness (K) of each
specimen. This is attributed to the elastic behaviour of the GFRP reinforcement, through

which the specimens showed elastic behaviour with insignificant permanent deformation.
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CHAPTER 7

NUMERICAL MODELLING

7.1 GENERAL

Limited number of parametric studies (Sritharan et al. 2000, Sritharan 1998, Rashid et
al. 2000, Li 2003) has been carried out on steel RC beam-column joints using commercial
software packages such as ABAQUS (Hibbitt et al., Inc.), ANACAP (ANATECH
Research Corp.), and ATENA-3D (Cervenka and Niewald 2005). These studies
investigated the performance of beam-column joints reinforced with steel reinforcement.
However, to investigate the essential requirements for modelling reinforced concrete
structural elements with the aforementioned software packages, studies of other structural
elements, such as slabs, columns, bridge girders and shear walls are indeed helpful to be
considered and reviewed (Hassan et al. 2000, James et al. 2001, Li et al. 2005, El-
Ragaby et al. 2005, Seliem et al. 2006, Xu et al. 2007). There was a good agreement
between all these studies to use the same material library and elements for both

reinforcement (steel or FRP) and concrete.

The analytical part of this study consists of two stages. The objective of the first stage is
to build non-linear finite element models (FEM) that reasonably predict the behaviour of
real structural elements. ATENA-3D finite element software package (Version 4.3.1) was
used to build the finite element models. The finite element analysis considered both
geometrical and material non-linearity. In this regards, the results obtained from the finite

element analysis are verified against the results of experimental testing of full scale
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beam-column joint specimens. The second stage aimed to use the verified models to
conduct a parametric study on the different parameters known to affect the beam-column
joints. In the following sections, detailed information about the selected materials,
elements, as well as the suggested methods for connecting the reinforcement and concrete
elements are discussed. However, details about ATENA-3D finite element characteristics
can be found in theory and user manual of the program (Cervenka and Niewald 2005,

Cervenka et al. 2012).

7.2 ATENA-3D FINITE ELEMENT MODEL

7.2.1 Concrete Material

An eight-node, 3-D solid, brick element “CClIsoBrick”, is used for the three-dimensional
modeling of concrete. The concrete material was modeled using the Fracture-Plastic
Constitutive Model (CC3D Non-Linear Cementitious 2). It combines constitutive models
for tensile (fracture) and compressive (plastic) behavior of concrete. The fracture model
is based on the classical orthotropic smeared crack formulation and crack band model
where the Rankine failure criterion is used for concrete cracking, exponential tensile
softening, and can be used as rotated or fixed crack model. The hardening/softening
plasticity model under compressive stresses is based on Menetrey-Willam failure surface
(Menetrey et al. 1997). This model can be used to simulate concrete cracking and
crushing under high confinement, and crack closure due to crushing in other material

directions.
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The Menetrey-Willam failure surface adopts the uniaxial compressive concrete test based
on the experimental work of Van Mier (1986) where, in the concrete stress-strain
relationship, the softening curve is linear and the elliptical ascending part as shown in

Figure 7.1 and given by the following equations:

5= foot (e~ ol {1~ [(ec = eeq?) /el 74
Where  fop =2f'; 72)

e =f.IE; [7.3]

Wa= (£eg? — £7) Le 7.4

Where £, is the starting point of the non-linear curve, &! is the value of plastic strain at

the max compressive strength, on the descending curve, shown in Figure 7.1, the
equivalent plastic strain (qu) is transformed into displacements through the length scale

parameter (L.).

f a |

(@) Non-linear ascending part (b) Linear descending part

Figure 7.1: Van Mier compressive stress-strain relationship of concrete
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It should be noted that there are additional interactions between the plasticity and fracture
models that is considered by the software to properly describe the behaviour of the

concrete material;

e The tensile strength of the concrete decreases after the concrete crushes;

e The compressive strength also decreases when cracking occurs in the
perpendicular direction (strength-softening effect) as explained by Vechio and
Collins (1986) in the compression field theory. The strength-softening of the
concrete is addressed in ATENA-3D by the coefficient (r¢jim) which was taken
in this study equal to 0.9;

e The shear strength of a cracked concrete is calculated using the Modified
Compression Field Theory of Vechio and Collins (1986);

e The effect of tension stiffening where cracks cannot fully develop along the
section is also accounted for (i.e. contribution of cracked concrete to the tensile
stiffness of reinforcing bars). Tension stiffening is simulated by specifying a
factor that represents the relative limiting value of tensile contribution as a
fraction of the tensile capacity of the concrete. This factor was taken in all

specimens of this study equal to 0.4.

The default formulas for calculating the concrete parameters are listed in Table 7.1.
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Table 7.1: Concrete characteristics as calculated by ATENA-3D

Parameter Formula
Cylinder strength (f',) f'c =085 f'.,
Tensile strength (f';) fe=0.24 (f o) 23
Initial elastic modulus (E) E =(6000-155 f'cy ) /f cu
Fracture energy (Gy) G =0.000025 f';

Where f’., : Cube concrete strength

7.2.2 Reinforcement Materials

In ATENA-3D, the reinforcement can be modeled in two different forms: discrete and
smeared. The discrete reinforcement is in the form of individual reinforcing bars which is
modeled by finite truss elements. When the analysis starts, the program automatically
decomposes each reinforcement bar into individual truss finite elements embedded into
the generated mesh of the concrete solid elements. In this way, the bar stiffness will be
included into the numerical analysis. On the other hand, the smeared reinforcement is a
component of composite material and can be considered either as a single (only one-
constituent) material in the element under consideration or as one of such constituents.
This can be done by reinforcing a macro-element in certain directions with a specific
reinforcement ratio that represents actual uniform distribution of the reinforcement in the
cross section. In this study, the discrete model of reinforcement was used for longitudinal

and transverse reinforcement.

The stress-strain relationship of the reinforcement materials can be in the form of either
bi-linear elastic-perfectly plastic or 4-segment multi-linear. Cyclic reinforcement model
is also available for use in RC elements under cyclic loading as will be discussed later.
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7.2.2.1 Steel reinforcement stress-strain relationship

Steel reinforcement was modeled using the non-linear model established by Menegotto
and Pinto (1973) for steel reinforcement subjected to cyclic-reversed loading as shown in
Figure 7.2. The basic characteristics of the reinforcement were determined using a multi-
linear form with yield strength of 460 MPa and an ultimate strength of 615 MPa at a
strain value of 5.0%. The Elastic modulus of steel reinforcement was taken equal to 200

GPa.

Strain
£y
j o]
Rih_.l )
1 1
(56+ % )
g,

Figure 7.2: Cycling reinforcement model (Reproduced from Menegotto and Pinto, 1973)

7.2.2.2 GFRP reinforcement stress-strain relationship

It is well established that the GFRP reinforcement has elastic-linear behaviour up to

failure. Consequently, the GFRP reinforcement was modeled with a linear behaviour up
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to an ultimate tensile stress of 1100 MPa at an ultimate tensile strain of 1.833 % as shown

in Figure 7.3.

1200

1000 |

800

600

Stress (MPa)

400 =

200

0 2,000 4,000 6,000 8,000 10,000 12,000 14,000 16,000 18,000 20,000
Strain (micro-strain)

Figure 7.3: Stress-strain relationship of GFRP longitudinal reinforcement

7.2.3 Reinforcement Bond Models (Concrete-Reinforcement Interaction)

It is well established that concrete-reinforcement bond interaction plays an important role
in the strength and structural integrity of the RC frames subjected to seismic loads. All
current reinforced concrete design codes set minimum requirements to avoid slippage of
reinforcement. In finite element modeling, it can be either assume full contact between
the reinforcement and the concrete (perfect bond) or define a bond-slip relationship
between the reinforcement and the surrounding concrete. The perfect-bond assumption
seems to be unrealistic in case of RC elements subjected to seismic load where concrete
deformations and cracks allow for partial/full slippage of reinforcing bars. In ATENA-3D

both ways are implemented and available to use; however, in this study a bond-slip
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relationship was used to better simulate the actual behaviour of the elements. Bond
models for the used steel and GFRP reinforcement are discussed in the following

sections.

7.2.3.1 Steel reinforcement bond-slip relationship

In ATENA-3D, two predefined bond-slip models for steel reinforcement are incorporated
in the program; the CEB-FIB model code 1990 (Comité Euro-International du Béton,
1993) and Bigaj model (Bigaj, 1999). In addition to that, there is an option to input a
general user-defined bond-slip model. In this study, the bond-slip relationship given by
the CEB-FIB model code 1990 was used. The generated bond-slip relationship is
influenced by the concrete compressive strength, reinforcement type, confinement
conditions, and the quality of the surrounding concrete. The bond-slip relationship of the

CEB-FIB model code 1990 is given by Equations 7.5 to 7.8 and shown in Figure 7.4.

Ty
Tl
S 1 1
(A | |
E | |
w | |
[ I I
o | |
@ | |
B Teppoooes SRR )
o | | :
o \ \ :
. ; :
S S S
' 2 > Slip (mm)

Figure 7.4: Bond-slip relationship as given in the CEB-FIB model code 1990

(Reproduced)
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S a

_ S=5;

Tp=Tf ;S > S [7.8]

For ribbed bars embedded in good confined concrete where the bond failure is exhibited
by shearing of the concrete between the ribs, values of the above mentioned parameters

defining the bond-slip relationship are given in Table 7.2.

Table 7.2: definition of the parameters used in CEB-FIB 1990 bond-slip relationship

Parameter Si S, S3 a Tmax Tr

Clear rib spacing -
Value | 1.0mm | 3.0 mm (8.0 mm) 0.4 25\f | 0.4 Tmax

7.2.3.2 GFRP reinforcement bond-slip relationship
The bond-slip relationship of the GFRP ribbed reinforcement is shown in Figure 7.5 as
given by the manufacturer for concrete strength of 50 MPa. The bond-slip relationship

was implemented in the program using the general user-defined bond-slip model.
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Figure 7.5: Bond-slip relationship for the GFRP ribbed longitudinal reinforcement

7.2.4 Loading and Bearing Plates

50-mm thick steel plates were used at the lines of load applications and at supports to
avoid concentration of stresses on the concrete at those points since this may cause
premature failure or cracking in those locations. In real cases, it is noted that the
concentration of stresses rarely occurs as the supports or loads are usually applied over a
certain area and never at single points. The steel plates were modeled using 3D solid
elements with the 3D Elastic Isotropic material. The parameters of this material were
defined with an elastic modulus of 200 GPa, Poisson’s ratio of 0.3, and no yielding

strength to avoid any premature failure in the steel plates.
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7.2.5 Geometry and Boundary Conditions

All test specimens were modelled in ATENA-3D using the same full-scale concrete
dimensions explained before in the Chapter 4 “Experimental Program” as shown in
Figure 7.6. All models were created to have the beam and column lengths in X-Z plane;
the width of the specimen is extended in the Y-direction. To simulate the boundary
conditions of the test specimens during the experimental testing, column ends were
restrained against the movement in the Z-direction to simulate roller supports at both
ends, as shown in Figure 7.6, while the right support is restrained against the movement
in the X-direction along the middle height of the column. In all specimens investigated in
this study, the concrete macro-elements were meshed into finite elements each has a

cubic shape (i.e. aspect ratio of an element equal to 1.0) with side length of 50 mm.

Displacement
Loading

Concrete Geometry

~

Steel plates

—

Moy
L

Axial pressure
on Colum__n_

(a) Geometric model

Figure 7.6: Geometric model of beam-column joints test specimens (continued)
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Figure 7.6: Geometric model of beam-column joints test specimens
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7.2.6 ATENA-3D Non-Linear Solution Parameters

ATENA-3D has the option to perform a geometric non-linear solution for the model
using the concept of incremental step-by-step analysis. In this study, the axial load on the
column was applied in a load-controlled mode divided into a series of 10 increments
(steps) each is 10% of the assigned applied load. Then after, the lateral drift loading was
applied in a displacement-controlled mode where the beam tip was programed to reach
the assigned displacements in successive increments each is equal to 1.0 mm until it
reaches the required displacement in each loading direction. For example, to apply the
0.8% loading drift (18.0 mm), the model was programed for the beam tip to move in the
positive X-direction a series of 18 steps, each is 1.0 mm, then move back 18 steps to
reach the zero displacement then continue to move 18 steps in negative X-direction then

move back another 18 steps to complete a full cycle of 72 steps.

At each loading step, load iterations are performed until the convergence criteria are
satisfied. After reaching the equilibrium and completion of each loading step, the
stiffness matrix of the model is adjusted to reflect the non-linear changes in structural
stiffness before proceeding to the next load step. In this regards, ATENA-3D adopts two
methods of numerical solution, Full Newton-Raphson Method and the Arc-Length
Method, with the ability to modify the solution parameters in each method. In this study,
the Full Newton-Raphson Method showed faster convergence with numerical results,

which were in good agreement with the experimental ones.
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As mentioned before that, in nonlinear analysis, it is necessary to iterate until some
convergence criterion is satisfied. There are four convergence criteria supported in
ATENA-3D. The first one checks the norm of deformation changes during the last
iteration whereas the second one checks the norm of the out-of-balance forces. The third
one checks out-of-balance energy and the fourth checks the out-of-balanced forces in
terms of maximum components. The values of the convergence limits are set by default
to 0.01 or can be changed by the user (Cervenka et al. 2012). In this study, the default
convergence limits were found satisfactory. It should be noted that the solving time for
running each model was approximately between 80 and 140 hours subject to the drift

ratio that each model can withstand.

7.3 FINITE ELEMENT MODEL VERIFICATION

In this section, the outputs of the finite element models were verified against the
experimental results. Six specimens were selected for the verification process including
two steel RC specimens (SS03-B06-J06 and SO) from two previous studies (Mady 2011
and Hasaballa 2009) and four GFRP-RC specimens from Series (1) specimens (11-30-
0.75, 11-30-1.0, 11-60-0.75, and 11-60-1.0). These specimens were selected to show the
validity of the FE model for modelling both steel and GFRP-reinforced joints. Since the
shear stress level in the joint is one of the main parameters in this study, it deemed
necessary to validate the numerical results against the experimental ones of two steel RC
specimens subjected to different shear stress in the joint and had different modes of
failure. The comparison was performed with respect to the hysteretic behaviour and the

strain values in the longitudinal reinforcement of the beam.
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7.3.1 Specimen SS03-B06-J06

The concrete geometry, steel reinforcement details of this specimen are shown in Figure
7.7; further details about this specimen were reported by Mady (2011). The specimen
had a column length and a beam length similar to those of Series (I) and Series (II)
specimens in this research study; the only difference in the geometry is the column cross
section as shown in Figure 7.7. It should be noted that the specimen exhibited formation

of inelastic deformability hinge in the beam while the shear stress in the joint was

0.69\/f"c (3.94 MPa).

(((4‘ 500 mm
PO —
7) 5-20M
% 10 M@100 mm
N []
2100 mm _5 - 20M
—+~A 350

:{ 450 mm SCC A-A
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(a) Concrete dimensions and reinforcement details
Figure 7.7: Geometric and reinforcement configuration of Specimen SS03-B06-J06 with

steel reinforcement (continued)
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(b) Reinforcement of specimen modeled in ATENA-3D

Figure 7.7: Geometric and reinforcement configuration of Specimen SS03-B06-J06 with

steel reinforcement

Figure 7.8 shows the experimental and analytical hysteretic behaviour of Specimen SS03-
B06-J06. The finite element model showed a good agreement with the experimental
hysteretic behaviour. A similar trend for the fat-hysteretic/cyclic behaviour for the steel
reinforced specimen is also shown in the figure; however, pinching distance of the
hysteretic loop is larger in the model results than in the experimental results. This is
attributed to the buckling of steel reinforcement near the zero load values; this can be
shown in Figure 7.8 near the horizontal axis where the experimental loop significantly
changes its slope (stiffness) due to buckling of steel reinforcement in the plastic hinge
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region. In the meantime, buckling of steel reinforcement under compression cannot be

simulated in the finite element model.
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Figure 7.8: Experimental hysteretic behaviour against the analytical one of Specimen

SS03-B06-J06

Figure 7.9 shows the envelope diagrams of the hysteretic behaviour of the experimental

as well as the analytical results. In general, the figure shows a good agreement between

the analytical and the experimental results, where the difference in load values did not

exceed 10% except in the first two cycles of loading. It is clear that the stiffness of the

modelled specimen in the first two loading drifts is higher than the experimental one.

This is attributed to characteristic of the concrete stress-strain relationship adopted by the

ATENA-3D and used in this model which assumes higher elastic modulus of the concrete

before cracking.

241



Chapter 7 — Numerical Modelling

200

ZOU T

180
160
140
120
100

SS03-B06-J06

Lateral Load (kN)

a---"

-%

6% - -5% 4% -3%  -2%

200

- *.-&40 +
== -8~ 8T -160 +

-180 T

2% 3% 4% 5% 6% W

Drift Ratio (%)

—s=— Experimental
- a--ATENA-3D

7.3.2

[Aviv)

Figure 7.9: Envelopes of hysteretic behaviour for Specimen SS03-B06-J06

Specimen SO

shear stress in the joint was 1.0 \/f'. (5.63 MPa).

The second specimen in the verification process is the steel reinforced concrete Specimen
SO which was experimentally tested by Hasaballa (2009). Figure 7.10 shows the
geometry and reinforcement details of the specimen. The specimen had a column length
and a beam length similar to those of Series (1) and Series (1) specimens in this research
study; except that column in Specimen SO has a smaller depth (350 mm) as shown in
Figure 7.10. Experimental test results for that specimen showed that the specimen

exhibited a diagonal shear failure in the joint after reaching 4.0% drift ratio where the
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Figure 7.10: Concrete dimensions and reinforcement details of Specimen SO

Figure 7.11 shows the experimental hysteretic behaviour of Specimen SO against the
analytical one. The finite element model showed a good agreement with the experimental
hysteretic behaviour. A similar trend for the fat-hysteretic/cyclic behaviour for the steel
reinforced specimen is also shown in the figure. Again, the pinching distance of the
hysteretic loop in the finite element model is larger than in the experimental which is
attributed to the fact that the finite element model cannot simulate buckling of

reinforcement as discussed earlier.
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Figure 7.11: Experimental hysteretic behaviour against the analytical one of Specimen SO

Figure 7.12 shows the envelope diagrams of the hysteretic behaviours of the experimental
as well as the analytical results. In general, the figure shows good agreement between the
analytical and the experimental results, where the difference in load values did not exceed
10% except in the first two cycles of loading. It is clear that the stiffness of the modelled
specimen in the first two loading drifts is higher than the experimental one. This is
attributed to characteristic of the concrete stress-strain relationship adopted by the
ATENA-3D and used in this model which assumes higher elastic modulus of the concrete

before cracking.
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Figure 7.12: Envelopes of hysteretic behaviour for Specimen SO

7.3.3 Series (I1) Specimens (11-30-0.70, 11-30-1.0, 11-60-0.70, and 11-60-1.0)

This section presents the verification of the finite element modeling results of four
specimens from Series (I1), namely 11-30-0.70, 11-30-1.0, 11-60-0.70, and I1-60-1.0,
against the experimental results presented previously in Chapter 6. Concrete dimensions
and reinforcement details of those specimens are presented in Chapter 4. These
specimens were selected for the verification process because they represent the upper and
lower bounds of the concrete strength and shear stress levels in the joint investigated in
this study. The results of these analytical models were compared in terms of the cracking
pattern, the hysteric behaviours and their envelope, and the developed strains in the beam
longitudinal reinforcement. Figure 7.13 shows the concrete stress in the Z-Z direction.
Concrete stresses developed in the beam section at the column face were in agreement

with the compression strength of the concrete in each specimen. The figure also shows
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the cracking pattern of each specimen, where also a good agreement is observed with the

experimental cracking pattern discussed before in Chapter 6.
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Figure 7.13: Concrete stresses in the Z-Z direction and cracking pattern on deformed

specimens (continued)
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Figure 7.13: Concrete stresses in the Z-Z direction and cracking pattern on deformed

specimens
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The lateral load-drift ratio relationships of all specimens are shown in Figure 7.14. It is
clear that, in all specimens, the experimental hysteretic behaviour was in good agreement
with that of the finite element model. It should be noted that the finite element model had
no ability to detect the slippage of the beam longitudinal headed bars from the joint
which occurred in the last loading cycles in Specimens 11-30-0.70 and 11-60-0.70 as
shown in Figure 7.14 (a) and (c). This is attributed to the fact that the ATENA-3D had no
option to add spring elements between the concrete and the reinforcement to model the
anchorage capacity of the GFRP headed bars. The solution for this problem is to compare
the tensile stress in the reinforcement just before the anchorage head with the anchorage
capacity of the heads. When the stress in that location exceeds the anchorage capacity,

the user can decide to terminate the analysis.

Moreover, it is observed that the pinching distances at the 0.0% (origin point) drift ratio
in the finite element models were smaller than in the experimental results. This is due to
the fact that the compression contribution of the beam longitudinal reinforcement, though
it is small, could not be simulated in the model, since the software does not accept
defining a compression stress-strain relationship different than the tensile stress-strain
relationship of the reinforcement. Therefore, it was decided to deactivate the compression
contribution of the beam longitudinal bars. The deactivation of the compression
contribution leads the hysteretic loop to significantly change its slope near the zero lateral

load (horizontal axis).

248



Chapter 7 — Numerical Modelling

200

raviv)

180 +
160 +
140 +

11-30-0.70

Lateral Load (kN)

4% 5% 6% T

Drift Ratio (%)

— Experimental
----ATENA-3D

(a) Specimen 11-30-0.70

200

[Aviv)

11-30-1.0

hU
Lateral Load (kN)

-%

-6% 4% 5% 6% 7Y%

Drift Ratio (%)

—— Experimental
----ATENA-3D

200

ZUU

(b) Specimen 11-30-1.0

Figure 7.14: Experimental hysteretic behaviour against the analytical one of Series (1)

specimens (continued)
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Figure 7.14: Experimental hysteretic behaviour against the analytical one of Series (1)
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Figure 7.15 shows the envelopes of the hysteretic loops for both the analytical model and
the experimental results. It is clear that the lateral load resistance of each loading cycle in
the ATENA-3D models is in a good agreement with the experimental values. It is
observed that the difference between the model values and the experimental load values
increases only at the first two loading cycles. Similar observation was also recorded in
the verification process of the steel RC specimens (SS03-B06-J06 and SO0); this is also
attributed to the adopted concrete model, which assumes a higher elastic modulus of the
concrete. Otherwise, the difference in lateral load between the model values and the

experimental ones does not exceed 10 %.
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Figure 7.15: Envelopes of hysteretic behaviour for Series (1) specimens (continued)
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Figure 7.15: Envelopes of hysteretic behaviour for Series (11) specimens (continued)
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Figure 7.15: Envelopes of hysteretic behaviour for Series (11) specimens

Figure 7.16 shows the tensile strain-drift ratio relationship of the beam longitudinal
reinforcement for the finite element model compared to that of the experimental tests. It
shows that the finite element models were able to capture similar trends of the
relationship to those observed in the experimental results; however, with some deviation
in the values. Up to 2.0% drift ratio, the difference in the strain values between the model
and the experiment was insignificant; however, that difference reached an average of
15% in Specimens 11-30-0.70 and 11-30-1.0, and of 13% in Specimens 11-60-0.70 and I1-

60-1.0 as shown in Table 7.3.
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Table 7.3: Ratio between the experimental strain values to the finite element ones
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Figure 7.16: Maximum strain—drift ratio relationship for beam longitudinal reinforcement
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Figure 7.16: Maximum strain—drift ratio relationship for beam longitudinal reinforcement
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Figure 7.16: Maximum strain—drift ratio relationship for beam longitudinal reinforcement

7.3.4 Remarks

It has been verified that the results of the ATENA-3D finite element modeling were in
good agreement with the experimental ones. The hysteretic behaviour of the analytical
models matched the experimental one in trend and lateral load resistance. ATENA-3D
was able to capture the post-failure behaviour of concrete after reaching the maximum
lateral resistance. On the other hand, the program was not able to detect the anchorage
failure of the beam longitudinal reinforcement anchored in the joint; however, the
reinforcement detailing is not in the scope of the parametric study carried out in this
thesis. Up to 2.0% drift ratio, the developed strains in the analytical model showed no
deviation from the experimental ones; however, at higher drift ratio the strain values need

to be magnified by 15% more to match the experimental values.
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Accordingly, the constructed FE model is capable of performing a parametric study to
investigate the influence of some key parameters on the behaviour of FRP-reinforced

beam-column joints. The results of this parametric study are shown in the next chapter.
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CHAPTER 8

PARAMETRIC STUDY

8.1 GENERAL

Based on the verification process carried out in the previous chapter, reliability and
confidence were established in adopting the non-linear finite element analysis using
ATENA-3D for beam-column joints. The verified analytical models were employed to
investigate the effect of four key parameters on the general behaviour of GFRP-RC
exterior beam-column joints. The key parameters investigated in this study were
identified as the concrete strength, presence of lateral beams, level of axial load applied
on the column, and the influence of shear stress in the joint on the residual axial capacity

of the column after surviving an earthquake event.

Figure 8.1 shows a flow chart for the test matrix used in this parametric study and the
configuration of each parameter. The figure shows that the parametric study consists of
four parameters; the first two parameters have sets of six specimens while the third and
fourth parameters have sets of eight and nine specimens, respectively. ATENA-3D was
used to perform the analysis on each configuration for the selected parameters. The
identification of the specimens used in the experimental program was also adopted here
in this analytical study. The loading history used in the verification of the finite element
results with the experimental results, as explained in Chapter 7-Section 7.2.6, was also
used in this parametric study. The following sections present the details of the finite

element modeling and the studied parameters.
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Concrete Strength
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Figure 8.1: Parametric study test matrix
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8.2 STUDIED PARAMETERS

8.2.1 Concrete Strength

The influence of the concrete compressive strength was investigated in this study using
six different concrete strengths. As shown in Figure 8.1, the study started with a
specimen of a concrete strength equal to 30 MPa and gradually increased the strength by
an increment of 10 MPa in the successive specimens until a specimen with concrete
strength of 80 MPa was reached. The finite element model of Specimen 11-30-0.70 was
used to carry out the runs. The area of the longitudinal reinforcement in the beam was
increased to be 900 mm? instead of 800 mm? to ensure that a concrete crushing failure
occurs in the beam section except in specimen with concrete compressive strength of 80
MPa where reinforcement rupture is expected. Table 8.1 shows the ratio between the
provided longitudinal reinforcement ratio in the beam section and the balanced
reinforcement ratio (ps,/Ppar)- The results of these analytical models were compared in
terms of the envelope of the hysteric behaviour and the corresponding mode of failure,

and the developed strains in the beam longitudinal reinforcement.

Table 8.1: Provided reinforcement ratio relative to the balanced reinforcement ratio in the

beam section

Specimen 30 MPa 40 MPa 50 MPa 60 MPa 70 MPa 80 MPa

Prrp/Pbai 2.06 1.6 1.33 1.19 1.07 0.97
Mode of hi Bar
Eailure Concrete crushing rapture
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Figure 8.2 shows the envelopes for the load-drift relationships for specimens with
different concrete compressive strengths, f,'. As expected, the specimen with the lowest
concrete strength, 30 MPa, exhibited the lowest lateral resistance in both directions of
loading. At 4.0% drift ratio, it was found that increasing the concrete strength from 30 to
70 MPa increased the sustained lateral load resistance by 36%. The figure also shows that
specimens with lower concrete strength developed their maximum lateral resistance
earlier than those with higher concrete strength. For example, specimen with 30 MPa
developed its maximum lateral resistance at 4.0% drift ratio, while specimen with 70
MPa developed its maximum capacity approximately at 6.0% drift ratio and kept

unchanged up to 8.0% drift ratio.
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Figure 8.2: Envelopes of the hysteretic behaviour of specimens
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It was concluded previously in Chapter 7 that there is a good correlation between the
strain values in the analytical models and the experimental values up to 2.0% drift ratio.
After the 2.0% drift ratio it was found that the strain values of the analytical models need
to be magnified by 15% to match the experimental values. In Figure 8.3, where the
objective of the figure is to compare the developed strains with the ultimate tensile strain,
the ultimate tensile strain of the reinforcement was reduced by 15%, instead of increasing
the strain values by 15% as recommended before, to keep the consistency of the obtained
results after 2.0% drift ratio. For example, the obtained strain value from the analytical
model of the 80MPa specimen at 6 % drift ratio is approximately 15950 micro-strain; as
concluded in Chapter 7, this value should be magnified by 15% to be 18340 micro-strain.
However, in Figure 8.3, the ultimate tensile strain was reduced by 15% instead of

magnifying the strain value.
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Figure 8.3: Maximum strain-drift ratio relationship for beam longitudinal reinforcement
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Figure 8.3 shows a good agreement with Table 8.1; the figure shows that specimen with
concrete strength of 80 MPa exhibited failure in the beam section due to rapture of
reinforcement. Although the two specimens with concrete strengths of 60 MPa and 70
MPa were designed to fail by crushing of concrete in beam section, the figure shows that
both specimens exhibited rupture of beam longitudinal reinforcement. However, this
rupture of the longitudinal reinforcement in the 60 MPa and 70 MPa specimens occurred
at 8.0% and 7.0%, respectively, which is after reaching the maximum lateral resistance
(i.e. concrete compression failure) at 6.0% and 7.0% drift ratio, respectively, as shown
previously in Figure 8.2. This observation supports that explanation discussed before in
Chapter 6, Section 6.4.1 (Figure 6.13) in which the concrete section redistributes the
stresses on the reduced dimensions of the section after spalling of concrete cover that
reached the ultimate compressive strain. This is in addition to the increased ultimate
compressive strain of the concrete core due to the confinement provided by the stirrups.
Consequently, the section exhibited higher tensile strains in the beam longitudinal
reinforcement at higher drift ratios to maintain the flexural resistance of the section.
Therefore, it is recommended to set a minimum reinforcement ratio in terms of ps., /ppar
to avoid rupture of reinforcement in higher drift ratios. This recommendation should be

reflected in the future updates of the CSA/S806-12.
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8.2.2 Presence of Lateral Beams

Based on the analysis and the discussion of the experimental results in Chapter 6, it was

found that high shear stress level (1.0\/f_’c) resulted in diagonal shear failure in the joints
which accelerated the degradation and failure of the specimens. It is well established that
the confinement of the joint provided by means of either transverse reinforcement or by
the adjoining structural concrete members framing into the joint faces influences the
behaviour of the specimens. Moreover, the number of the confined faces of the joint
influences the behaviour as well. In this study, the influence of confining the joint on
three faces (i.e. the presence of two lateral beams) on the overall behaviour is studied.
Therefore specimens with high shear stress level in the joint were modeled to study the

influence of the confinement provided by the lateral beams.

The presence of lateral beams is a parameter that could be affected by many variables
such as concrete strength, shear stress in the joint, loading magnitude and direction
applied to the lateral beams, and size of the lateral beams. In this study the influence of
lateral beams presence is studied from the aspect of the confinement which these beams
provide to the joint to affect the overall behaviour in terms of sustained lateral loads and
drift ratios. In order to generate enough specimens to draw reliable conclusions, the
specimens were modeled using concrete strength of 30, 50, and 80 MPa, as shown in
Figure 8.1. Since the influence of the concrete strength has been already studied in
Section 8.2.1, accordingly the influence of the presence of lateral beam can be evaluated

in isolation of the concrete strength.
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As shown in Figure 8.1, this parameter consists of six specimens (finite element models);
three of them are exterior beam column joint with no lateral beams in addition to their

counterparts with lateral beams as shown in Figure 8.4.

Figure 8.4: ATENA-3D finite element model for beam-column joint with lateral beams

Regarding the size of the lateral beams, it should be noted that the CSA/A23.3-04 (CSA
2004), Clause 21.5.4.1, considers a framing member to confine a joint face if at least 75%
of that joint face is covered by that framing member. In absence of such clause in the

CSA/S806-12 (CSA 2012), the CSA/A23.3-04 was taken as a guide in this aspect.
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Therefore, the cross sectional dimensions of the lateral beams, 300-mm in width and 450-
mm in depth, were selected such that it covered 75% of the joint confined faces. The
length of each lateral beam was 750 mm. The lateral beams were reinforced with six
GFRP bars of 16 mm diameter and 12 mm stirrups spaced at 100 mm as shown in Figure
8.5. The results of the analytical models were presented in form of the envelope of the
hysteric behaviour, the developed strains in the beam longitudinal reinforcement, and the

shear distortion developed in the joint.

6 ¢ 16 GFREP bars

¢ 12 GFRP stirrups
@ 100 mm

Figure 8.5: 3-D view of lateral beam reinforcement
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Figure 8.6 shows the envelopes for the load-drift relationships for the six specimens. The
figure shows that up to 2.0% drift ratio, there was no difference in the lateral load
resistance of specimens with lateral beams compared to their counterparts without lateral
beams. Afterwards, the specimens with lateral beams showed approximately 10%
increase in the maximum lateral load resistance than what exhibited by their counterparts.
The figure also shows that specimens with no lateral beams experienced higher rate of
strength degradation than what those with lateral beams experienced. Specimens with no
lateral beams experienced failure at earlier drift ratios than what their counterparts did.
As expected, the concrete strength influenced the lateral load resistance of the specimens;
those with higher concrete strength showed higher lateral load resistance. An increase in
the concrete strength from 50 MPa to 80 MPa (60% higher) resulted in approximately

20% higher lateral load resistance.
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Figure 8.6: Envelopes of the hysteretic behaviour of specimens
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Figure 8.7 shows the relationship between the maximum developed strains in the beam
longitudinal reinforcement and the corresponding drift ratios. The figure shows that after
2.0% drift ratio, specimens with lateral beams developed tensile strains between 10% and
15% higher than those of their counterparts. This is in a good agreement with Figure 8.6
where specimens with lateral beams showed higher lateral load resistance. It should be
noted that none of the specimens reached the ultimate tensile strains of the GFRP

reinforcement.
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Figure 8.7: Maximum strain-drift ratio relationship for beam longitudinal reinforcement

It is well established that the shear distortion in the joint contributes to the total drift of
the structure. The shear distortion is influenced by the level of confinement provided to

the joint; when more confinement is applied to the joint, less distortion in the joint is
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expected. Figure 8.8 shows the contribution percentage of the joint distortion to the total
drift angle with the corresponding drift ratio. It is shown in the figure that specimens with
no lateral beams exhibited higher shear distortion in the joint that exceeded 20% of the
total drift angle after 4.0% drift ratio. At 4.0% drift ratio, the presence of the lateral
beams reduced the shear distortion by 50%, 50%, and 40% in Specimens 11-30-1.0, 11-50-

1.0, and 11-80-1.0, respectively.

Moreover, concrete strength influenced the shear distortion in specimens without lateral
beams, where the highest shear distortion at the same drift ratio was exhibited by
Specimen 11-30-1.0 with the lowest concrete strength. The increase in concrete strength
reduced the shear distortion in the joint. On the other hand, the figure indicates that the
influence of concrete strength in specimens with lateral beams was insignificant. This is
attributed to that the influence of concrete strength can be significant in exterior joints
with no lateral beams (i.e. lower shear strength) where shear diagonal failure is of
concern. The confinement provided to the joint by the presence of lateral beams increased
the shear capacity of joint and therefore reduced the shear distortion in the joint to the

point that the influence of concrete strength was not detected.
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Figure 8.8: Contribution of joint distortion to total drift angle for all models

8.2.3 Axial Load Level on the Column

The level of axial load on the column influences the behaviour of beam-column joints in
different aspects. It affects the flexural strength of the column cross section and
consequently changes the flexural strength ratio of the beam-column joint. It also
contributes to the shear capacity of the concrete along the column length. As well, it
influences the shear deformation and distortion in the joint. In this study, the influence of
the axial load level on the column was studied. The level of axial load was expressed as a
percentage of A,  f/ , where (4,) is the column cross-sectional area (350 mm in width
by 400 mm in depth) and (f.) is the concrete strength. A series of eight different axial
load levels were applied on the column starting from 0.1 A, f; to 0.8 A, f; with an
increment of 0.1 A, f. as shown previously in Figure 8.1. All specimens were modelled
using a concrete strength of 50 MPa and they have identical concrete dimensions and
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reinforcement details. The calculated shear stress applied on the joint was 0.85\/f_’c :
Specimens are identified by the level of axial load applied on the column in terms of
A. f/. The results of the analytical models were presented in the form of the hysteric
behaviour of the models and their envelopes, and the shear distortion developed in the

joint.

Figure 8.9 shows the load-drift relationships for the eight specimens (finite element
models). The figure shows that, at the same drift ratio, when the axial load level increases
the pinching distance increases as well. This is attributed to the increase of non-linear
deformations developed in the joint under higher levels of axial load. The figure also
shows that specimen subjected to axial load on the column equal to 0.1 A, f. maintained
its lateral load resistance at 5.0% and 6.0% drift ratios, while specimens with 0.2 A, f; ,
0.3 A, f;, and 0.4 A, f. experienced drops in their lateral load resistance after 5.0%,
5.0%, and 4.0% drift ratio, respectively. On the contrary, specimens with 0.5 A, f.' and
0.6 A, f/ could not attain higher drift ratios due to failure in the joint at earlier drift
ratios, while specimens with 0.7 A, f; and 0.8 A, f, exhibited earlier failure due to
flexural failure in the column. Figure 8.10 shows the envelopes of the lateral load-drift
relationships for all specimens. The figure shows that specimens with axial load higher
than 0.3 A, f, experienced drops in their lateral capacity after 4.0% drift ratio. In other
words, higher levels of axial load changed the mode of failure, accelerated the failure in

the joint, and limited the ability of the specimen to sustain higher drift ratios.
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Figure 8.9: Load-Drift relationship (continued)
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Figure 8.10: Envelopes of the hysteretic behaviour of specimens

Figure 8.11 shows the maximum lateral load resisted by the beam tip at different axial

load levels on the column. The figure shows insignificant increase (approximately 3%) in

the lateral load resistance by increasing the axial load up to the level of 0.3 A, f.. By
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increasing the axial load over 0.3 A, f., the models exhibited a drop in the lateral
resistance by 10% up to an axial load level of 0.6 A, f,. Finally, at axial load level of 0.8

A, f/, the drop in the lateral capacity reached 15%.
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Figure 8.11: Maximum lateral load attained at different axial load levels on column

A better understanding of the influence of the axial load applied on the column cannot be
accomplished without discussing the column interaction diagram shown in Figure 8.12.
Therefore, it deems necessary to analyze the behaviour of each specimen in conjunction
with understanding the interaction diagram. Although research in the area of FRP-RC
columns is still in its early stages, the interaction diagram was calculated in accordance

with the procedure reported by Choo et al. (2006).
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The flexural strength ratio of a specimen can be calculated as:
R=(Mrctop+Michott) =M [8.1]
Where
M rc, top = M ¢, bott: Flexural capacity of the column cross-section above and below
the joint. The flexural capacity of the column sections above and below the joint are

assumed to be equal while neglecting the extra axial load applied on the lower part

of the column from the beam;

M .,: Flexural capacity of the beam cross-section which is equal to 330 kN.m;

Based on the previous definition, the equation above can be re-arranged to be:

R=M e 10p =(M 1/ 2) [8.2]

R=M r 1op + (165) [8.3]

This in turn defines the area on Figure 8.12 where the strong column-weak beam concept
is applied and the flexural strength ratio exceeds 1.0. Accordingly, the flexural strength
ratio increases by increasing the axial column loading where the column reaches the
maximum flexural capacity at approximately axial level of 0.3 A, f/, then it drops down
by increasing the axial load level. This increase in the flexural strength ratio explains the
increase in the lateral resistance reported before in Figure 8.11. Afterwards, increasing
the axial level above 0.3 A, f, reduces the flexural capacity of the column and

consequently the flexural strength ratio of the models.
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Figure 8.12: Calculated moment-axial interaction diagram of the column
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Furthermore, increasing the axial load level over 0.6 A, f. shifted the behaviour from the
strong column-weak beam to the weak column-strong beam as the flexural strength ratio
dropped below 1.0 as shown in Figure 8.12. This is in agreement with the drop in lateral
resistance of the beam tip reported before in Figure 8.11 in those models subjected to
axial load level of 0.7 A, f; and 0.8 A, f; . The mode of failure exhibited in those two
models was flexural failure in the column cross section, as shown in Figure 8.13, where

the strain in the concrete exceeded the ultimate compressive strain of the concrete.
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Figure 8.13: Plastic strains (X-X direction) and cracking pattern on the deformed shape of

the model 0.8 A, f. at failure
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Figure 8.14 shows the contribution of the shear distortion in the joint to the total drift
angle when the column is subjected to different levels of axial loading. The figure shows
that increasing the axial load slightly reduces the shear distortion in the joint when the
drift ratio is kept below 2.0%. At 4.0% drift ratio, the reduction in the joint distortion can
be observed by increasing the axial load level up to 0.3 A, f/, then the joint distortion
showed no change up to an axial level of 0.5 A, f;. Further increase in the column axial
load increased the distortion in the joint to the point it represented more than 20% of the
4.0% drift angle. Similar behaviour is observed at 5.0% drift ratio; however, with
significant increase in the joint distortion to reach up to 50% of the drifting angle at an
axial load level of 0.6 A, f.. It should be noted that the higher values of join shear
distortion are in agreement with larger pinching distances in the hysteretic behaviour of

the models, Figure 8.9, at loading drifts above 4.0% drift ratio.

The drop in the joint distortion at 4.0% and 5.0% drift ratio when the axial load level
exceeds 0.6 A, f. is in good agreement with the interaction diagram of the column. It is
attributed to the change of the mode of failure to be in the column rather than in the joint

for those models having a flexural strength ratio less than 1.0.
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Figure 8.14: Contribution of joint distortion to total drift angle at different axial load

levels

8.2.4 Applied Shear Stress in the Joint

As explained earlier in the analysis and discussion of the experimental test results, cyclic
shear stress in the joint influences the degradation rate of concrete strength in the joint as
a result of the development and propagation of cracks in the joint. Taking into account
that the joint is part of the column, degradation of concrete inside the joint core
jeopardizes the axial capacity of the column to carry the gravity loads. This in turn may
lead the structure to collapse. Furthermore, the research in the field of GFRP-RC column
is still in its early stages with very few research studies (Sharbatdar 2003, Choo et al.
2006, and De Luca et al. 2010). Therefore, it is deemed necessary to study the influence
of the shear stress applied in the joint on the axial capacity of the column in exterior

beam-column joint after surviving a seismic event.
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Concrete strength and the level of shear stress applied in the joint are known to affect the
axial degradation in the joint as a result of shear distortion. As shown in Figure 8.1, a

combination of three different concrete strengths (30, 50, and 80 MPa) and three shear

stress levels (0.7¢/f'c. , 0.85/f'c , and 1.0y/f"., ) resulted in a series of nine

specimens. The nine specimens were divided into three groups (A, B, and C) based on the
shear stress in the joint; where concrete strength is the variable in each group. For

example, Group (A) has three specimens where the joint is subjected to a constant shear

stress (1.04/f",) and the concrete strength varied from 30 MPa through 50 MPa to 80

MPa.

The methodology applied to study this parameter followed the steps below;

e Determining the original capacity of three columns under pure axial loading; the
columns are typical in dimensions and reinforcement but are modeled using
concrete strengths of 30, 50, and 80 MPa;

e Apply lateral drift loading up to 4.0% drift ratio on the beam-column joint
specimen while the column is subjected to a constant axial load approximately
equal to 0.1 A, f.. The lateral loading drifts were similar to the one used in the
experimental part of this study; however, only one cycle at each drift ratio was
applied;

e Stop the lateral drift loading and apply axial load on the column up to failure to

detect the residual capacity of the column after sustaining the lateral loading.
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The results of the analytical models are presented in form of the envelope of the hysteric
behaviour, the permanent shear distortion developed in the joint, axial capacity of the
column after applying the simulated lateral loading history relative to the original

capacity before the application of lateral load.

Figure 8.15 shows the axial load-axial shortening relationship of the typical column used
in all specimens which has a cross-section of 350 mm in width and 400 mm in depth and
a height of 3650 mm. Hinged boundary conditions of the column ends were used similar
to those used in the verification process. The results of the ATENA-3D finite element
models for the intact columns showed that the axial capacity of the column reached 4250,
6920, and 9580 kN when the concrete strength was 30, 50, and 80 MPa, respectively. It
was found that the column capacity under pure “concentric” axial loading is
approximately equal to 85% A, f., where (4.) is the column cross-sectional area (350
mm in width by 400 mm in depth) and (f,) is the concrete strength. These results are in
good agreement with the experimental test results of De Luca et al. (2010) of GFRP

reinforced concrete columns.

Figure 8.16 shows the permanent shear distortion deformation in the joint after the
specimen sustained lateral loading drifts up to 4.0% drift ratio. The figure shows the
permanent distortion in the joint increases by increasing the shear stress in the joint.
Moreover, specimens modeled with lowest concrete strength (30 MPa) exhibited the
highest permanent shear deformation in the joint, while those with higher concrete

strength showed lower values of shear permanent deformation in the joint.
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Figure 8.17 shows the column axial capacity after the specimens were subjected to lateral
drifts up to 4.0% drift ratio. The figure shows that the axial capacity of the columns
significantly dropped as a result of the shear stresses affected the joint. It is shown that
the column loses 25% to 30% of its original capacity for specimens with concrete
strength of 30 MPa. Furthermore, the loss in the axial capacity was between 45% and
50% in those specimens modeled with higher concrete strength, 50 MPa and 80 MPa.
Accordingly, the loss in capacity was higher in those specimens modeled with higher
strength concrete. This can be attributed to that higher strength concrete requires higher
amount of transverse reinforcement for confinement. The figure also shows that the
influence of shear stress in the joint was not significant on the residual axial capacity of
the column; however, more experimental research is still required to assess the residual

axial capacity of GFRP reinforced concrete columns after surviving a seismic event.
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Figure 8.17: Column axial capacity after applying different shear stress level in the joint
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CHAPTER 9

EVALUATION OF THE CSA/S806-12 SEISMIC PROVISIONS

9.1 GENERAL

As per the CSA/S806-12, Clause 12.2, it is required that earthquake resistant buildings
reinforced with FRPs to be designed by recognizing the mechanical characteristics of
FRP that may result in different strength, stiffness, damping, and seismic force resistance
characteristics of structures (CSA 2012). These characteristics include lack of ductility,
lower modulus of elasticity, higher ultimate strength, and substantially different bond
characteristics. In this section, an evaluation of the relevant seismic provisions provided
in the Canadian Standard CSA/S806 will be discussed. The general objective of this
discussion is to track areas of ambiguity and lack of knowledge related to the use of the
GFRP reinforcement in SFRS. The discussion focusses on those clauses related to the
seismic design of GFRP-RC moment resisting frames in new construction. Moreover,
recommendations and suggestions were proposed for additional provisions that need to

be implemented in the CSA/S806 next edition.

9.2 DESIGN REQUIREMENTS REGARDING FAILURE INITIATED BY
CONCRETE CRUSHING IN COMPRESSION ZONE FOR ELEMENTS
SUBJECTED TO PREDOMINANT FLEXURE, CLAUSE 8.2

As discussed previously in Chapter 6 (Section 6.4.1, Figure 6.12), the highest recorded

tensile strains in GFRP bars; 17350, 16570, and 16500 micro-strain, were observed in

Specimens 11-60-0.85, 11-60-0.7, and 11-30-0.70, respectively. These recorded strains
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were greater than the calculated design values by a range of 7% to 16%. These values
represent 90.0% to 95.0% of the ultimate tensile strain of the GFRP longitudinal
reinforcement. This observation was in a good agreement with the results of the
parametric study in Chapter 8, Section 8.2.1, where those specimens with lower pf,,/
Prar €Xhibited strain values that continued to increase after reaching the maximum lateral
resistance until exceeded the ultimate tensile strain of the longitudinal reinforcement in

the beam section.

Reaching a strain level that is close or equal to the ultimate tensile strain makes the
element vulnerable to the undesired sudden failure by rupture of GFRP bars, which is not
always allowed by the CSA/S806-12. The CSA/S806-12, Clause 8.2, requires that all
FRP-RC sections shall be designed in such a way that failure of the section is initiated by
crushing of the concrete in the compression zone except in cases where the factored
resistance of a section is greater than 1.6 times the effect of factored loads. This
exception is not realistic in seismic resistant frames where uncertainty of seismic loads is

a concern.

On the contrary, the CSA/S806-02 in Clause 8.2 only allows the failure of the section to
be initiated by crushing of the concrete in the compression zone. In case of FRP-RC
frames under gravity loads, this can be achieved by providing psr,/ppar > 1.0 (where
Prrp 1S the provided FRP reinforcement ratio and p,g; is the balanced ratio); however,

there is no such requirement that specify how much greater than 1.0 this ratio should be.
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Moreover, Series (1) specimens were originally designed according to the CSA/S806-02,
Clause 8.2 (at that time CSA/S806-12 was not published) where the ratio pf,,/ppqr Was
larger than 1, as shown in Table 4.4. However, Specimens 11-60-0.85, and 11-30-0.70 with
the lowest pf.,/ppar Values (1.42 and 1.5, respectively) exhibited strain values in the
longitudinal reinforcement of the beam equal to 90% to 95% of the ultimate tensile strain
of the GFRP reinforcement. Accordingly, in moment resisting frames designed to resist
seismic forces, it is recommended to set a minimum limit to the pg.,/ppa ratio.
Therefore, in light of the experimental and analytical work done in this study, a minimum
value of 1.4 can be adopted for GFR-RC element subjected to predominant flexure. This
value was also set by the ACI 440.1R-06 (ACI 2006) to guarantee that the failure of the
section is controlled by concrete crushing; however, more focused research is still

encouraged in this aspect.

9.3 VALUES OF THE DUCTILITY (Rp) AND OVER-STRENGTH-RELATED

(Ro) FORCE MODIFICATION FACTORS, CLAUSES 12.4.2.4 AND 12.4.2.5
As per Clause 12.4.2.1 in the CSA/S806-12, the seismic loads for new concrete structures
having SFRS that include steel longitudinal and FRP transverse reinforcement, or FRP
longitudinal and transverse reinforcement shall be determined in accordance with the
relevant provisions of the National Building Code of Canada (NBC, 2010) and using the
factors specified in Clauses 12.4.2.2 to 12.4.2.5 of the CSA/S806-12. As per the
CSA/S806-12, Clause 12.4.2.4 requires that the ductility related factor (Ry) shall be taken
equal to 1.0; similar value is assigned for the over-strength-related factor (R,) in Clause

12.4.2.5.
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In general, the values of the (Ry) and (R,) are obtained from the National building Code
of Canada (NBC, 2010) - Table 4.1.8.9; however, only the most common structural
systems are identified in that table and have been assigned values for (Rg) and (R,). In
case of an SFRS is not specifically identified in that table, then Ry = R, = 1.0 must be
used for design. This requirement is based on the assumption that systems that are not
described in Table 4.1.8.9 should be designed conservatively (NBC 2010 Structural
Commentaries, 2010). As a result, FRP-RC seismic force resisting systems designed
according to the CSA/S806-12 are not addressed in Table 4.1.8.9 in the NBC 2010
because of the lack of research and experimental data in this field. Therefore, the
CSA/S806-12 in Clauses 12.4.2.4 and 12.4.2.5 requires that (Ry) and (R,) shall be taken
equal to 1.0. If it can be demonstrated through testing, research, and analysis that the
performance of a structural system is at least equivalent to that of an SFRS listed in Table
4.1.8.9, then Clause 4.1.8.9(5) in the NBC 2010, allows the values for the equivalent

listed SFRS to be used.

The most common approach for establishing the appropriate value of (Ry) factor is
through experimental testing of prototypes, which simulate the structural system under
increasing cyclic reversed deformations until the capacity is reached. The subsequent
evaluation of test results and analysis of building configurations incorporating those
prototypes is then used to determine the expected building performance and the overall
displacement ductility capacity as reported by Mitchell and Paultre (1994) and Rahgozar
and Humar (1998). Regarding the over-strength-related factor (R,), it can be determined

based on the research reported by Mitchell et al. (2003).
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Caution has to be exercised to ensure that minimum reliable values of the various
component factors are used. Some of these factors may be determined from further
evaluation of the test results used in the process of determining (Ry4) and should be based
on assumptions that are compatible with those test results. The (R,) determined through
this process must be comparable to that for the equivalent system listed in Table 4.1.8.9
in the NBC 2010. However, evaluation of the (Ry) and (R,) factors is out of the scope of

this study. Further research is encouraged to determine these factors.

94 METHODS OF ANALYSIS AND PROPORTIONING OF STRUCTURAL
MEMBERS
The National building code of Canada (NBC 2010) in Clause 4.1.8.7 specifies that the
analysis for design of earthquake actions shall be carried out in accordance with the
Dynamic Analysis Procedure described in Clause 4.1.8.12; except that, the Equivalent
Static force Procedure may be used when some conditions are met. Clause 4.1.8.12 states
that the Dynamic Analysis Procedure shall be carried out either by using the Linear
Dynamic Analysis (Modal Response Spectrum Method or Numerical Integration Linear
Time History Method) or by using the Non-Linear Dynamic Analysis, which requires a

detailed study to be performed.

The Linear Dynamic Analysis methods are commonly used in the structural analysis of
seismic forces. The structural modelling shall be representative of the structure mass and
the stiffness of all elements and shall account for the effect of cracked sections in the

SFRS elements as per Clause 4.1.8.3(8) in the NBC 2010. The CSA/A23.3-04 (CSA,
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2004) addresses the effect of the cracked sections on the stiffness of steel-RC elements in
Clause 21.2.5.2.1. This clause provides reduced section properties of elements that shall
be used for the purpose of determining forces and deflections in the SFRS. The values of
the effective section property are given as a fraction of the gross section Inertia (lg). For
example, beams are assigned a value of 40% of their (ly), slab-frame elements are
assigned a value of 20% of (lg), walls and columns are assigned different values based on

the level of the axial load applied on them.

On the other hand, the CSA/S806-12 does not address this important analysis criterion in
its seismic provisions; this is attributed to the lack of research and experimental data in
this field. Research studies investigating the use of GFRP reinforcement in SFRS need to
target these areas of ambiguity and lack of knowledge. As discussed before in this study,
Chapter 5 — Section 6, the effective stiffness of the cracked beam section was found to be
approximately between 25% to 40% of the original stiffness calculated based on the gross
inertia of the un-cracked sections. Accordingly, this observation addresses that part
related to the effective properties of cracked beam sections in SFRS. However, more
research is still required to address this issue for the other structural elements that are part

of an SFRS such as walls, columns, coupling beams, and slabs.

9.5 SHEAR RESISTANCE OF EXTERIOR JOINTS IN GFRP-RC MOMENT
RESISTING FRAMES
Development of inelastic rotations at the faces of joints connecting the beams and

columns in moment resisting frames is associated with strains in the beam flexural
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reinforcement anchored in that joint. Consequently, a shear force is generated in the joint.
If the joint is not detailed and designed to have adequate capacity against that shear
stress, failure of the joint will jeopardize the integrity and stability of the whole structure.
Accordingly, design of moment resisting frames cannot be carried out adequately when

the shear capacities of the joints are not determined.

Research studies on joints (Meinheit and Jirsa, 1977) indicated that shear strength was
not significantly influenced by joint transverse reinforcement. Accordingly, the
CSA/A23.3-04 set the strength of the joint in steel-RC moment resisting frames as a
factor of the compressive strength of the concrete while fulfilling a minimum amount of
transverse reinforcement in the joint (Clause 21.5.4). On the other hand, although the
CSA/S806-12 allows the use of FRP stirrups in SFRS columns and specifies the amount
and spacing of transverse reinforcement that should be provided along the column and
through the joint (Clause 12.7.5.2), it surprisingly does not specify the shear capacity of
the joint when such amount of transverse reinforcement is provided. Such lack of
information does not allow for adequate design to be carried out and subsequently limits
the implementation of FRP reinforcement as a non-corrodible sustainable reinforcement
in new construction. This is attributed again to the lack of research and experimental data

in this field.

One of the main objectives of this study, when started in year 2010, was to address this
issue and test the shear capacity of the joints when the amount of transverse
reinforcement required by Clause 12.7.1, Equation 12-7, in the CSA/S806-02 (CSA,

2002) is provided. This study started in year 2010 before publishing the CSA/S806-12
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which was published by the end of year 2012. Equation 12-7 in the CSA/S806-02 was
included in the CSA/S806-12 under Equation 12-4 in Clause 12.7.3.3 with some
differences that will be discussed in this section. The equation is given in the CSA/S806-

02 as follows:

_ fe (49 _ 1\ 8 _Pr
Apn = 145 ho 2= (Ac 1) = (Eq. 9.1]

p A
where; L >0.2 , (—g — 1) >0.3;
P. A

ro c

hch
K. = 0.15 ?CS—C => For rectilinear transverse reinforcement;
l

App: Area of rectangular FRP hoop reinforcement in each cross-sectional
direction;

S: Spacing of transverse reinforcement;

h.: Cross-sectional dimension of column core;

f.- Specified compressive strength of concrete;

frn: Design stress level in FRP transverse confinement reinforcement which is

equal to the smaller of 0.004E or @ * fry; Where (E) is the elastic modulus
of FRP reinforcement, (¢g) is the resistance factor of FRP reinforcement,

and (fry) is the ultimate tensile strength of the FRP reinforcement;
Ay Gross area of section;
A, Cross-sectional area of the core of a compression member measured to the

centreline of the perimeter hoop or spiral,
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&: Design lateral drift ratio which shall not be less than 0.03;

Py Factored axial load;

P,.,: factored axial load resistance at zero eccentricity;

K.: Confinement coefficient;

S;: Spacing of tie legs or the spacing of grid openings in the cross-sectional

plane of the column

The CSA/S806-12 utilized the same equation with minor changes in the definition of the

terms used in the previous version of this standard (CSA 2002) as follows:

(P): is used instead of (Pr), where (P) is the specified axial load;

(P,): is used instead of (B.,), where (P,) is the nominal unconfined axial load
capacity of column and taken as o; f. (Ag4-Ap) for columns with FRP
longitudinal reinforcement, where (f.) is the area of FRP longitudinal
reinforcement and (oc;) is the rectangular stress block parameter;

frn: has been re-evaluated to be equal to the smaller of 0.006 E or ¢ * fry

instead of the smaller of 0.004 E or @ * fry in the previous version of this

standard (CSA 2002);

&: has been modified as per Clause 12.7.5.2. It is given equal to 0.04 for SFRS
subjected to high seismic activity [ Ig F5S4(0.2) > 0.75 as defined in the NBC
2010] and 0.025 for SFRS subjected to lower seismic activity [ Ig F2S4(0.2) <
0.75 as defined in the NBC 2010] instead of 0.03 in the previous version of
this standard.
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It can be observed that the minimum value of the ratio (1D /P) in the current standard
o

(CSA/S806-12) is kept unchanged and similar to the one given in the previous version
(CSA/S806-02). Therefore, it makes no difference to the required area of the transverse
reinforcement. Calculation of the ratio between the values of fz, and § in the previous
version of the standard (0.004E and 0.03) and those in the current one (0.006E and 0.04),
shows that the equation in the CSA/S806-02 is more conservative. Equation 12-7 in the
CSA/S806-02 gives an area of transverse reinforcement (Agy) that is 12.5% higher than
the value obtained using its counterpart in the CSA/S806-12, as shown in Equation 9.2
below. Eventually, the difference between the two equations is insignificant; however, it
is recommended to follow the conservative side when it is related to the shear capacity of

the joint in which failure can jeopardize the integrity of the whole structure.

5 8
[—] in S806-02 =+ [—] in S806-12 = [0.03/0.004] = [0.04/0.006] = 1.125 [Eq. 9.2]
fFh fFh

Test results of Series (I1) specimens showed that each two specimens having the same
level of shear stress in the joint exhibited the same level of tensile strain in the joint
stirrups at the end of the test regardless the drift ratio at which the test was stopped due to
the joint failure. This indicates that Equation 12-7 in the CSA-S806-02 accurately
proportions the transverse reinforcement in the joint which results in exhibiting the same
level of strains in stirrups under the same level of shear stress considering the difference

in concrete strength and transverse reinforcement ratio.
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With respect to determining the shear capacity of the GFRP-RC joints, test results of
Series (1) specimens and the structural evaluation carried out according to the ACI
374.1-05 show that all specimens exhibited satisfactory performance at 4.0% drift ratio

except for Specimens 11-30-1.0 and 11-60-1.0 subjected to high shear stress in the joint

(1.0\/f_’c). The load-drift relationships for these two specimens showed that they were
unable to reach the design flexural capacity of the beam and the high shear stress in the
joint accelerated strength degradation and failure of the specimens. Also, for both
specimens, the cracking pattern in the joint showed excessive damage to the joint core
compared to their counterparts with lower shear level in the joint. In addition, the tensile
strains developed in the joint transverse reinforcement in Specimens 11-30-1.0 and 11-60-
1.0 exceeded design tensile strength of the stirrups (fz) governed by the value of 0.004
E (i.e. 4000 micro-strain). The drift component analysis shows that both specimens
experienced high levels of joint distortion due to shear deformation in the joint, which
resulted in that more than 35% of the sustained drifts were attributed to the distortion

occurred in the joint. Therefore, it is evident that GFRP-RC joints cannot sustain a shear

stress in the joint equal to 1.04/f’. when Equation 12-7, in the CSA/S806-02 (CSA,

2002) is used to determine the amount of transverse reinforcement in the joint.

Looking into the analysis and behaviour of the two specimens, 11-30-0.85 and 11-60-0.85,

where the joint was subjected to a moderate shear stress (0.85+/f", ), it can be observed
that both specimens showed satisfactory performance at 4.0% drift ratio. The behaviour

of these two specimens can be summarized as follows:
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1) Both specimens achieved their flexural design capacity of the beam;

2) Formation of inelastic deformability hinges in the beam section was observed,

3) Concrete deformation and intensity of cracks in the joints at 4.0% drift ratio
indicate elastic behaviour of the joint under the specified shear stress;

4) Tensile strain values in the joint transverse reinforcement satisfied the CSA/S806-
02 strain limit of 4000 micro-strain as shown in Figures 6.16 (b) and (e);

5) The joint distortion did not exceed 15% of the total drift of the specimens.

All these observations above indicate that the shear capacity of the exterior GFRP-RC

joints is 0.85,/f'. when Equation 12-7, in the CSA/S806-02 is followed. Further
research is still required to address other types of beam-column joints regarding the

confinement provided by adjoining members.

9.6 COLUMN-TO-BEAM FLEXURAL STRENGTH RATIO, CLAUSE 12.75.1

Formation of plastic hinges in columns during seismic events could lead to instability
problems and eventually collapse of the structure. To avoid such problem, the strong
column-weak beam concept should be applied in the SFRSs consisting of moment
resisting frames. The strong column-weak beam concept allows formation of plastic
hinges in beams rather than in columns. This can be achieved by applying a flexural
strength ratio greater than one; in other words, the sum of the factored flexural resistances
of the column sections framing into a joint, accounting for axial loads, shall exceed the
sum of the nominal flexural resistances of the beams framing into the same joint. The

CSA/S806-12 adopts this requirement in Clause 12.7.5.1 to avoid formation of plastic
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hinges in the columns; however, it does not specify how much greater than 1.0 this value

could be.

Looking into the analysis and structural evaluation of Series (Il) specimens while
considering the elastic linear behaviour of the GFRP reinforcement, Table 6.3 shows the
design and the experimental flexural strength ratio for each specimen. The table shows
that Specimens 11-30-0.85 and 11-60-0.85 showed lower experimental flexural strength
ratio than the design value. The calculated design flexural strength ratio for Specimens II-
30-0.85 and 11-60-0.85 was 1.56 and 1.64, respectively. The two specimens achieved
higher flexural capacity in the beam and consequently the experimental flexural strength
ratio dropped to 1.46 for both specimens, assuming no change in the flexural capacity of
the columns. This drop in the flexural strength ratio represents 7% and 11% of the

original calculated design flexural strength ratio.

In light of these results, testing a specimen with a design flexure strength ratio that is
greater than 1.0 and less than 1.1 could have dropped below 1.0 in the experimental
testing allowing for formation of inelastic deformability hinges in the column and
collapse under the gravity loads applied to the column. Therefore, it is sought that in the
design of FRP-RC SFRS a stringent value higher than 1.0 should be used for the flexural
strength ratio. This is required to establish a transition zone between the strong column-
weak beam and the strong beam-weak column. Establishing this transition limit will

guarantee formation of inelastic deformability hinges in the beams rather than in
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columns. The minimum value of 1.4 used in this study for the flexural strength ratio

could be used as a guideline until further research is carried out.
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CHAPTER 10

CONCLUSIONS AND FUTURE WORK

10.1 SUMMARY

This research study investigated the seismic behaviour of the GFRP-reinforced concrete
exterior beam-column joints. The behaviour was studied experimentally using full-scale
T-shaped concrete specimens as well as analytically through finite element modelling. In
the experimental phase, two series of specimens, (1) and (II), were constructed and tested
to failure. Series (I) consisted of four specimens reinforced with GFRP bars and steel
stirrups. The main objective of Series (I) was to investigate the anchorage detailing of
longitudinal beam reinforcement inside the joint. The main variables in Series (1)
specimens were the anchorage type of the beam longitudinal reinforcement (using either
bent bars or headed bars) and the reinforcement surface condition (using either
deformed/ribbed bars or sand-coated bars). Series (Il) consisted of six specimens
reinforced with GFRP bars and stirrups. The main objective of Series (I1) was to evaluate

the shear capacity of the joint. The main variables were the shear stress level in the joint

(0.70/f'.,0.85./f'.,and 1.0 {/f’, ) and the concrete strength (30 MPa and 60 MPa).

In the analytical phase, a commercial finite element software (ATENA-3D) was used to
run a parametric study that investigated the geometry of the joint (presence of lateral
beams), axial load on the column, applied shear stresses in the joint, and the concrete

strength. The efficiency and accuracy of the finite element modelling was verified against
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the experimental results obtained from the experimental phase before conducting the

parametric study.

The following sections include the main conclusions drawn from the experimental and

analytical phases and future work in this area.

10.2 CONCLUSIONS
In light of the experimental and analytical work carried out in this study, the following

conclusions can be drawn.

10.2.1 Conclusions from the Experimental Testing of Series (I) Specimens
1) All specimens exhibited lower resistance in the negative direction of loading
(pulling) than that in the other loading direction (pushing), which is common
behaviour in cyclic reversed loading due to repetitive tensile-compressive stress
cycles of the concrete section. The difference in the resistance values between the

two loading directions ranged from 8% to 14%;

2) Both anchorage types (bent bars and headed bars) and reinforcement surface
condition had insignificant influence on the energy dissipation up to 4.0% drift
ratio. However, specimens with bent bars sustained higher drift ratios, which

resulted in higher energy dissipation, yet, at higher drift ratios;
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3)

4)

5)

6)

Specimens I-H-D and I-H-S reinforced with headed bars exhibited failure due to
anchorage slippage at approximately 5.0% drift ratio while Specimens 1-B-D and
I-D-S did not experience such failure and sustained loading drifts up to 6.0% and
7.0%, respectively. Yet, the anchorage performance of the headed bars was
satisfactory and enabled the specimens to pass the 4.0% drift ratio safely without

any signs of anchorage slippage failure;

The maximum tensile stress resisted by the headed bars was 930 and 620 MPa in
Specimens I-H-S and I-H-D, respectively. These values represent 70 and 56% of

the ultimate tensile capacity of the bars used in those two specimens, respectively;

The reported values of the maximum tensile stresses, 660 and 750 MPa, just
before the bent portions in beam longitudinal reinforcement of Specimens 1-B-D
and 1-B-S, respectively, do not represent the maximum anchorage resistance of
the 90-degree bent portions. However, these values can be used as a guide for the

minimum required anchorage resistance for GFRP bent bars;

The maximum tensile stress resisted by the headed bars is 930 and 620 MPa in
Specimens I-H-S and I-H-D, respectively. The anchorage performance of sand-
coated headed bars outperformed their counterparts with deformed surface by
50% more anchorage capacity. Both headed bars, either with sand-coated or
deformed surface, exhibited slippage failure due to failure of anchorage heads by

bearing;
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10.2.2 Conclusions from the Experimental Testing of Series (I1) Specimens

7)

8)

9)

Specimens 11-30-0.7 and 11-60-0.7 exhibited failure after achieving their design
lateral resistance and forming inelastic deformability hinges in the beam sections.
The failure was due to anchorage slippage of the beam longitudinal headed bars
embedded inside the joint. The joints maintained the elastic behaviour with

insignificant elastic cracking;

Specimens 11-30-0.85 and 11-60-0.85 showed a stable behaviour while exceeding
their design lateral resistance and forming the inelastic deformability hinges in the
beam section up to loading drifts of 5.0% and 6.0%, respectively. Thereafter, the

joint experienced diagonal shear failure at 6.0% and 7.0%, respectively;

Specimens 11-30-1.0 and 11-60-1.0 recorded the highest lateral load resistance in

comparison with their counterparts in Series (I1). On the other hand, they were the

first specimens to fail. The high shear stress level (1.0 \/ch) in the joints of these
two specimens accelerated their failure and prevented them from reaching their
design lateral resistance and sustaining higher loading drifts. The reported shear
failure in the joints raises the demand to limit the shear stress in the joint to avoid

such failures which can jeopardize the integrity of the structure;

10) Increasing the concrete strength in specimens [1-60-xx compared to their

counterparts, specimens 11-30-xx, did not significantly increase the lateral

resistance capacity. The increase in the lateral capacity was reported to be
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approximately not more than 10% at the same loading drift. On the other hand, it

increased the sustained drift ratio by approximately 40%;

11) The concrete strength influenced the formation of the inelastic deformability
hinges in the beam section. In specimens constructed with normal concrete
strength, 11-30-xx, the inelastic deformability hinge in the beam took the form of a
flat surface with crushed concrete, while in specimens constructed with high
concrete strength, 11-60-xx, the inelastic deformability hinge was shaped as a V-

notch;

12) Specimens 11-30-0.70, 11-30-0.85, 11-60-0.70, and 11-60-0.85 exhibited maximum
tensile strain in the beam longitudinal reinforcement that was approximately 7.0%
to 16.0% higher than the calculated values. Similar behaviour was observed in
Series (I) specimens and in the finite element parametric study as well. This is
attributed to the elastic-linear behaviour of the GFRP reinforcement associated
with the ability of sections to continuously change the compression zone
dimensions due to spalling of the concrete cover and/or degradation in concrete
strength in order to maintain the flexural resistance while increasing the curvature
of the section. Accordingly, it deemed necessary to set a minimum value of the
ratio  pg,/ppar 10 avoid reaching a strain level that is close or equal to the
ultimate tensile strain, which makes the element vulnerable to the undesired

sudden failure by rupture of GFRP bars;
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13) Each two specimens, having the same shear stress level in the joint, exhibited
similar level of tensile strain in the joint stirrups at the end of the test regardless
the drift ratio at which the test was stopped due to the joint failure. Accordingly,
the proposed design procedure successfully proportioned the transverse
reinforcement in the joint to reach this result considering the difference in

concrete strength;

14) Test results of Specimens 11-30-0.85, 11-30-1.0, 11-60-0.85, and 11-60-1.0 showed
that reaching a tensile strain of 6000 micro-strain in the stirrups confining the
joint resulted in diagonal shear failure in the joint. Accordingly, the stress limit
(0.006*E) in the CSA/S806-12, Clause 12.7.5.2 which refers back to Clause

12.7.3.3, should be revised;

15) The max tensile strains in the stirrup located in the inelastic deformability hinges
in the beam section of all specimens were all below 3000 micro-strain until the
end of tests which indicates that no shear failure occurred in the beam section

during testing;

16) Although Specimens 11-30-1.0 and 11-60-1.0 showed the highest stiffness in the
early stages of loading, high shear stress in the joint accelerated the stiffness
degradation of the specimens to the point that they exhibited lower stiffness at the
end of the test compared to their counterparts subjected to lower shear stress in

the joint;
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17) The calculated values for the relative energy dissipation ratio (B) exhibited by
Series (I1) specimens are in agreement with the pre-stressed concrete modules
reported by Stanton and Mole (1994), and Priestley and Tao (1993). Accordingly,
it can be concluded that the behaviour of the specimens with respect to the
dissipation of energy is more or less satisfactory and equivalent to the pre-stressed
concrete structures; however, steel-RC structures outperform the GFRP-RC
structures by approximately 2 to 3 times. Although the lower energy dissipation is
considered a disadvantage, on the other hand, it means that the connection regains
its original shape after removing the loads, thus requiring minimum amount of

repair after surviving such loading event

18) Specimens constructed with normal concrete strength (I11-30-xx) experienced
higher energy dissipation than their counterparts with high concrete strength (11-
60-xx) at the same drift ratio despite of specimens 11-60-xx showed higher lateral
load resistance than specimens 11-30-xx at the same loading drift. This is
attributed to the higher ductility of the normal strength concrete compared to high
strength concrete, which is more brittle (less ductile). Therefore, high strength

concrete needs more confinement;

19) Specimens 11-30-1.0 and 11-60-1.0 with the highest shear level (1.0\/ch) recorded
significant shear distortion in the joint. The shear distortion in the joints reached
46% and 33% of the total drift angle at 4.0% and 5.0% drift ratio for Specimens

[1-30-1.0 and 11-60-1.0, respectively;
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20) The evaluation of the anchorage capacity of GFRP headed bars in Specimens II-
30-0.70 and 11-60-0.70 showed that the bars were able to resist 65% and 74%,
respectively, of the ultimate tensile strength of the bars just before failure of the

anchorage heads;

21) Two modes of failure in the anchorage heads were observed; the shear stress in
the joint influenced these modes of failure. The first mode of failure occurred due
to failure in the interface between the bar and the head due to shearing-off of the

bar ribs in contact with the head. This mode of failure was observed in those

specimens where the joints were subjected to low shear stress (0.70\/fTC) and
experienced elastic behaviour with no damage until the end of the test. The
second mode of failure occurred due to splitting of the anchorage head bearing
base in those specimens exhibited shear diagonal failure and significant cracking

in the joint by the end of the test;

22) In light of the experimental results in this study, the relevant seismic provisions in
the CSA/S806-12 were evaluated and some recommendations were proposed for

consideration in the future updates of the CSA/S806-12 as presented in Chapter 9;

10.2.3 Conclusions from the Analytical work and the parametric study
23) It has been verified that the results of the ATENA-3D finite element modelling
were in good agreement with the experimental ones. The hysteretic behaviour of

the analytical models matched well those of the experimental in trend and lateral
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load resistance. ATENA-3D was able to capture the post-failure behaviour of
concrete after reaching the maximum lateral resistance. Up to 2.0% drift ratio, the
developed strains in the analytical model showed no deviation from the
experimental ones. However, at higher drift ratios, the strain values required

magnification by 15% more to match the experimental values;

24) Increasing the concrete strength from 30 to 70 MPa increased the sustained lateral
load resistance by 36%. Specimens with lower concrete strength developed their

maximum lateral resistance earlier than those with higher concrete strength;

25) The tensile strains in the beam longitudinal GFRP reinforcement continued to
increase after reaching the design lateral resistance of the specimens. This is in a
good agreement with the laboratory testing observations of Series (I) and (1)
specimens. This, in turn, supports the demand to have a minimum limit of the

ratio perp/ppar to avoid sudden rupture of reinforcement in higher drift ratios;

26) The presence of lateral beams influenced the behaviour of the exterior joints. In
terms of lateral resistance, specimens with lateral beams showed approximately
10% increase in the maximum lateral load resistance than that of their

counterparts without lateral beams;

27) The presence of lateral beams increased the joint confinement and reduced the

rate of concrete degradation in the joint. Specimens with lateral beams sustained
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prolonged loading drifts while their counterparts with no lateral beams

experienced failure at earlier drift ratios;

28) The confinement provided to the joint by the presence of lateral beams increased
the shear capacity of the joint and therefore reduced the shear distortion in the
joint to the point that it overcame the influence of increasing the concrete strength
in the joint. At 4.0% drift ratio, the presence of the lateral beams reduced the
shear distortion by 50%, 50%, and 40% in the finite element models of Specimens

11-30-1.0, 11-50-1.0, and 11-80-1.0, respectively;

29) Increasing the axial load level on the column had no influence on the behaviour of
the specimens during loading drifts up to 3.0% drift ratio. Thereafter, increasing
the axial load level reduced the ability of the specimens to sustain higher drift

ratios;

30) Specimens with axial load level higher than 0.3 A, f{ experienced drops in their
lateral capacity after 4.0% drift ratio. By increasing the axial load over 0.3 A, f{,
the models exhibited a drop in the lateral resistance by 10% and 15% up to an

axial load level of 0.6 A. f/ and 0.8 A. f! , respectively;

31) For better understanding of the influence of the column axial load on the seismic
behaviour of beam-column joints, the significance of the column interaction

diagram cannot be ignored. The column interaction diagram defines the levels of
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axial load through which the mode of failure of the specimen changes. Therefore,
research studies investigating the axial-moment interaction of GFRP-RC columns

should be encouraged;

32) The finite element modelling of the GFRP-RC column in this study showed that
the capacity under pure “concentric” axial loading is approximately equal to 0.85
A, £, where (A.) is the column cross-sectional area and (f!) is the concrete
strength. These results were in a good agreement with the experimental test

results of De Luca et al. (2010) on GFRP-RC columns;

33) The permanent distortion in the joint increased by increasing the shear stress in
the joint. However, increasing the concrete strength reduced such permanent

distortion in the joint;

34) The shear stress generated in the joint, during the loading drifts applied up to
4.0% drift ratio, was found to reduce the axial capacity of the column by a range
of 25 to 50% of its original capacity depending on the concrete strength of the

column.

10.3 FUTURE WORK

The findings of this research present useful experimental and analytical data related to the

seismic behaviour of GFRP-RC beam-column joints. This study not only proposed

recommendations for additional provisions to be implemented in the CSA/S806 future
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edition but also tracked areas of ambiguity and lack of knowledge related to the use of the

GFRP reinforcement in Seismic Force Resisting System (SFRS). Based on the findings

of the current study, the recommended areas for future research include, but not limited

to:

1)

2)

3)

4)

Evaluation of the ductility-related factor (Rq) and the over-strength-related factor
(Ro) required for calculating the seismic loads on SFRS consisting of FRP-RC

moment resisting frames and shear walls;

Find out the minimum limit required for the ratio ps,/ppe I GFRP-RC

elements subjected to flexure to avoid rupture of longitudinal reinforcement;

Develop methods of analysis and proportioning of structural members reinforced
with FRPs considering the effective stiffness of the cracked sections of all
structural elements forming the SFRS such as walls, beams, columns, coupling

beams, and slab frame elements;

Study the behaviour of hybrid seismic resistant systems which consist of steel-RC
shear walls and GFRP-RC moment resisting frames. It is thought that such
combination of systems magnifies the benefits of the two reinforcing materials by
limiting the steel corrosion problems using GFRP-RC moment resisting frames as
the main structural system to support gravity loads while using the steel-RC shear

walls to absorb the seismic energy;
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5)

6)

7)

8)

9)

Study the bond characteristics of the GFRP bars subjected to cyclic loading
including required over-lap splice length of beam longitudinal reinforcement to

avoid bar slippage;

Analyze the behaviour of GFRP headed bars in joints considering the required
embedment length to achieve bar strength, concrete strength, contribution
between bearing strength and bond strength, level of confinement in surrounding

concrete;

Study the influence of the concrete damage in the joint, due to the applied shear

stress in the joint, on the axial capacity of the column after surviving a seismic

event;

The influence of the transverse slabs and beams on the behaviour of FRP-

reinforced beam-column connections;

Investigate the behaviour of eccentric beam-column joints;

10) Study the behaviour of the interior and the knee beam-column joints under

monotonic as well as under seismic loads;

11) Evaluate the shear resistance of beams and columns subjected to seismic loads.
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Appendix (A) - Design of Test Specimens

APPENDIX-A

DESIGN OF TEST SPECIMENS

A.1) DESIGN CALCULATIONS OF SPECIMEN I-H-D

& . 400 mm
cy( [
Oy
B i— —tB
2100 mm
A |
g 450 mm
2 Beam
8 £
iy A 350 mm
§ +
O
7% | 4416 mm 10 $16 mm
3 mM@mﬁm 2 E 3 10 M@90 mm
o 4%16 mm @
350 | 400 |
SGC A.-A. Sec B'B

Figure A-1: Specimen I-H-D dimensions and reinforcement

A-1



Appendix (A) - Design of Test Specimens

Design of Beam for Flexure:

Materials and Sectional properties:

f. =30.5 MPa . =1 E. = 4500,/f; = 4500V30.5 = 24852 MPa
o;= 0.85— 0.0015f/ = 0.804 B, = 0.97 — 0.0025f,/=0.8938

€., = 0.0035

Longitudinal reinforcement: GFRP bars

frrou = 1100 MPa brrp =1 Efrp = 60.0 GPa &,y = 18.33 % 1073
Apyp = 4#16mm = 4 x 200 = 800 mm?

h =450 mm b =350mm d =400 mm

Figure A-2: Compatibility of strains for beam cross section

App 800
Prre = Thd T 200 * 350

p -« ,[)) ¢c fc’ < Ecu >
bal — U1P1
arance ¢frp ffrp,u Ecu + gfrp,u

= 0.571%




Appendix (A) - Design of Test Specimens

0.804 % 0.8938 % 1 30.5 ( 0.0035 ) 0.32%

= 0. * (0. * 1 x = 0.

Pbatance 1100 \0.0035 + 18.33 * 10-3 0
Prrp . :

———=178>1............. (Compression failure)

pbalance

From equilibrium and strain compatibility shown in Fig. A-2, the following is calculated:;

4a1B1dcfe o5 1]

1
=-E¢pe [ 1+
ffrp 2 frp&cu ( pr‘p¢prEfrpgcu

0.5 % 60 * 103 * 0.0035 (1 + 4 % 0.804 x 0.8938 x 1 x 30.5 >0.5 )
= V.0 * * * 0. B

= 798.75 MPa
a=pic= (¢frp Afrp ffrp) + (a1 ¢cfc'b)
a = (1 %800 * 799) + (1 % 0.804 * 30.5 * 350) = 74.43 mm
C. = aypof)By cb = 0.804 1305 x74.43 x 350 = 638.81 kN
Terp = GrrpAsrpfrrp = 1 %800 x 799 = 638.9 kN
Equilibrium is satisfied T = C,

Byc 74.43
M, =C, (d - T) = 638.9 x 103 (400 - T) =231.8kN.m

M, =231.8kN.m

Design Beam for Shear: (According to CSA-A23.3-04)

Shear reinforcement Characteristics: (Steel stirrups)

f, = 400 MPa s =1 E; = 200 GPa

A, = 2legs 10M = 2 x 100 = 200 mm?

Beam length (1) = 2000 mm (from point of load application to column face)

Column height (h,) = 3500 mm (between supports)



Appendix (A) - Design of Test Specimens

09d =0.9*400 = 360 mm

Effective shear depth (d,,) = larger
0.72h =0.72 * 450 = 324 mm

d, = 360 mm
_ _ Mpeam 232 % 106 B
Applied shear force (V,.) = L, 2000 116 kN
Vi max = 0.1251¢f:by,d, Eqg. (11-5) - Clausel11.3.3- A23.3-04
V, =116 kN < V; 1pax = 0.254¢.f:by,d,, = 960.8 kN ............. (OK)
V.=V, +V Eqg. (11-4) - Clausel11.3.3- A23.3-04
V. = ¢.AB f/byd, Eqg. (11-6) - Clausel11.3.4- A23.3-04
However $ =0 ,0 = 45° ... as required by Clause 21.3.4.2 (a)- A23.3-04

V=0, W=V

1- Calculation of required Spacing (S) according to Clause 11.3.5.1

- ¢sAyfydy, cot o

4 5 Eq.(11 —7)

V,=V. =116 kN

. ¢sAyfydycot® 1 %200 * 400 * 360 * cot 45

v 116+ 10° = 248 mm

§=248 mm ..., Q)
2- Calculation of max. Spacing (S,,.x) according to Clause 11.3.8.3 - A23.3-04

(Maximum spacing of transverse reinforcement)

0.1251¢.f:b,,d, = 0.125 * 1 % 1 * 30.5 * 350 = 360 = 480.4 kN



Appendix (A) - Design of Test Specimens

v V. =116 kN < 0.125A¢.f;b,,d, = 480.4 kN
0.7d, = 0.7 %360 = 252 mm

Smax = Smaller

Smax = 252mm (2)

3- Calculation of max. Spacing (S,,,4,) according to Clause 11.2.8.2 - A23.3-04

by S
Min.Shear reinforcement (Av,ml-n) = 0.06,/f  * ;— Eqg. (11-1)
y

Ay fy  _ 200%400
0.06 by/ £+ 0.06%350v/30.5

Rearranging Eq. (11-1)tobe  S,0x = = 690 mm

Smax =690 mm ... 3)

4- Calculation of max. Spacing (S;,4) according to Clause 21.3.3.2 - A23.3-04

d 400
fz—T— 100 mm

Eight times the diameter of the smallest longitudinal bars
Smax = Least of < = 8*%16=128 mm

24 times the diameter of the hoop bars = 24*11= 264 mm

\= 300 mm

From1,2,3,and4 = S, =100 mm

~ Use Stirrups 10M @ 100 mm (Steel stirrups)
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Design of Column for Flexure

» Construction of Column interaction diagram

10 $16 mm GFRP Bars ' [ ,
d d1r T s \H 3 4

h d3j ...... A, E 5
A E

b

Moment (M)

Figure A-3: Calculation points to construct the interaction diagram of column

Materials and Sectional properties:

f. =30.5 MPa . =1 E, = 4500,/f; = 4500v/30.5 = 24.852 GPa
o, = 0.85 — 0.0015f = 0.804 B = 0.97 — 0.0025f; =0.8938

€., = 0.0035

ffrp,u = 1100 MPa d)frp =1 Efrp = 60 GPa Errpu = 18.33 1073

Apy = 4916mm = 4 x 200 = 800 mm? d, =50 mm
Apy = 2016mm = 2 x 200 = 400 mm? d, = 200 mm
Apz = 4p16mm = 4 x 200 = 800 mm? d; = 350 mm
h =400 mm b = 350 mm

Aprp = 10 @16mm = 10 * 200 = 2000 mm?
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Calculation of Balanced Reinforcement Required to Avoid Brittle Tension Failure

d‘Td'] . | - - - - C___ 81 } :_F1
? NA P a=pe Ce
h d3J____._._—."2—155".—:'_'7_"__—_"82 e I
= —Af ———————— c |7 T T T —-F3
e “frp,u

o

Figure A-4: Calculation for balanced reinforcement area

& £ +& ax*eg 0.0035%350
cu _ ZfrpuTieu 250y = < = 3 = 56.1 mm

C, = a,p.f! By cp b = 0.804 = 1 30.5 * 0.8938  56.1 = 350 = 430.35 kN

(dy — c) . (200-56.1)
ey 183351073 %
2= g "y " (350 -56.1)

=8.98x1073

Fy = ¢prpAp2Eprpes = 1% 400 % 60 * 10° + 8.98 x 1073 = 215.43 kN

Neglecting the contribution of GFRP under compression in flexure strength of the
section; F; = 0 kN

From equilibrium, C, = F, + F; = « F; = C, — F, = 430.35 — 215.43 = 214.92 kN

Fz  214.92 % 103

= = 195 mm?
"™ frron 1100

~ A

Available reinforcement area in the column section (A3 =4 @l6mm =4 x200 =
800 mm?) > Required area to avoid brittle tension failure (4; = 195 mm?)

(OK- No tensile failure is expected in the column)
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Calculations of required points to construct the Column interaction diagram

Point (1): Pure Axial resistance

P, = 0.85f/(Ay — Aprp) + 0.002 Ef Arrp

Assume the contribution of the GFRP longitudinal bars in resisting axial compression is
neglected.

Agrp =10 % 200 = 2000 mm?

P; = 0.85 * 30.5 (350 * 400 — 2000) = 3577.7 kN

s~ Point (1): (P, = 3577.7kN, M, = 0 kN.m)

Point (2): C = 400 mm

- —
d_% 1 s1 /;‘
h d3_ Asz C
—_ .......... As3 M |
| b |

Figure A-5: Compatibility of strains for column cross section (¢ = h)

C, = ayp.f! By c b = 0.804 * 1 % 30.5 x 0.8938 * 400 * 350 = 3068.5 kN
P, = C, = 3068.5 kN

h c
M, = C, (E - %) = 3068.5(

400 0..8938 * 400
2 2

) — 65.2 kN.m

. Point (2): (P, = 3068.5 kN, M, = 65.2 kN.m)
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Point (3): C =350 mm

Figure A-6: Compatibility of strains for column cross section (¢ = dg)

C. = ayd.f!By cb = 0.804 % 1+ 30.5 x 0.8938 * 350 x 350 = 2685 kN
P, = C, = 2685 kN

h
Ms; = C, (— - &) = 2685 (200 -

0..8938 * 350
27 —) =117 kN.m

o Point (3): (P; = 2685 kN, My = 117 kN.m)

Point (4): C = 300 mm

Figure A-7: Compatibility of strains for column cross section (d; >c > h/2)

C, = a,p.f. By cb = 0.804 %1 x30.5 = 0.8938 * 300 * 350 = 2301.37 kN

A-9
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ds 350 »
€3 = £, (7— 1) = 0.0035 (%— 1) = 5.833 % 10

Fy = ¢;Ar3e3Er, = 1% 800 * 5.833 % 107* 60 * 103 = 28 kN

P, =C, — F; = 2301.37 — 28 = 2273.37 kN

h o Byc h
My =Celz=5) +F (4 —3)

0.8938 * 300)

M, = 2301.37 (200 = + 28 (350 — 200) = 155.93 kN.m

* Point (4): (P, = 2273.4 kN, M, = 155.9 kN.m)

Point (5): C = 250 mm

C. = aydf!By cb = 0.804 %1 *30.5 % 0.8938 * 250 x 350 = 1917.8 kN

ds 350 s
€3 = £, (7— 1) = 0.0035 (ﬁ_ 1) =1.4x10

F3 = ¢rAp3e3Es, = 1800 % 1.4 1073 + 60  10° = 67.2 kN

P, = C,— F; = 1917.8 — 67.2 = 1850.6 kN

h By h
My = Ce(3-5) + (4 -3)

0.8938 * 250
—) +67.2%150 = 179.4 kN.m

Ms = 1917.8 (200 -

* Point (5): (Ps = 1850.6 kN , Mz = 179.4 kN.m)

Point (6): C =200 mm

C, = ayp.f/By cb = 0.804 1 % 30.5 x 0.8938 = 200 * 350 = 1534.24 kN

d, 200
&y = &y (?— 1) = 0.0035 (m— 1) =0

A-10
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FZ = d)fAfZgZEfrp =1%400=0x*60 * 103 =0kN

ds 350 s
E3 = &y (?— 1) = 0.0035 (m— 1) = 2.625 % 10

F3 = ¢ppAsze3Ef, = 1 %800 * 2.625 1073 + 60 * 103 = 126 kN

Pg=C.—F; — F, = 1534.24 — 126 — 0 = 1408.24 kN
h By h h
Mg = Cc(z‘T)+F3(d3‘5)+F2(d2‘§>

0.8938 * 200

M, = 1534.24 (200 -—=

) + 126 * 150 = 188.6 kN.m

* Point (6): (P, = 1408.2 kN , M, = 188.6 kN.m)

Point (7): C = 150 mm

Figure A-8: Compatibility of strains for column cross section (d; < ¢ <h/2)

C, = aypof/ By cb = 0.804 1 % 30.5 = 0.8938 = 150 350 = 1150.7 kN

d, 200 s
£ = Ecy (7— 1) = 0.0035 (ﬁ— 1) =1.1667 = 10

Fy = ¢prApr6Er, = 1 %400 % 1.1667 * 1073 x 60 = 103 = 28 kN

ds 350 .
£3 = €0y (? — 1) = 0.0035 (ﬁ - 1) = 4.667 x 10

A-11
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Fy = ¢;Ar3e3E = 1% 800 * 4.667 * 1073 60 * 103 = 224 kN

P, =C,—F; — F, = 1150.7 — 224 — 28 = 898.7 kN

h  Bic h h
My =Celz =) + Bt =3) + P (2 —3)

0.8938 * 150

M, = 1150.7 (200 — >

>+224* 150 + 28 x 0 = 186.6 kN.m

< Point (7): (P, = 898.7 kN, M, = 186.6 kN.m)

Point (8): C =100 mm

C, = a;p.f. By cb = 0.804 * 1 % 30.5 = 0.8938 * 100 * 350 = 767.1 kN

d, 200 s
£, = £ (7— 1) = 0.0035 (W_ 1) =3.5x%10

F, = ¢ppAsr6:Efr, = 1 %400 % 3.5 % 1073 % 60 * 10° = 84 kN

ds 350 .
£3 = oy (? - 1) = 0.0035 (W - 1) = 8.75 % 10

Fy = ¢rArsesEpmp = 1% 800 % 8.75 + 1073 * 60 * 103 = 420 kN

Py=C.—F;—F, =767.1—420 — 84 = 263.1 kN

h By h h
M8=Cc(§‘7>+F3(d3‘z)+Fz(d2‘z>

0.8938 * 100

Mg = 767.1 (200 —~ >

>+420 *150+ 420 =182.1kN.m

* Point (8): (Pg = 263.1 kN, Mg = 182.1 kN.m)

Point (9): C =84 mm

C, = a;p.f. By cb = 0.804 % 1 x30.5 x 0.8938 * 84 350 = 645 kN

A-12
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d, 200 .
£, = £ (7— 1) = 0.0035 (8—4— 1) = 4.833 % 10
Fy = ¢;Ar6,Erp = 1% 400 * 4.833 % 1073 + 60 * 103 = 116 kN

ds 350 s
£3 = 0y (7 - 1) = 0.0035 (ﬁ - 1) =11.0833 * 10

Fy = ¢rApsesEprp = 1% 800 * 11.0833 * 1073 % 60 * 10° = 532 kN

P9:CC—F3—F2:645_532_116:_3kN

h By h h
My=C.(5-5) + s (ds = 3) + R 3)

+532%150+ 116 x0 = 189 kN.m

0.8938 * 68
M, = 645 (200 - —)

2 Point (9): (Py = =3 kN, My = 189 kN.m)’

4000

3500 F .
Specimen 1-H-D
3000 |
2500 |

2000 |

Axial load (P) - kN
2

Applied axial load, P = 650 kN

0 20 40 60 80 100 120 140 160 180 200
Moment (M) - KN.m

Figure A-9: Calculated column interaction diagram
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The Specimen was tested under an axial concentric load at a level equal to 15% A * f.’
(i.e. 650 kN). Therefore the flexural capacity of the column cross section at the specified
axial load level is equal to 185 kN.m as shown in Figure A-9.

Sum. of Column nominal flexure strength

Fl t th ratio (Mp) =
exure strengthratio (Mg) Beam propable flexure strength

2+ 185

2318 1°°

Flexure strength ratio (Mg) =

A-14
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Design Column for Shear using steel stirrups

(According to CSA-A23.3-04)

Shear reinforcement Characteristics:

f, = 400 MPa b =1 E, = 200 GPa
A, = 2legs 10M = 2 x 100 = 200 mm?
Beam length (1) = 2000 mm Column height (h.) = 3500 mm

09d =0.9 %350 =315 mm
Effective shear depth (d,,) = larger

0.72h =0.72 * 400 = 288 mm
d, =315mm

M, peam 232 % 10°

Applied shear force (V) = = 3500 66.3 kN
Ve max = 0.1251¢f2b,, d,, Eqg. (11-5) - Clause11.3.3
Vi max = 0.125 % 1 % 30.5 * 350 * 315 = 420 kN
V. = 66.3kN < Vypmax = 420 kN ............. (OK)
V.=V.+V Eq. (11-4) - Clause11.3.3
V. = pABf by d, Eq. (11-6) - Clause11.3.4
However S <0.10 and 6 > 45° ....cccvevvvennne as specified by Clause 21.4.5.2 (a)
Ex = [Z—j +V + 0.5 N¢] + 2 EgAq Eq. (11-13) - Clause11.3.6.4
Where M, = =222 = 22 = 116 kN.m

116 = 10°
Ey = T+66.3*103—0.5=|<650>|<103 + 2% 60103 %800
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& =114%x10"3<3%1073 (OK)

g = 0.4 , 1300
"~ (1+1500&y)  (1000+Sge)
Where S,, = 300 mm, since using A, > Ay min

Eg. (11-11) — Clause 11.3.6.4

0.4 1300

- =0.148 > 0.10
(1+ 1500 * 1.14 = 10-3) (1000 + 300)

B

p shouldn’t exceed 0.10 (Clause 21.4.5.2), therefore take § = 0.1

6 = 29 + 7000¢, Eq.(11 — 12) — Clause11.3.6.4
0 =29+ 7000« 1.14 x 1073 = 37°
0 shouldn’t be less than 45° (Clause 21.4.5.2), therefore take 6 = 45°

w V. = ¢ ABJfIbyd, = 1% 1% 0.1V30.5 * 350 315 = 60.9 kN

1- Calculation of required Spacing (S) according to Clause 11.3.5.1

Vo=V, -V, =663—-609=54kN
A,f,d, cotf
g =2 ”fys” Eq.(11-7)
¢hsAyfydy, cotd 1200 %400 = 315 = cot 45
= = =4
S v T4 %1073 666 mm
S =4666 mm ..., (A-1)

2- Calculation of max. Spacing (S,,4) according to Clause 11.3.8.3 (Maximum spacing
of transverse reinforcement)
0.125A¢.f2b,yd, = 0.125 % 1 % 1  30.5 = 350 * 315 = 420 kN
v V. =663kN < 0.125A¢.f:b,d, = 420 kN
0.7d, = 0.7 * 315 = 220 mm

Smax = Smaller
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3- Calculation of max. Spacing (S,,4,) according to Clause 11.2.8.2

Min.Shear reinforcement (Av,min) = 0.06,/f/ % Eqg. (11-1)
y
. i Ay fy _ 200%400
Rearranging Eq. (11-1)tobe S,4x = — bw\/f:, = Soe350730= = 690 mm
Smax =690 mm (A-3)

4- Calculation of max. Spacing (S) according to Clause 21.4.4.2 (b)

Ag ¢
Agp = larger of
0.09 25 sh, Eq. (21-6)
fyh

Where

kn =n/(n — 2), kp = Pf/Po

fynshall not be taken as greater than 500 MPa

n;. Total number of longitudinal bars in the column cross-section that are laterally
supported by the corner of hoops or by hooks of seismic crossties. .. In our case n; = 6
Agz =350 %400 = 140000 mm?

Aqp = (350 — 2 % 30)(400 — 2 * 30) = 98600 mm?

Agp = 200mm? | k, =15 , k, = 0.15

=120 mm

. Ash Acn f 200%x98600%400
According to Eq. (21-5), §=-——R-choyh _ —
O.2knkpAnghC 0.2%¥1.5%0.15%140000%30.5%340

_ Asnfyn _  200%400

According to Eq. (21-6), = 005/ h. — 0:09+305-340

=86 mm

S=86mm .. (A-4)
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5- Calculation of max. Spacing (S,,4,) according to Clause 21.4.4.3

One-quarter of the minimum member dimension = % =100 mm

Smax = Least of Six times the diameter of the smallest long. bar = 6 * 16 = 96 mm

350—hy

S, = 100 + (T) — 100 + (350_200

)= 150 mm

Smax =96 mm (A-5)
From A-1, A-2, A-3, A-4 and A-5
“ Smax = 86 mm,which can be considerd = 90 mm

~ Use Stirrups 10M @ 90 mm

Check shear resistance of the joint

According to CSA A23.3-04 - Clause 21.5.4.1 (c).

Applied shear on the joint (V}) = Trrp — Veotumn

Veotumn = 66.3 kKN

T¢rp = Calculated tensile force in longitudinal beam bars at failure

Trrp = GrrpAprpfrrp = 1 %800 * 799 = 638.9 kN

V; = 638.9 —66.3 = 572.6 kN

Shear capacity of the joint = 1.3A¢+/f(4; CSA A23.3-04 - Clause 21.5.4.1 (c)
Shear capacity of the joint = 1.3 1 1% V30.5 * 350 * 400 = 1005 kN

~V; = 572.6 kN < Shear capacity of the joint = 1005 kN............. (OK)

V;  572.6%10°
bxt 350 %400

Shear stress = = 4.1 MPa = 0.74/f',
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I3ll —I_—

4B 4
L

350

10 $16 mm

10 M@90 mm

:

400
Sec B-B

450

7 4¢16 mm
10 M@100 mm

)

4¢16 mm

350
Sec A-A

Figure A-10: Reinforcement details of Specimen I-H-D
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A.2) DESIGN CALCULATIONS OF SPECIMEN 11-30-0.85

400 mm

4=
Bi_ _tB

=
E 2100 mm
S A—|“
E 450 mm
3 Beam
@
m .
A_I., 350 mm
5¢16 mm
12 $16 mm ¢
2 p12@90mm 7 $12@100 mm
oy
= éﬂ p) : ) |5¢16 mm @
L&J — Li.l
Sec B-B Sec A=A

Figure A-11: Specimen 11-30-0.85 dimensions and reinforcement

Design Beam for Flexure

Materials and Sectional properties:

f. =32.6 MPa b, =1 E. = 4500,/f; = 4500v32.6 = 25693 MPa

o;= 0.85—0.0015f, = 0.8011 B1 =0.97 — 0.0025f,/=0.8885

€ = 0.0035
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Longitudinal reinforcement: GFRP bars
frrow = 1100 MPa  ¢prp = 1 Efrp = 60.0 GPa  &pp, = 1833 %1073
Aprp = 5@16mm =5 x 200 = 1000 mm?

h =450 mm b =350 mm

Ce
h| d
b
Figure A-12: Compatibility of strains for beam cross section
_ Ay 1000

=0.71%

Prre = Thd T 200 * 350

_ ¢c fc, Ecu
Pbalance = al,Bl

¢frp ffrp,u Ecu + gfrp,u
0801 % 0.889 * 1 32,6 ( 0.0035 ) 0.34%
= * (). *x 1 % = 0.
Pbatance 1100 \0.0035 + 18.33 * 103 0
Prrp . )
———=21>1............. (Compression failure)
Pbalance

From equilibrium and strain compatibility shown in Fig. A-2, the following is calculated;

_1 4aiB1Pcfe 0.5 _
ffrp =3 Efrpécy [(1 + P rro®rroE frpten 1]
4%0.801%0.889«1x*32.6 0.5

- 0. 103 % 0. [1 2 =1
frrp = 0.5 % 60 * 103 x 0.0035 | ( +0.0071*1*60*103*0_0035)

= 728 MPa
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a=pc=(Prrp Arrp frrp) + (10 D)
a=(1%1000%*730) =+ (1+0.801%*32.6+*350) =79.6 mm
C.=ayp.f/Bych =0801%1x32.6%79.6 350 = 727.5 kN
Trrp = OprpAprpfrrp = 1% 1000 x 728 = 728 kN

Equilibrium is satisfied T = C,

pic 79.6
M, = C, (d - 7) = 728 % 103 (400 - T) =262.2kN.m

M, =262 kN.m

Design Beam for Shear

Shear reinforcement Characteristics: (GFRP stirrups)

Strength of straight part(f, smp) = 825 MPa  (Assumed to be 75% of the strength
of 12.7 mm straight bars; 0.75 * 1100 = 825 MPa)

brrp =1  E,frp =50GPa

A, = 3 branches #13mm = 3 * 113 = 339 mm?

ld/de =8 b/, =4

Beam length (1) = 2000 mm Column height (h.) = 3500 mm
(04+0.0152) £, 1, = 429MPa
Design Strength of stirrups (ffh) = least OQ (0.05;—’; + 0.3) fo.frp = 412 MPa

0.004E, f,, = 200 MPa

N Gprp forry = 825 MPa
“ frn = 200 MPa
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M 262 % 10°
Applied shear force (V,) = beam _ =131 kN
L, 2000

According to CSA-S806-02, Clause 8.4.4.4, Eq. (8-8), the shear resistance of a reinforced
section subjected to gravity loads should be equal to:

V, =V, + Vs <V, + 0.6A¢c\/f! by, d

However, the contribution of concrete will be neglected in the design to account for the
concrete damage occurs under seismic loading, i.e. V. = zero.

Accordingly, V. = Vs

1- Calculation of the required spacing (S) according to the required min. Reinforcement,

According to CSA-S806-02, Clause 8.4.5

0.3./f/b,,s
Av,min = % Eq.(8 — 14)

=113 mm

. Ayffh 339 % 200
Rearranging Eq.(8 —14) . S = =
0.3\/f!b,, 0.3v32.6 * 350

S=113 mm ... (B-1)
2- Calculation of max. Spacing (S) required to resist the applied shear force according to
CSA-S806-02, Clause 8.4.4.4.
Vep = Vp = 131 kN

_ 04y A frud

o 5 Eq.(8 — 12)

Rearranging Eq. (8-12)

o = O4brAufrud _ 0.4+ 1+ 339 825 + 400

= 341
Ver 131+ 10° i
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However, the CSA/S806-02 does not provide any provisions for frame members

subjected to predominant flexure due to seismic loads and reinforced with GFRP stirrups,

therefore Clause 21.3.3.2 at CSA/A23.3-04 was adopted to limit spacing of stirrups.

3- Calculation of max. Spacing (S,,4,) according to CSA/A23.3-04 Clause 21.3.3.2

Smax = Least of <

/

d/4 = 400/4 = 100 mm
Eight times the diameter of the smallest longitudinal bars
=8*16=128 mm

24 times the diameter of the hoop bars = 24*13= 312 mm

\. 300 mm

Smax = 100 mm

From B-1, B-2,and B-3 = S, = 100 mm

~ Use Stirrups 3#13mm @ 100 mm
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Design of Column for Flexure

Construction of Column interaction diagram

Axial Load (P)

Moment (M)

Figure A-13: Calculation points to construct the interaction diagram of column

Materials and Sectional properties:

f- =32.6 MPa ¢, =1

o, = 0.85 — 0.0015f/ = 0.8011 B, = 0.97 — 0.0025f,/=0.8885
€., = 0.0035

ffrp,u = 1100 MPa d)frp =1 Efrp = 60 GPa Errpu = 18.33 1073

Apy = 5@16mm = 4 x 200 = 1000 mm? d, = 50 mm
Ap; = 2016mm = 2 x 200 = 400 mm? d, = 200 mm
Afz = 5@016mm = 4 = 200 = 1000 mm? d; = 350 mm
h =400 mm b = 350 mm

Aprp = 12#16mm = 12 « 200 = 2400 mm?
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Calculation of Balanced Reinforcement Required to Avoid Brittle Tension Failure

Figure A-14: Calculation for balanced reinforcement area

& & +& dx*g 0.0035%350
cu _ Jrputicu > < = = 56.1 mm

ch d b eprputecy  18.33%1073+0.0035

C, = a,p.f.Bycpy b =0.8011 1% 32.6  0.8885 * 56.1 * 350 = 455.61 kN

(dy — ) (200 — 56.1)
e P 183341073 % e 22
E2=rpu g oy~ 1033 10 e ey

=8.976x1073

Fy = $rrpAraEsrpes = 1400 % 60 + 103 « 8.97 x 1073 = 215.43 kN

Neglecting the contribution of GFRP under compression in flexure strength of the
section; F; = 0 kN

From equilibrium, C, = F, + F; = . F; =C(C,—F, =455.61 —215.43 = 240.2 kN

F; 2402+ 103

= = = 218 mm?
From 1100

o Af

Available reinforcement area in the column section (A;3; = 5@16mm =5 =200 =
1000 mm?) > Required area to avoid brittle tension failure (4; = 218 mm?)

(OK- No tensile failure is expected in the column)
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Calculations of required points to construct the Column interaction diagram

Point (1): Pure Axial resistance

P, = 0.85f/(Ay — Aprp) + 0.002 Ef Arrp

Assume the contribution of the GFRP longitudinal bars in resisting axial compression is
neglected.

Agrp = 12 % 200 = 2400 mm?

P; = 0.85 * 32.6 (350 * 400 — 2400) = 3812.9 kN

-~ Point (1): (P, = 38129kN, M, = 0kN.m)

Point (2): C =400 mm

Figure A-15: Compatibility of strains for column cross section (¢ = h)

C, = a;p.f. By cb = 080111 *32.6 » 0.8885 % 400 * 350 = 3248.55 kN
P, = C, = 3248.55 kN

h Bic

400 0.8885 * 400
M, = Cc( ——) - 3248.55( _

2 2

= 80.8 kN.
27 )808km

Point (2): (P, = 3248.6 kN ,M, = 72.4 kN.m)
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Point (3): C =350 mm

Figure A-16: Compatibility of strains for column cross section (c = ds)

C. = ayd.f!Bych =08011x1x32.60.8885 % 350 350 = 2842.5 kN
Py = C, = 28425 kN

h pic
M; = C, (E - —) = 28425 (200 -

0.8885 * 350)
2

=126.5kN.m

Point (3): (P; = 2842.5 kN ,M; = 126.5 kN.m)

Point (4): C = 300 mm

Figure A-17: Compatibility of strains for column cross section (ds >c > /4/2)
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C, = a,p.f!Bycb =0.8011 1  32.6 » 0.8885 = 300 * 350 = 2436.4 kN

ds 350 »
€3 = £, (7— 1) = 0.0035 (%— 1) = 5.833 % 10

Fy = ¢;Ar3e3E, = 1% 1000 + 5.833  10~* % 60 * 103 = 35 kN

P, = C, — F; = 2436.4 — 35 = 2401.4 kN

h o Byc h
My =Colz =) +F(da=3)

0.8885 * 300

M, = 2436.4 (200 — >

) + 35 (350 — 200) = 167.8 kN.m

Point (4): (P, = 2401.1 kN, M, = 167.8 kN.m)

Point (5): C =250 mm

C, = a,d.f! By cb = 080111 *32.6 » 0.8885 x 250 * 350 = 2030.3 kN

ds 350 s
€3 = £, (?— 1) = 0.0035 (ﬁ_ 1) =1.4x10

F3 = ¢fAf3£3Efrp = 1 * 1000 * 1.4 * 10_3 * 60 * 103 = 84 kN

P, = C, — F; = 2030.3 — 67.2 = 1946.3 kN

h  Byc h
e = G (3=5) +Fa(ds =)

0.8885 * 250)

Ms = 2030.3 (200 — + 84 (350 — 200) = 193.2 kN.m

Point (5): (Ps = 2030.3 kN , Ms = 193.2 kN.m)

Point (6): C =200 mm

C, = a,d.f By cb =08011x1 *32.60.8885 x 200 * 350 = 1624.3 kN

ds 350 .
£3 = £, (7— 1) = 0.0035 (ﬁ_ 1) = 2.625 * 10
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Fy = ¢;Ar3e3Er, = 1% 1000 * 2.625 * 1073 % 60 * 103 = 157.5 kN

Py =C, — F; = 16243 — 157.5 = 1466.8 kN
h o Byc h
Mo=Co(5-5) +Fs(ds—3)

0.8885 * 200

Mg = 1624.3 (200 — >

) +157.5 (350 — 200) = 204.2 kN.m

Point (6): (P, = 1466.8 kN , Mg = 204.2 kN.m)

Point (7): C =150 mm

Figure A-18: Compatibility of strains for column cross section (d,; < ¢ < h/2)

C, = ayp.f/Bycb =08011x1x32.6*0.8885 * 150 * 350 = 1218.2 kN

d, 200 s
£, = £ (7— 1) = 0.0035 <ﬁ— 1) =1.167 * 10

Fy = ¢Apr6,Efr, = 15400 % 1.167 1073 + 60 * 10° = 28 kN

ds 350 .
€3 = £, (7 - 1) = 0.0035 (ﬁ - 1) = 4.67 * 10

Fy = ¢pAr3e3Efp = 1% 1000 * 4.67 + 1073 60 * 103 = 280 kN

P,=C,—F;—F, =1218.2 — 280 — 28 = 910.2 kN
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h  Bic h h
My =Celz =) + Bt =3) + P (2 —3)

0.8885 * 150)

M, = 1218.2 (200 — + 280 (350 — 200) + 28 x 0 = 204.5 kN.m

Point (7): (P, = 910.2 kN , M, = 204.5 kN.m)

Point (8): C =100 mm

C, = a,d.f.Bycb =08011x1*32.6*0.8885 x 100 * 350 = 812.1 kN

d, 200 s
£, = £ (7— 1) = 0.0035 (W_ 1) =3.5%10

Fy = ¢ppAsr6:Efr, = 1 %400 % 3.5 % 1073 % 60 * 10° = 84 kN

ds 350 s
€3 = £y (? - 1) = 0.0035 (W - 1) =8.75 % 10

Fy = ¢;ArsesEprp = 1% 1000 * 8.75 * 1073 + 60 * 103 = 525 kN

Ps=C,—F; —F, =812.1 — 525 —84 = 203.1 kN
h By h h
M8=Cc(§‘7>+F3(d3‘z)+Fz(d2‘z>

0.8885 = 100

Mg = 812.1 (200 - >

>+ 525+ 150+ 84 %0 = 205.1 kN.m

Point (8): (P = 203.1 kN , Mg = 205.1 kN.m)

Point (9): C =89 mm

C, = aypef/Bycb = 08011 %1 x32.6 » 0.8885 * 89 350 = 722.8 kN
d, 200 s
£ = £y (7 - 1) = 0.0035 (W - 1) = 4.365 = 10

F, = ¢Apr6,Efr, = 1% 400 % 4365 + 1073 + 60 * 10° = 104.76 kN
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(d3 1) 0.0035 (350 1) 10.26 * 1073

= _— = U. _— = . £

83 gcu C 89

Fy = ¢;Ar3e3Er, = 1% 1000 * 10.26 * 1073 + 60 * 103 = 615.84 kN
Po=C,—F;—F, =722.8— 615.84 — 104.76 = 2.2 kN

h  Bic h h
My =Ce(5=5 )+ Fa(da=3) + Fa (2 —3)

0.8885 = 89

My = 722.8 (200 - >

) + 615.84 * 150 + 104.76 * 0 = 208.4 kN.m

Point (9): (P, = 2.2 kN , My = 208.4 kN.m)

4000

3500 F Specimen 11-30-0.85

3000 |

2500

N
o
o
o

Axial load (P) - kN
&
8

Applied axial load, P = 650 kN

0 N 1 N 1 N 1 N 1 N 1 N 1 N 1 N 1 N 1 N 1 >
0 20 40 60 80 100 120 140 160 180 200 220

Moment (M) - kN.m

Figure A-19: Calculated column interaction diagram of Specimen 11-30-0.85

The Specimen was tested under an axial concentric load at a level equal to approximately

15% of the column axial capacity (i.e. 650 kN). Therefore the flexural capacity of the
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column cross section at the specified axial load level is equal to 205 kN.m as shown in
Figure A-19.

Sum.of Column nominal flexure strength

Fl t th ratio (Mp) =
exure strengthratio (Mg) Beam propable flexure strength

Flexure strength ratio (Mg) = =1.56
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Design of Column for Shear

Shear reinforcement Characteristics: (GFRP stirrups)
Strength of straight part(f, smp) = 825 MPa  (Assumed to be 75% of the strength
of 12.7 mm straight bars; 0.75 * 1100 = 825 MPa)

brrp =1 Eyfrp = 50 GPa

A, = 3 branches #13mm = 3 x 113 = 339 mm?
lq — Tp —
/de =8 [a, =4

Beam length (1) = 2000 mm Column height (h.) = 3500 mm
(" L —
(0.4 +0.0152) £, v, = 429MPa

Design Strength of stirrups (fs,) = least of< (0.05;—: + 0.3) forp = 413 MPa

0.004E,, r,, = 200 MPa

L ¢f1"p fv,frp = 825 MPa

~ frn =200 MPa
, Mpeam 262 %10°
Applied shear force (V,) = = =749 kN
pp f r L 3500
V=V, + Vg <V, + 0.6Ad¢y/fI by d Eq. (8-8) — Clause 8.4.4.4

Assume using min. Shear reinforcement;

v, = O.OBSA(j)C(fc’pWEfML;d)lewd Eq. (8-10) — Clause 8.4.4.4
_ 5%200 _3
Pw = Jooes = 8163 %10

My = 0.5 % My pogm = 0.5 * 262 = 131 kN.m

1
V. =0.035%1%1|32.6+8.163 x 1073 % 60 * 103 749« 10° 350 : 350 = 350
=0. *x 1 * .6 % 8. * * * *———— * *
¢ 131 = 10°
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V. = 63.15 kN

V. should not exceed [O.Zlqbc\/?c’bwd]and not less than [0.1A¢C\/Tc’bwd] >

Clause 8.4.4.4
V. =63.15kN < 0.2 x1%+32.6 x350 * 350 = 1399 kN ............. (OK)
V. = 60 kN < 0.1 % 1%+/32.6 * 350 * 350 = 69.9 kN ........... (Not OK)

~ takeV, = 69.9 kN

1- Calculation of required Spacing (S) according to required minimum transverse

reinforcement area, Clause 8.4.5

0.3\/f/bys
Av,min = % Eq.(8 — 14)

earrangin . — = =
gmg 0.3\/f/b,, 0.3v32.6 % 350

=113 mm

S=113 mm ... (B-4)
2- Contribution of minimum area of stirrups according to Clause 8.4.4.4.
Veg =V, =V, =749—-699=5kN (wherelV, = ;)

_ 0.4¢rA,frud

o 5 Eq.(8 — 12)

_0.4*1*339*825*350

Ve = 3 = 346.5 kN

Total shear resistance = Vsf +V;, = 346.5 + 69.9 = 416.4 kN
Check of maximum shear resistance (Vr,max) =V, + 0.84¢./ fbyd

0.8 %1 * 1 %+/32.6 * 350 * 350
V. max = 69.9 + 500 = 629.4 kN
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o Vep + Ve = 4164 kN < Vypngy = 6294 KN oo (OK)

2 Vep +V, = 4164 KN >V, = TA9KN oo, (OK)

3- Calculation of max. Spacing (S,,4x) according to CSA S806-02 Clause 12.7 (Seismic

provision)
. o) P
AFh=14Shcf—C(—g—1) « L Eq.(12 — 7)
Fh Ac */kc Pro
Where;

h, =350 —2 (25 + ?) = 287mm (Cross-sectional dimension of column core,

assuming 25 mm clear concrete cover from the stirrup)
6 = 3.0% (Design lateral drift ratio)

f! =32.6 MPa

frn = 200 MPa

A, = 287 * 337 = 96719 mm? (Cross-sectional area of the core of a compression
member measured to the centreline of the perimeter hoop or spiral)

Ay =350 %400 = 140000 mm?

Ay
where (A_ - 1) =045 >03..........(0K)

Cc

App = 3 x 113 = 339 mm? (Total area of rectangular FRP hoop reinforcement in each
cross-sectional direction)

:—f = 20% (Ratio of the factored axial load to factored axial load resistance at zero

TO

eccentricity)

,h h
Confinement coefficient (k;) = 0.15 ?C * S—C
1
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S = % = 143.5 mm (Spacing of tie legs or the spacing of grid openings in the cross-

sectional plane of the column)

Rearranging Eq. (12-7) to calculate the stirrups spacing (S)

0.5
. Aph*@*@*l*< A ><0.15hc>
14h, f! P 8 \Ag—AJ\ 5]

Applying in equation above, we get that the maximum spacing S = 128 mm

4/5

S=112 MM oo, (B-5)
3- Check of maximum Spacing (S;,4) according to CSA S806-02 Clause 12.7.2
(" 1/4 min. member dimension=0.25 * 350 = 88 mm
Smax = least of 150 mm

6 times the longitudinal bar diameter =6*16=96 mm

\48 times the stirrup diameter =48*13=610 mm
S Smax =88 mm = 90mm ... (B-6)
From B-4, B-5,and B-6 = S,,.x = 90 mm

~ Use Stirrups 3#13mm @ 90 mm

Calculation of shear stress in the joint

The CSA S806-02 has no expression to evaluate the joint shear capacity of joints
reinforced with FRP stirrups; however, the CSA A23.3-04 does. Consequently, a new
expression similar to that in CSA/A23.3-04 - Clause 21.5.4.1 (c) should be developed

based on the test results.
Applied shear on the joint (V}) = Trrp — Veotumn
Veorumn = Applied shear force to the column at the joint face
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Veotumn = 74.9 kN

T¢rp = Calculated tensile force in longitudinal beam bars at failure

Trrp = GrpAsrpfrrp = 1% 1000 + 728 = 728 kN

V; =728 —74.9 = 653.1 kN

Shear stress in the joint(v;) = V;/A;

Where A; = Minimum cross-sectional area within a joint in a plane parallel to the axis of
reinforcement generating the shear in the joint

Aj = 350 * 400 = 140000 mm?

Shear stress in the joint(vj) = 653.1 * 103/140000

Shear stress in the joint(v;) = 4.7 MPa = 0.82,/f",

' A
! —|-
i = - 5¢$ 16 mm
e $¢12 @100 mm
-
= g 5¢ 16 mm @
B B L 350
i__ —t A
Sec A-A
12 ¢16 mm
2 $¢12 @90 mm
) Ex

Figure A-20: Reinforcement details of Specimen 11-30-0.85
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APPENDIX-B

DETAILS AND TEST RESULTS OF SPECIMEN I-B-D0

B.1 INTRODUCTION

This appendix summarizes the details and the experimental results for Specimen 1-B-DO.
Specimen I-B-DO0 was reinforced with longitudinal bent bars that are not long enough to
cover the whole length of the beam due to some manufacturing restriction at the time of
construction. Therefore, the beam longitudinal reinforcement was spliced within the

beam length.

During testing, Specimen 1-B-DO showed no consistency between the lateral load
resistances in the reversed loading directions. Therefore it was decided to disregard that
specimen and reconstruct it using full-length longer longitudinal bent bars that have been
made available at later time. The concrete dimensions and reinforcement details are
shown in Figures B-1 and B-2, respectively. Table B-1 summarizes the design
characteristics Specimen 1-B-DO; the calculated stresses and strength are based on the

concrete strength on the day of testing.
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3650 mm

& . 400 mm
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nj Y
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g 2100 mm
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450 mm
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/350 mm

Figure B-1: Concrete dimensions of Specimen I-B-D0
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Figure B-2: Reinforcement details of Specimen I-B-DO0
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Table B-1: Design characteristics of Specimen I-B-DO0

Specimen ID I-B-DO0
No. of Bars 4¢$20T&B
End Anchorage 90-degree hooks
S
§ pfrp/pbal 1.68
Calculated Bar stress (MPa) 619
Flexural resistance (kN.m) 268
No. of Bars 10 No. 16
c
£
% Applied axial load (kN) 650
@)
Flexural capacity (kN.m) 202
Flexural strength ratio 1.47
4.76
E Joint shear stress (MPa)
o 0.82y/f',
O
Concrete Strength (MPa) 34.1
Expected Failure mode Compression failure

B.2 LOAD-LATERAL DRIFT RESPONSE (HYSTERETIC BEHAVIOUR)
Plots of the hysteresis diagrams which represent the relationship between the applied
lateral load and the drift ratio of the beam tip are shown in Figure B.3. The measured

hysteresis loops demonstrated stable response up to a drift ratio of 1.5%. After a drift
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ratio of 2.0%, the specimen showed no increase in flexural resistance in the positive
loading direction (i.e. pushing of beam tip) compared to the opposite loading direction
which showed increasing flexural resistance up to 5.0% drift ratio. The difference in the
flexural resistance between the two loading directions gradually increased with loading
until the flexural resistance in the —ve loading direction reached approximately 1.5 times
the resistance exhibited in the opposite loading direction. It is thought that this difference
in resistance is attributed to the failure in the overlap splice. Also, it should be noted that
the specimen was not able to reach the design flexural resistance. The recorded lateral
loading values were only 60% and 90% of the calculated flexural resistance in the beam

in the +ve and —ve loading directions, respectively, as shown in Figure B-3.

Design Capacity

Lateral Load (kN)

! Z sl -
=3 Y
T T Z // == > -

= 3%

-6% -5% -4% -3% =3% 4% 5% 600

Drift Ratio (%)

Design Capacity

Figure B-3: Load-Lateral Drift relationship for Specimen 1-B-DO0
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B.3 CRACKING PATTERN AND MODE OF FAILURE

Figure B.4 shows the cracking pattern at different loading steps. The specimen had a
stable behaviour up to 1.5% drift ratio where flexural cracks were observed in the beam
near the column face with no cracking in the joint area as shown in Figures B-4(a)
through B-4(c). At 2.0% drift ratio level, the specimen exhibited a difference in flexural
resistance between the positive and negative loading direction where the specimen

showed no increase in flexural resistance to the positive loading direction.

At 3.0% drift ratio, vertical splitting cracks were observed in the concrete cover of the
beam bars which in turn lead to the concrete cover to fall as shown in Figures B-4 (d)
through (g). This can be attributed to slippage failure in the overlap splice of the
longitudinal reinforcement. The specimen completed the loading step of 5.0% drift ratio;

however, the test was stopped since the specimen showed no increase in loading.

B-6



Appendix (B) — Details and Test Results of Specimen I-B-D0

(a) 0.8% drift ratio (b) 1.0% drift ratio (c) 1.5% drift ratio

(d) 2.0% drift ratio (e) 3.0% drift ratio (F) 4.0% drift ratio

(9) 5.0% drift ratio

Figure B-4: Cracking progression of Specimen I-B-D0
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B.4 LATERAL DRIFT-STRAIN RELATIONSHIP

B.4.1 Developed Strains in Beam Longitudinal Reinforcement

Figure B-5 shows the strain distribution along the beam longitudinal reinforcement in the
vicinity of the joint area during the successive loading drifts. For Specimen 1-B-D0, the
flexural resistance difference between the positive and negative loading direction affected
the strain values in both directions as shown in Figure B-5. Figure B-5(a) shows that
strain values at 200-mm away from column face are much higher than those on the
column face. Moreover, the maximum values of strains were detected at 1.5% drift ratio,
and then decreased with the increase of the drift ratio level. On the other hand, Figure B-
5(b) shows an acceptable strain profile where strain values on the column face were
higher than those away from it.

1000
TOUUT

.. . . . = —— 0
Positive Loading direction 3 0.80%
14000 1 £
7 —a— 1%
o
| 12000 + 8 —+— 1.50%
)
=
= - |- 2%
10000 T -3 e 3%
270 ;2005 | &
- 8000 + 4%

270 mm Column 200 mm

Joint Side Face

Strain guage location on the bar

Beam Side

(a) Bars resisting positive loading
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1000
TOUUT

_ N = ——0.80%
NegativelLoading direction 14000 4 8 1%
2]
o
1 12000 4 5 —a—1.50%
= ——2%
| 270 200, g
N —e—49
1.5% 4%

Column
Face

Strain guage location on the bar

270 mm Joint Side Beam Side 200 mm

(b) Bars resisting negative loading

Figure B-5: Strain profile on beam longitudinal bars for Specimen 1-B-DO

B.4.2 Developed Strains in Beam and Column Transverse Reinforcement

Figure B-6 shows the relationship between the maximum strains developed in the beam
stirrups and the drift ratio. Specimen I-B-D0 developed low strain values that didn’t
exceed 500 micro-strain. To draw the following figures, it should be noted that the
reported strain values are those corresponding to loading the specimen in the negative

direction (pulling the beam tip).

Figure B-7 shows the relationship between the drift ratio and the maximum measured

strain in the joint stirrups.
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Figure B-6: Maximum strains—drift ratio relationship for beam stirrups
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Figure B-7: Maximum strains—drift ratio relationship for joint stirrups

B.4.3 Developed Strains in Column Longitudinal Reinforcement
Figure B-8 shows the relationship between the drift ratio and the maximum strains

measured in column longitudinal bars. Specimen I-B-DO exhibited increase in strains
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with a value of 2640 micro-strain at failure. It should be noted that the reported strain

values in this figure are those corresponding to loading the specimen in the negative

direction (pulling the beam tip).

Strain ( Micro-strain )

3000

2500

2000 [ cluamin

1500

1000

500

O 1 1 1 1
T/ 1 2 3 4 5
: -
500 Drift ratio (%)

Figure B-8: Maximum strains—drift ratio relationship for column bars
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