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ABSTRACT

An actual design example was used to demonstrate how limit states design methods

and engineering judgement can be applied to solve a non-codified engineering problem.

The work was focussed on the assessment of potential buoyancy during shutdowns of

the eighty-three year old Shoal Lake Aqueduct that is the sole source of potable water

for Winnipeg, Manitoba. Four separate buoyancy analyses of the Shoal Lake Aqueduct

were completed. Three of the analyses were conducted using limit states and reliability-

based design methods. For comparative reasons a fourth analysis was completed usíng

a traditionalworking stress design (WSD) method. A buoyancy modelwas developed

and used in these analyses. The first buoyancy analysis was completed using partial

safety factors developed for the Ontario Highway Bridge Design Code. Because these

partial safety factors were developed for use with the design code a second analysis

was completed using project-specific partial safety factors. These partial safety factors

were determined using Second Moment reliability techniques and measured data for the

uncertainties in the buoyancy model. A third buoyancy analysis was completed using

Monte Carlo simulation techniques. A fourth buoyancy analysis was completed using

WSD methods to demonstrate the potential variability in the level of safety. Engineering

judgement was required to develop the buoyancy model, to interpret the data obtained

for each of the parameters and to provide meaningful design values for those

parameters which could not be measured.

The results of the buoyancy analyses completed using limit states design and reliability-

based methods were similar. Because the partial safety factors from the Ontario

Highway Bridge Design Code were not based on the measured variability of different

parameters, the potentialfor deviation from a target level of safety is significant. The

target level of safety provided using project-specific partial safety factors and Monte

Carlo simulation is more reliable because the results reflect the measured variability of

the parameters. The target level of safety using WSD methods is not directly

quantifiable. The results of this thesis show that the selection of a single factor of safety

has a very significant influence on the target level of safety, that is it does not give

uniform reliability.
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1.0 INTRODUCTION

In the mid-1970's, limit states design (LSD) methods were introduced to Canadian

structural engineers as an alternative to working stress design WSD) methods. (A list of

abbreviations used in this thesis is given on page xifollowing the Table of Contents.)

Since this time, LSD methods have become the general state of practice for structural

design, with their objective being to provide a more quantifiable and consistent level of

safety. ln contrast, geotechnical engineers have been slow to adopt LSD methods to

replace WSD methods. The slow progress within the geotechnical community can be

attributed, at least in part, to the years of experience and level of comfort using WSD

and the high degree of uncertainty associated with many geotechnical parameters.

Limit states are defined as conditions under which a structure or its component members

no longer perform their intended functions (Becker, 1996a). The use of LSD methods is

facilitated with the use of design codes. The objective of design codes is to ensure a

minimum level of technical quality and a minimum or specified level of safety. The level

of safety or reliability of a system can be defined in terms of the probability of failure. ln

general, this is achieved through the use of multiple load and resistance factors,

specífied design values for material properties and specified load combinations. The

purpose of load and resistance factors, or partial safety factors (PSF), is to account for

uncertainties, for example, in the measurement of material properties, uncertainties in

analytical models, and uncertainties in loads that the structure is required to sustain.

The PSFs can be determined directly using probabilistic or reliability methods which

make use of large databases of measured values, or they can be determined by direct

calibration with WSD methods.

ln contrast, WSD only uses one globalfactor of safety (GFS) to account for all

uncertainties. This GFS is almost entirely based on engineering judgement and

experience and it would be extremely difficult to estimate a level of safety (or a

probability of failure) for any value of the GFS.



1.1 STATEMENT OF PROBLEMS

There are two general problems. First, LSD methods are not compatible with WSD

methods. Two, many classes of engineering problems are not covered by design codes

based on LSD, particularly engineering problems in the general area known as

geotechnical engineering.

The first problem is best explained by example. Assume a geotechnical engineer, using

WSD, provides foundation recommendations for a spread footing to a structural engineer

who will design a structure using LSD methods. The foundation recommendations are

based on Terzaghi's bearing capacity equation, which is a strength equation. ln

traditional geotechnical practice, the ultimate bearing capacity calculated from this

equation is reduced using a GFS ranging írom 2.5 to 3. These relatively large GFSs are

selected to provide not only a safety margin against catastrophic failure, but also, in a

notional way, to restrict bearing pressures and limit settlements. ln this example, the

single GFS provides protection against exceeding both an Ultimate Limit State (ULS)

and a Serviceability Limit State (SLS). The resulting "allowable bearing capacity', is the

value provided to the structural engineer. Difficulties can develop when a structural

engineer tries to evaluate ULSs using a value that is intended to limit settlements, which

is considered to be an SLS. Obviously the two systems are not compatible and there is

much potentialfor confusion and human error. ln addition, the level of safety associated

with the foundation recommendations may not be comparable with the level of safety for

the structure itself. The problem arises because LSD methods provide separate

evaluations of ULSs and SLSs, which are related to strength and deformation,

respectively. In contrast, GFS methods combine these quite separate states through a

single 'confidence'factor that is purely empirical.

The second problem, and the focus of this thesis, is that many classes of engineering

problems are simply not covered by current design codes based on LSD. This is

particularly true for existing infrastructure and geotechnical engineering problems. ln

these cases, engineers may feel that WSD methods are more attractive due to their

relative simplicity. The level of safety provided by WSD would be unknown. Engineers

might therefore prefer to use a Limit States approach. However, if no design code has



1.2

been prepared, it may indicate there is a lack of data that can be used to derive PSFs for

many of the parameters used in geotechnical design.

LIMIT STATES DESIGN IN GEOTECHNICAL ENGINEERING

ln 1980, an agreement was reached to draft a geotechnical design code for use across

Europe (Ovesen, 1981). Some countries, such as Denmark, had been using design

codes with prescribed PSFs for quite a few years. This generated quite a bit of interest

from European engineers using WSD methods. Many questions were raised about the

pitfalls that might be encountered using prescribed PSFs or attempting to account for the

variability of geologic uncertainties using statistics and probability theory. Many felt that

the use of LSD and prescribed PSFs would remove the engineer from the design

process and there would be no room for engineering experience or judgement. From

about 1981 to the early 1990's, there seems to be a distinct gap in published literature

on the use of LSD in geotechnical engineering. Since that time a considerable amount

of work has been completed and published in conference proceedings (lnternational

Limit States Design Symposium, 1993; Uncedainty in the Geologic Environment, 1996)

and engineering journals such as the Canadian Geotechnical Journal and the ASCE

Journal of Geotechnical Engineering. ln addition, three Canadian limit states design

codes now require the use of LSD for the geotechnical component of design. These

codes include the Ontario Highway Bridge Design Code (OHBDC; Ministry of

Transportation of Ontario, 1991), the National Building Code of Canada (NBCC; National

Research Council of Canada,1995) and the Canadian Highway Bridge Design Code

(CHBDC; Canadian Standards Association, 2000). Limit States Design procedures will

be introduced in the next edition of the Canadian Foundation Engineering Manual

published by the Canadian Geotechnical Society. The new edition is expected in 2003-

2004.

The use of LSD methods by Canadian geotechnical engineers has been initiated

through the design codes mentioned above. However, many of the problems faced by

geotechnical engineers do not have design codes to guide the engineer. How can

engineers apply LSD methods to non-codified problems? Can engineers use prescribed

PSFs from other codes? What risk would be associated with this? Do engineers need



to use PSFs or can reliability theory be used to help evaluate the level of safety? How

much understanding of probability and reliability theory is required? Can engineering

judgement be used in conjunction with LSD methods?

These issues are addressed in this thesis by way of an actualdesign example, which

involved assessment of possible buoyancy of the Shoal Lake Aqueduct in eastern

Manitoba. The eighty-three year old Shoal Lake Aqueduct is the sole water supply for

Winnipeg, Manitoba. lt was constructed between 1915 and 1919 and has been in

almost continuous use since that time. Only in recent years has the aqueduct been

shutdown to facilitate much needed maintenance repairs. During these shutdowns,

there is a possibility that the aqueduct could become buoyant in areas where the

aqueduct is submerged and the backfill material is mainly comprised of light-weight

organic soils. No design code exists to evaluate the potentialfor buoyancy of a structure

like the aqueduct. One of the biggest advantages the engineer has is that the aqueduct

has already been constructed. This permits direct measurement for many of the

parameters or uncertainties involved in assessing buoyancy potential. Direct

measurement was necessary because there is no database available that can be used

to determine appropriate design parameters or PSFs that can be used in design.

This LSD example is a case study of a unique and rare engineering problem involving a

very critical component of civil engineering infrastructure. There is no design code

directly applicable to buoyancy assessment and there is minimal engineering

experience. The amount of field information that was required to solve this problem is

not ordinarily available to students and therefore the work in this thesis represents a

unique opportunity to show how LSD methods can be applied outside of design codes.

This work is not simply the application of probabilistic and reliability methods. lt involves

a significant component of engineering judgement to develop the buoyancy model and to

interpret the data used in the model.

HYPOTHESIS:

A combination of limit states design (including reliability-based design methods) and

good engineering judgement can provide technically sound, economic solutions to many

classes of engineering problems, particularly problems involving remediation of existing

infrastructure.



1.3 OBJECTIVES

The objectives to be met in this thesis include the following.

1. To show that LSD methods can be successfully applied to non-codified

engineering problems.

2. To show why PSFs from non-related design codes may not be applicable.

3. To show how project-specific PSFs can be developed.

4. To show how reliability-based design methods can be used as an alternative

to the PSF method and to check the results of designs completed with

project-specific PSFs.

5. To demonstrate the inherent uncertainty in using WSD methods.

6. To demonstrate the importance of engineering judgement in design.

1.4 ORGANIZATION OF THESIS

Following this introduction, Chapter 2 presents a general overview of LSD. The chapter

begins by outlining the various uncertainties and required level of safety that need to be

identified before design begins. For comparative purposes, a brief discussion on WSD

has been included. The section on LSD provides a definition and history of LSD, an

overview of the various LSD methods that can be used in design and a discussion of the

concerns raised by engineers regarding the use of LSD methods in geotechnical

engineering. A general approach to applying LSD methods to non-codified engineering

problems is included at the end of the chapter.

Chapter 3 provides an overall summary of the Shoal Lake Aqueduct. The chapter

highlights the engineering challenges faced in the early 1900's by the engineers during

the design and construction of the aqueduct. The operating history of the aqueduct has

been included to show how the operating requirements have changed over the years

and how these relate to buoyancy potential of the aqueduct. The chapter concludes by

introducing the Shoal Lake Aqueduct Condition Assessment and Rehabilitation Program

that was initiated by the City of Winnipeg, Water and Waste Department in the early

1990's.
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Chapter 4 provides specific information regarding the Buoyancy Assessment Program

for the aqueduct. The concern regarding buoyancy of the aqueduct is discussed along

with the buoyancy concept for the aqueduct. The field-work that was completed over the

course of the Buoyancy Assessment Program is reviewed and pertinent data presented.

The chapter concludes with a general overview of the various options that were

evaluated in selecting a preferred remediation plan to reduce the risk of buoyancy of the

aqueduct' ì. ì,.

Chapter 5 provides details of four different buoyancy analyses that were completed

using both LSD and WSD methods. The discussion starts with a preliminary buoyancy

analysis used to evaluate the importance of the different parameters used in the

analysis. The various LSD methods and buoyancy models used are compared with

each other and also with the WSD results. The required use of engineering judgement

is evident in the discussion. Chapter 6 details the conclusions that can be drawn from

the work completed in this thesis and provides recommendations for further work.

This thesis document is based on project work completed by the author during his

employment as a geotechnical engineer by UMA Engineering Ltd. The project was

completed in partnership with CH2M-Gore and Storrie Ltd. of Toronto, Ontario and the

City of Winnipeg, Water and Waste Department. For academic purposes, the thesis

contains a considerable amount of additional original work undertaken by the author to

broaden the scope of the original reports provided to the City of Winnipeg and to pursue

in greater detail the technical value of applying LSD methods to this class of civil

engineering problem.
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2.1

LIMIT STATES AND REL¡ABILIW.BASED DESIGN

INTRODUCTION

In North America, limit states design (LSD) has been used in structural design since the

mid-197O's. The alternative to LSD is working stress design (WSD). lt was first

introduced in the early 1800's (certainly in North America) and has been used almost

exclusively by geotechnical engineers. ln WSD, all uncertainty is incorporated into

design by a single global factor of safety (GFS). The value chosen for the GFS is

typically based on engíneering experience. lts value is generally different for different

classes of engineering problems. Globalfactors of safety do not provide a quantifiable

measure of the level of safety (reliability)- they simply give engineers a general sense of

the level of safety of the structure. In contrast, LSD requires that all limit states, ultimate

and serviceability, be identified and checked. A quantifiable level of safety can be

incorporated into the design through the use of probabilistic and reliability methods.

Limit states design methods for geotechnical design were first introduced in Europe in

the 1950's and Danish engineers have been using their own LSD code since the mid-

1960's. The first LSD-based code for foundations was not introduced in Canada until

1983 when it was first included in the Ontario Highway Bridge Design Code (Code

(OHBDC; Ministry of Transportation of Ontario, 1983). Limit state design procedures

have been receiving increased attention, both good and bad, over the last two decades.

Many engineers feelthat the role of engineers in the design process will be significantly

reduced with the use of design codes that are based on limit states and use prescribed

partial safety factors. Others feel that more judgement and understanding of the

different failure modes will be required. Through the use of an actual design example,

this thesis shows how limit states and reliability-based design methods can be adapted

to a unique engineering problem for which limited past experience exists. Because this

thesis deals with a soil-structure interaction problem, the following discussion implicitly

includes both geotechnical and structural aspects.



UNCERTAINTIES AND SAFETY IN DESIGN

2.2.1 Uncertainties in design

Uncertainty is inherent in all engineering work due to natural variability in ground

conditions and construction materials, inaccuracies in design methods, variability in

loads and resistances and errors in testing procedures, amongst others. In order to

¡ninimize the probability of failure of an engineered structure, these uncertainties must

be accounted for. Traditionally, this was done using a GFS approach. More recently,

partial safety factors (PSF) have been developed using probability theory, reliability

methods, and direct calibration with WSD methods.

Uncertainties in engineering have been well discussed by others, for example Becker

1996a, MacGregor 1975, Morgenstern 1995, Phoon and Kulhawy 1999, the ASCE

Proceedings from Uncertainty in the Geologic Environment: From Theory to Practice,

1996; and the International Symposium on Limit State Design in Geotechnical

Engineering, Copenhagen, 1993. The following discussion is based on the findings from

the references listed above.

There are two broad categories of uncertainties in engineering, namely objective

uncertainties and subjective uncertainties. There are four main classes of objective

uncertainties namely, ground conditions, measurement of material properties, model

uncertainties and load uncertainties. Subjective uncertainties include human errors,

gross errors, workmanship and engineerlng judgement. Objective uncertainties are

more quantifiable than subjective uncertainties and can therefore be more easily

accounted for during design. Subjective uncertainties are much less quantifiable and

therefore hard to, if not impossible, to account for in design. Some subjective

uncertainties can be accounted for by quality control during design and construction

(Meyerhof, 1984). An example of quality control during construction is measuring the

density of compacted materials to ensure that a minimum density is achieved during

construction.

ln general, there are two general types of construction materials, structural and

geotechnical. Manufactured structural materials such as steel and concrete are much

more uniform than geotechnical materials and therefore have a much lower degree of

uncertainty. This lower degree of uncertainty is mainly due to the quality control



procedures used during the manufacturing process for steel and concrete. ln contrast,

uncertainty is inherent in geotechnical materials due to the complex geologic processes

under which the materials were deposited.

Uncertainty in geotechnical materials can be divided into two groups: aleatory

uncertainty and epistemic uncedainty (Baecher and Christian, 2000). Aleatory

uncertainty is the natural randomness of a propqÍy. lt cannot be reduced or eliminated.

Epistemic uncertainty is due to a lack of knowledge and can be improved by collecting

more information. For example, measuring the undrained shear strength of clay at only

two locations would not provide a meaningful range of shear strength values. As more

measurements are made the uncertainty in the range of shear strength reduces.

Unfortunately, instrument errors and procedural errors introduce additional uncertainty

with any form of measurement.

Bolton (1981) believes that the overwhelming majority of unceftainties in geotechnical

design are of the geotechnical system, rather than of its parameters, and that the

automatic application of statistical methods of any sort is fraught with danger and

paradox. However, one must consider that engineering experience combined with

statistics may allow engineers to beüer understand the variability of different parameters.

Model uncertainties are usually greater for geotechnical applications than structural

applications because the behaviour of geotechnical materials is not as well defined as

structural materials, particularly in the case of soil-structure interaction models. Model

uncertainty arises due to the idealizations and assumptions that have to be made in the

formulation of a physical problem. Model uncertainty can be sometimes accounted for

by a bias factor, which is determined by comparing the predicted performance of a

structure to the actual performance. Determining actual performance requires full-scale

field-testing such as pile load tests.

There are two general load types, dead loads and live loads. Load uncertainties are less

of a concern for dead loads than live loads because dead loads can be calculated more

accurately than any other loads except possibly fluid loads (MacGregor, 1975). Live

loads vary considerably with time and from structure to structure due to change in use

and climate, among others.



2.2.2 Level of safety

ln designing any type of structure, the various uncertainties described in the previous

section must be accounted for if an adequate level of safety is to be provided against

failure. This level of safety depends on the class and importance of the structure and

the consequence of failure. The level of safety, or probability of failure, also needs to be

comparable to the risks that people are willing to accept in specific situations or from

natural events or from natural or manmade works. (Becker, 1996a)

MacGregor (1975) identified a number of subjective values that should be considered

when attempting to determine the consequences of failure. These values include cost of

replacement, potential loss of life, costs to society in lost time, lost revenue or indirect

loss of life or property due to failure, importance of different components in the structure,

and the type of failure, warning of failure and existence of alternative load paths.

MacGregor (1975) also went on to summarize some statistical data showing the yearly

death rate per person per year for various activities. The results were grouped into

levels of acceptable risk which are summarized as follows:

Avoidable risks connected with daring people 1/1000 per year

Avoidable risks connected with careful people 1/10,000 per year

Unavoidable risks 1/20,000 per year

These results suggest the probability of failure of a structure through collapse that

results in one death should be about 1|2O,OOO. lf more deaths may result an even lower

probability of failure should be used. Based on these results and results from a German

study on roof snow loads, MacGregor (1975) then suggested, for the work he undertook,

that the probability of failure should not be less than about 1/100,000 per year.

MacGregor's work was based on new construction where the cost associated with extra

safety is small.

More recently, the desired level of safety (risk) for various types of structures

(Figure 2-1) has largely been based on observed risks for certain natural events and

engineering projects designed in keeping with current engineering practice

a

a

a
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(Becker, 1996a). The results presented in Figure 2-1 indicate that the risk associated

with engineering works is less than the generally accepted risk, which is in turn, less

than the risk associated with natural events such as hurricanes and earthquakes.

Becker (1996b) states that the National Building Code of Canada (NBCC)for structural

design was calibrated using a target probability of failure of 104 in 30 years for ductile

behaviour with a normal consequence of failure and a target probability of failure of 10-5

in 30 years if the consequence of failure is severe or the failure is likely to occur in a

brittle manner. A target probability of failure of 104 in 30 years was used for code

calibration for foundations in the NBCC (1995).

There are numerous ways in which safety has been incorporated into engineering

design. Traditionally a single globalfactor of safety has been used in conjunction with

WSD. More recently, partial safety factors based on probability and reliability theory and

also direct calibration with WSD have been used with LSD. Reliability-based design

methods are also used, but to a much lesser extent. These methods will be discussed in

more detail in Section 2.4.4. lt is important to note that methods of safety analysis are

not designed to produce true estimates of safety but should be seen as aids in the

process of controlling safety (Oliphant, 1993).

ln referencing a report on safety in structuralcodes, Bolton (1981) implies that ninety

percent of failures occur because the design calculations used were irrelevant to the

structure that was actually created. That is, ninety percent of structural failures are

incapable of prevention by classical reliability theory. Bolton then questions the

percentage of geotechnicalfailures for which the theory will be useful. lt would be

valuable, and interesting, to know the percentage of failures based on the total number

of structures built. This will likely be a relatively small percentage, which would indicate

that the design methods used have performed their intended function of ensuring a

sufficient level of safety. What Bolton fails to mention is that no design method can be

expected to cover situations such as misinterpretation of site conditions, incorrect

assessment of soil properties, or use of inappropriate models. These gross errors can

only be handled by ensuring proper professional competence and conduct on the part of

the engineer (Phoon et. al., 1993).
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2.3 WORKING STRESS DESIGN

2.3.1 Background

Working stress design methods have been used in civil engineering since the early

1800's and are still used today, predominantly by geotechnical engineers. The objective

of WSD is to ensure that the stresses generated by service loads are less than the

allowable stresses of the struoture by an empiricalfactor or GFS chosen on the basis of

past experience. This GFS accounts for the various unceftainties in design that were

discussed in the previous section. Working stress design is essentially a deterministic

approach that assumes the loads and resistances are well defined.

The GFS can be applied to the resistance or the applied load (Equation 2-1) depending

on which term has the most uncertainty, traditionally the GFS is applied to the

resistance. The magnitude of the GFS varies for each common type of design and

varies over a range of values that are largely based on past experience. ln general,

higher values in the chosen range are used when there is more uncertainty in the

variables and/or there is a higher consequence of failure. A limiting condition exists

when the GFS = 1, which implies that the loads and resistances are just equal and any

further reduction in resistance and/or load increase will result in failure.

12-11 GFS = Ultimate Resistance
Applied Load

The load and resistance terms in Equation 2-1 may include forces, moments,

temperature changes, water pressure changes, and chemistry changes among others.

In many situations, the geotechnical GFS is selected to controldeformations such as

settlements and slope movements.

2.3.2 Limitations

Working stress design is a simple and straightforward method of accounting for

uncertainties in design and has been used somewhat successfully over the years.

However, Becker (1996a) pointed out some major drawbacks in WSD:
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. WSD is not compatible with current LSD methods used in structural

engineering,

o there is no rational or consistent way to define the level of safety or

probability of failure through the use of GFSs,

o the expected level of safety provided through the use of a particular GFS is

based almost entirely on experience,

o the level of safety.between similar classes of problems is highly v¿riable even

for a constant GFS because engineers tend to use different design methods

and select different design values for strength,

o the engineer is not forced to consider how a structure will perform under

ultimate and serviceability states,

o The use of a single GFS does not separate or distinguish between the

various sources of uncertainty,

o There is no direct (inverse) relationship between GFS and probability of

failure.

Despite the shortcomings of WSD and single global factors of safety, knowledge gained

over the years provides a valuable source of information that can be used to calibrate

LSD methods so that geotechnical engineers can begin to use a more rational design

method that facilitates determining the level of safety. Many engineers are comfortable

with the WSD method and feelthat the LSD process is just a more complicated means

of achieving similar results that only reduce or eliminate the role of the engineer (Day

1997). As engineers, we should be looking for better ways to design and build

structures with a more consistent level of safety.

2.4 LIMIT STATES DESIGN

2.4.1 Definition of Limit States Design

Limit states are defined as conditions under which a structure or its component members

no longer perform their intended functions (Becker, 1996a), these conditions are

identified and considered in the design process. The term LSD does not by itself, imply
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how uncertainties are to be accounted for during design. However, the term LSD is

commonly associated with the use of probabilistic methods.

There are two general classes of limit states, ultimate and serviceability. Ultimate limit

states (ULS) pertain to safety and failures such as structural collapse. Serviceability limit

states (SLS) pertaÍn to conditions that affect the functional use of a structure for its

intended purpose. All potential limit states must be identified for each structure because

the ULSs and.SLSs vary with the type of structure and the intended use. Some

examples of ULSs include the formation of a plastic hinge, buckling, loss of static

equilibrium (buoyancy), overturning, sliding and ultimate bearing capacity. Some

examples of SLSs include cracking, deformations, excessive vibrations, localized

damage, excessive totaland differential settlements. The occurrence of an ULS can

result in loss of life andlor excessive financial costs. Structures are therefore designed

with an acceptably low probability of occurrence of ULSs. The low probability of

occurrence is achieved by ensuring that:

12-21 Factored resistance > Factored load effects

The resistance and load effects include factors such as force, moments, temperature

changes, water pressure changes, and chemistry changes among others.

Load and resistance factoring can be achieved in a number of different ways that are

discussed in more detail in Section 2.4.4. The consequences due to the occurrence of a

SLS are much less severe, and therefore a higher probability of occurrence is generally

acceptable. In the case of SLS the objective is to ensure that:

12-31 Deformations < Tolerable deformation

Tolerable deformation is that required for a structure to remain in service. Serviceability

limit states are commonly checked using unfactored loads and resistances.
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2.4.2 Historical Development of Limit States Design

The development of LSD in geotechnical engineering has been well discussed by others

including Meyerhof (1995), Becker (1996a) and Ovesen (1981). In Canada, the current

use of LSD is strongly associated with structural engineering largely because it has been

used almost exclusively since the mid-1970's when it was included in the National

Building Code of Canada (NBCC; National Research Councilof Canada,1975\ as an

alternative to WSD for the structural design of buildings. However, the roots of LSD in

geotechnical, and structural design, extend back as far as the 17th century (Hooke,

Newton, Euler), 18th century (Coulomb) and 19th century (Rankine). The use of factors

of safety were introduced in the 18th century by Belidor (1729) and Coulomb (1773);

and became widely used in Europe and North America in the first half of the 20th

century.

In the 20th century more insight was brought to the geotechnical community by the work

of Terzaghi (1943), Taylor (1948) and Brinch-Hansen (1953, 1956). ln 1943, Terzaghi

identified two principal groups of problems, stability and elasticity. Stability problems, a

form of ULS, consider the stress conditions just at failure (state of plastic equilibrium)

without consideration of strain. Elasticity problems, a form of SLS, involve soil

deformation (strains) without consideration of stress conditions for failure. ln 1948,

Taylor introduced the concept of separate or partial safety factors on the shear strength

parameters c'and tan g'used in slope stability work. ln the mid-1950's Brinch Hansen

proposed partialfactors for loads, shear strength parameters and pile capacities for the

ULS design of earth retaining structures and foundations. The first geotechnical design

codes based on limit states were introduced in the mid-1960's by Denmark and followed

by Romania in 1969. Other countries have since developed geotechnical design codes,

including the USA, Czech Republic, former USSR, former German Democratic Republic,

former Federal Republic of Germany, France and others. ln Canada, it was not until

1983 when the OHBDC (1983) introduced LSD for foundations.

2.4.3 Current Status of Limit States Design ln Geotechnical Engineering

There are a few countries, Denmark for example, that have successfully used

geotechnical design codes based on limit states design principles for many years. There
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are however, a significant number of countries, including Canada, that have not fully

embraced this design approach even though it is sometimes required by code for design

of structures, such as bridges. Two general ways of incorporating limit states into

geotechnical design have developed, a factored strength approach (Europe) and a

factored overall resistance approach (North America). These will be discussed in

Section 2.4.4.

ln the early 1980's, the global geotechnical community was introduced to the LSD design

concept. A significant number of concerns, which are discussed in Section 2.4.5, were

raised at this time by, for example, Boden 1981; Bolton 1981 , 1993; Semple 1981 ,

Simpson et al. 1981, Fleming 1989 and Day 1997. These initial reactions resulted in a

significant effort by the geotechnical community to find ways to incorporate LSD into

geotechnical practice and account for various uncertainties such as that in the geologic

environment. In 1981, the European's started the development of a geotechnical design

code known as Eurocode 7 (CEN 1992), which is scheduled to be released around

2003. ln North America, LSD was incorporated into bridge design codes such as the

American Association of State Highway and Transportation Officials (AASHTO; 1994)

and the OHBDC (1983) which has recently been replaced with the CHBDC(2000). ln

Canada, the LSD approach is also included in the NBCC (1995, 1996) and is also used

for the design of offshore structures. Currently, the majority of geotechnical work

completed in Canada is done using WSD. This leads to confusion when foundation

recommendations based on WSD methods are provided to structural engineers who use

LSD and must take account of both stability concerns (ULS) and settlements (SLS) in

designing foundations. No codes currently exist in Canada for earth dams,

embankments or slope stability. lt appears likely that the forthcoming European Code

(CEN 1992) will address embankments and slope stability but not dams and dykes (Orr

and Farrell,2000).

ln the mid-1970's, the structural engineering community in Canada made a gradual

change from WSD to LSD. This was accomplished in the NBCC (1975) by allowing

designers to use either WSD or LSD. A gradualtransition from WSD to LSD is also

needed for the geotechnical community to help practising engineers understand and

become familiar with LSD concepts. A large database and wealth of experience have

been gained over the years of using WSD and these can be used in calibrating LSD
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codes. The objective of LSD methods is to provide a rational design approach with a

more consistent and quantifiable level of safety. To meet these objectives we must

allow engineers to utilize their experience and exercise their judgement but we must also

bring a level of consistency to site characterization and selection of design values for

strength and resistance. A site characterization manual, that will complement the

Canadian Foundation Engineering Manual (3'd Edition), is presently being prepared by

the Canadian Geotechnical Society and willto help achieve these objectives. Because

of its better logic and ability to improve communications with other engineers, it is

important to begin educating geotechnical engineers about LSD and to include LSD in

the geotechnical education programs at all universities.

2.4.4 Limit State Design Methods

Many engineers associate LSD directly with probabilistic methods. Although the

uncertainties in LSD may be dealt with using partial safety factors, which have been

calculated using probabilistic and reliability methods, the main LSD concept is to identify

and separately consider each potential limit state and ensure that the occurrence of

each applicable limit state satisfies the design criteria, as indicated in Equations 2-2 and

2-3. Uncertainties in design in either the resistance term or the load effects term in

Equation 2-2 can be accounted for using a variety of methods that are discussed below.

Two general approaches have emerged to deal with uncertainties on the resistance side

of the general ULS equation (Equation 2-2), namely, the factored strength approach and

the factored resistance approach. The European engineering community has developed

the factored strength approach, whích accounts for uncertainties by factoring down the

strength parameters c' and tan Q'with the corresponding partial safety factors f" and fq.

These reduced strength factors are subsequently used to directly calculate a factored

resistance. ln North America, the factored resistance approach has been developed in

which unfactored strength parameters are used to determine the overall resistance and

this is subsequently reduced using a single partial safety factor, Q. In both approaches,

the uncertainties associated with load effects are dealt with through the use of one or

more load factors (LF) applied separately to each of the components of loading.
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The factored strength approach has been used successfully in Denmark since the mid-

1950's. Despite the fact that the approach implies that all the uncertainty is associated

with the strength parameters, these factors have only undergone slight adjustments over

the years to provide the required performance (Meyerhof, 1995). Other sources of

uncertainty exist, as discussed in Section 2.2, including model uncertainty, measurement

of material properties and uncertainties associated with ground conditions. Within the

factored strength framework, these sources of uncertainty would require the use of

separate partialfactors. Eurocode -7, (CEN 1992) states that allfactors or variables

that influence soilstrength, such as rate effects, stress path, stress-strain behaviour, and

the inaccuracy in the design model are to be considered in the determination and

selection of the characteristic strength values for c' and Q'. The characteristic strength is

defined in Eurocode 7 as "a cautious estimate of the value affecting the occurrence of

the limit state." However, no instructions or substantial guidance are provided on how

this should be done. (Bengtsson et al. 1993)

In Canada, the factored resistance approach has been used in structural engineering

since about 1975 and since the early 1990's to a much more limited extent in

geotechnical engineering OHBDC (1991). Because only one resistance factor is used it

is implied that it accounts for all uncertainties on the resistance side of Equation 2-2.

The resistance factor can be determined to account for the combined effect of more than

one uncertainty (MacGregor, 1975). The factored resistance approach has the added

advantage that it can be used with empirical design methods, whereas the factored

strength approach requires the use of a performance factor that serves the same basic

purpose as a resistance factor. Calibration of the factored resistance with existing WSD

methods appears to be more straightforward than calibration of the factored strength

approach due to the reduced number of partialfactors involved. The NBCC (1995) for

foundations was calibrated with WSD methods to provide similar results (Becker 1996a).

At least six LSD methods have been proposed to account for the uncertainties in design.

Becker (1996a) describes five of the methods including the load factor method, load and

resistance factor design, LSD using worst credible values, LSD using ertreme values,

and reliability-based design. Day (1998) briefly describes the use of partial factors in

design. These will be described in turn in the following paragraphs.
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Load factor method

The load factor method does not use resistance factors, only LFs. This method is

suitable only in cases when there is little uncertainty in the resistance. This is typically

not the case for geotechnical structures and therefore will not be discussed further.

Load and resistance factor desiqn method

The load and resistance factor design (LRFD) method is an extension of the load factor

method but accounts for uncertainties associated with resistance using a single

resistance factor. The load effects are determined using multiple LFs. Due to differing

degrees and sources of uncertainty, uncertainties associated with the resistance and

load effects are not related and must therefore be accounted for separately. Some

examples of design codes in North America that use LRFD include OHBDC 1993,

CHBDC 2000, NBCC 1995 and 1996 and AASHTO.

The LRFD approach provides structural safety by underestimating its resistance and

overestimating the load effects to provide a factored resistance that is greater than or

equalto the factored load effects. The level of safety is defined in terms of probability of

failure, and the design is based on some acceptable level of risk or probability of failure.

Figure 2-2 provides some examples of the variability of loads and resistances relative to

each other, the shaded areas in this figure indicate the load and resistance combinations

that could lead to failure.

The general LRFD equation is:

12-41 QRn > Icx¡Sn¡

where

QRn - factored resistance;

0 - resistance factor;
Rn - nominal resistance determined from engineering analysis;
Icx¡Sn¡ - summation of the factored overall load effects;
cü - load factor corresponding to a particular load, Sn¡;

Sn¡ - a specified load component of the overall load effects;

i - represents various types of loads such as dead load, live load etc.
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The left-hand side of Equation 2-4is the factored resistance, which must be greater than

or equal to the right-hand side, which represents the summation of the factored load

effects for a given loading condition. The resistance factor, Q is less than 1.0 and

accounts for variabilities in geotechnical parameters and model uncertainties.

Resistance factors commonly range from 0.3 to 0.9. The load factors, oq account for

uncertainties in loads and their probability of occurrence. They can range from 0.85 to

1.3 for dead loads and from 1.5 to 2.0 Íor live and environmental loads. Dead load

factors less than unity apply to situations where the dead loads produce a stabilizing

effect, for example the resistance against overturning of a retaining wall. The main

advantage of LRFD over WSD is that it can provide a more consistent and uniform level

of safety for all load combinations, and different types of materials, structures and

foundations (Becker, 1996a). For example, consider two structures or footings where

one carries predominantly dead load and the other carries predominantly live load. The

uncertainty associated with dead loads and live loads is not the same. This uncertainty

is accounted for when using LSD methods, but not with WSD methods.

Load and resistance factors, or partial safety factors (PSF) can be determined using

probability and reliability methods; calibration procedures, which are used to achieve

results similar to WSD; and also from engineering judgement. The PSFs used in design

codes are specified for each limit state and are based on target values of reliability or

acceptable probability of failure. Design codes will not cover all design situations.

Engineers can apply the LRFD method to other design problems, although it is not

recommended to use PSFs outside the design codes for which they were derived. The

use of PSFs from other codes is not recommended because the assumptions made

during code writing may not be applicable to the project at hand. For non-codified

engineering projects, the engineer will have to determine unique PSFs using probability

and reliability methods.

Partial safety factor method

The partial safety factor (PSF) method is an extension of the LRFD and much of the

above discussion on LRFD is directly transferable to this method. The PSF method

utilizes multiple load and resistance factors applied to different components of the design

calculation as implied in Equation 2-5. This method is used in Australia (Day, 1997) and

20



is not unlike the factored strength method used in Europe. ln general, the partialfactors

increase the load effects and reduce the resistance of the structure. ln geotechnical

design, different factors may be applied to the separate variables including shearing

resistance, cohesion, density and loads. Chapter 5 describes a new application where

PSFs were used in an unusual geotechnical project for which no previous practical or

design experience existed. This application forms the principal original contribution of

this thesis project.

The general equation is:

t2-51 XQiRni > Ic[¡Sn¡

where

EQiRni - summation of the factored resistances;

Q, - resistance factor corresponding to a particular resistance, Rn¡,

Rn¡ - nominal resistance determined from engineering analysis;
IcxiSn¡ - summation of the factored overall load effects;
cü - load factor corresponding to a particular load, S¡¡;
Sn¡ - specified load component of the overall load effects;
i - represents various types of resistances (shear resistance, density,

bearing capacity) and loads (dead load, live load, wind load).

LSD usino worst credible values

Limit state design using worst credible values was proposed by Simpson et al. (1981) to

overcome the apparent shortcomings of various design methods including working

stress design, partialfactor methods, probabilistic methods and design based on worst

attainable values. The authors believed that none of these methods could be used

consistently in geotechnical or structural design. Two objections to the use of partial

factors in geotechnical design include:

o The degree of cedainty with which a given geotechnical parameter, such as

undrained shear strength can be assessed varies significantly from one

project to another. The use of prescribed partialfactors applied to mean or

characteristic values of the parameters are therefore not adequate for

deriving design values intended to accommodate the variability.

¡ lt is not sensible to apply factors to water pressures and geological

uncertainties.
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lnstead of using prescribed factors, Simpson et al. (1981) suggested that the designer

think about the worst circumstances that might arise and express these in the design

parameters. They distinguish the difference between expected parameter values and

worst credible parameter values. Expected values are those occurring in the average

situation which will govern the real behaviour and may either be constant with time

(shear strength, for example) or vary with time (groundwater levels, for example). Worst

credible values are values of loads and material properties that are the worst that the

designer could realistically believe might occur. The worst credible value is not the worst

that is physically possible, but rather a value that is very unlikely to be exceeded. This is

basically the same objective that can be achieved by applying PSFs to characteristic or

nominalvalues of strength parameters and other uncertainties. No explicit level of

safety (reliability), such as probability of failure, was defined for this method.

Without going into great detail, the basis of the method is to define a limit states value for

each variable and to demonstrate that the limit state will only just occur with these

values. One of two constants are applied to each variable, dependent on how the

uncertainty of each variable affects the design. The method considers uncertainty in

parameters, but not model uncertainty. Given that the designer must select the worst

credible value for each variable there is significant room for variability between designs

by different engineers.

The method does not appear to provide any greater consistency than other LSD

methods because, as in any method used for geotechnical design, the potential for

design variability between different engineers is significant. One of the main reasons for

these differences relates to how the geotechnical data are interpreted. The method

suggests there are ranges of values that may have upper and lower bounds. ldentifying

these limits is an important aspect of any design. There is no benefit in using factors of

any kind that yield conditions that are very rare or even physically impossible, such as a

saturated unit weight of normalty consolidated clay equal to 25 kN/m3.

LSD using extreme values

Bolton (1981) proposed a limit state design method based on extreme values. He

suggested that design approaches using factors of safety and probabilistic design

methods should not be used to demonstrate safety of geotechnical structures. The



general method proposed involves checking designs for occurrences of limit states when

all parameters are assigned their worst obtainable values and using conservative

models. Under these conditions, Bolton feels that no factors of safety are necessary.

Simpson et al. (1981) suggested that the proposed method is pessimistic and would

likely result in overly expensive structures. ln addition, the probability that all the

parameters would be operating at the extreme values simultaneously is expected to be

very low. Becker (1996a) suggests the method has some merit because engineers

would be required to think about worst case scenarios that might arise. Use of extreme

values may be useful in certain situations where some conditions or engineering

properties are not well known. Again, this shows the importance of, and need for,

engineering judgement and experience. The use of extreme values may be appropriate

when other LSD methods are used outside of design codes. An example of this

approach might involve assuming an extreme value for a variable that is difficult and

costly to measure and has a relatively small impact on the design.

Reliability-based desion

Becker (1996a) discusses reliability-based designs (RBD) and how they relate to

methods such as LRFD. ln RBD, the parameters are treated as random variables

instead of constant deterministic values. The measure of safety is the probability of

failure that can be computed directly if the actual probability density functions or

frequency distribution curves are known, or measured for the loads and resistances.

The probability of failure is related to the shaded area representing the overlap between

the load and resistance curves shown in Figure 2-2.

As for all design methods, RBD cannot account for gross errors including

misinterpretation of site conditions, incorrect assessment of geotechnical properties or

the use of inappropriate models by the geotechnical engineer (Phoon et al. 1993). RBD

has some significant advantages such as being more realistic, rational, consistent and

widely applicable. However, the biggest disadvantage is that generally large amounts of

data are required to implement RBD procedures successfully and the computational

procedures are more complicated than those in deterministic design methods. Few

engineers are adept at using probabilistic and reliability methods. Thanks to modern

computers and software, RBD procedures are becoming easier to implement, as will be

shown in Chapter 5.
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There are three levels of RBD or probabilistic design (Becker, 1996a). Level 3 is a fully

probabilistic method that requires the actual probability distribution curves be known or

measured for each random variable for loads and resistances. The biggest

disadvantage of the Level 3 method is the amount of time requíred to complete the

analysis and typically the engineer will not have all the required information to complete

the analysis. This method may be usefulfor large projects where the consequences of

failure are high. lt may achieve more prominence in the future as the necessary

databases are assembled, particularly in locations where localized geologic conditions

are fairly uniform. Examples might include probabilistic analysis of stabil¡ty of riverbanks

in Winnipeg, highway cuts in clay{ill, and spoil heaps in open-pit mines. A Monte Carlo

simulation could be used to complete a Level 3 reliability design.

The Level2 probabilistic method is known as an approximate probabilistic method. lt

does not require that the actual probability distribution curves be known, but the shape of

the curves is required. Statistical parameters from collected data can be used to

describe or approximate the distribution of the variables. lt is common to assume that

the variables are statistically independent variables and have either a normal or log-

normal distribution. A special case of the Level 2 method is the second moment

probabilistic method. The method considers the random nature of the variables and is

based on the two moments of the mean and the coefficient of variation of the loads and

resistances. Safety is defined by the reliability index, B (MacGregor 1975). While there

are several ways of setting up the problem, one of the simplest is to determine the mean

and standard deviation of the "safety margin". The safety margin is equal to the

resistance minus the load effects at the ULS. The reliability index is defined as the

number of standard deviations that the mean of the safety margin distribution lies above

zero or the failure limit (Allen 1975). The reliability index has been related to probability

of failure as shown in Table 2-1. Becker (1996b) provides a good discussion on the

reliability index. Equations 2-6 to 2-9 (Ravindras and Galambos, 1978 and Alen and

Jendeby, 1993) are used to calculate load and resistance factors using the second

moment method. MacGregor 1975 and Becker 1996b describe the assumptions and

theory behind the calculation of load and resistance factors. A Monte Carlo simulation

could be used to complete a Level 2 reliability design.
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t2-61 ì. = õ e Fev (log-normal distributions)

12-71 0=ôe-Êev(log-normatdistributions)

12-81 i. = ô (1+P0V) (normal distributions)

[2-9] 0=ô(1-FeV)(normaldistributions)

where:

1, - load factor
g - resistance factor
ô - bias factor = rrêârì value / nominal value

B - reliability index
0 - separation coefficient (typical range of 0.6 to 0.8)
V - coefficient of variation = standard deviation / mean

The Level 1 or semi-probabilistic method uses separate load and resistance factors or

partial safety factors determined from a Level 2 reliability analysis. The LRFD is an

example of a design method based on Level 1.

As shown above, there are a variety of methods that can be used with LSD concepts to

account for uncertainties in design. Compared with WSD, LSD is a more rational

approach that can provide more consistent designs and associated levels of safety. ln

non-codified classes of engineering problems, we may need a number of 'tools'to

complete a LSD. These tools include engineering judgement, knowledge of probability

and reliability methods and knowledge of realistic extreme values (upper and lower

bounds) applicable to the parameters in the design.

The buoyancy analysis of the Shoal Lake Aqueduct presented in Chapter 5 of this thesis

shows how the partial safety factor and reliability-based design methods can be used as

a platform for a non-codified design. The work required some assumptions to be made

because it was not possible to determine partial safety factors for allthe parameters.

The work also shows why it is not wise to use partial safety factors from design codes for

anything but their intended applications. This is particularly true for existing

infrastructure from which variables can be measured directly.
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2.4.5 General Goncerns Regarding The Use Of Limit States Based Design Godes

ln Geotechnical Engineering

All evidence that has been found in this review supports the use of LSD concepts in

geotechnical engineering. However, some authors, for example; Boden 1981; Bolton

1981, 1993; Semple 1981, Simpson et al. 1981, Fleming 1989 and Day 1997, have

strong opinions about how uncertainties should or should not be included in the LSD

process. The majority of the concerns appear to be with the use of prescribed PSFs.

Many of the authors felt that the inherent variability of soil conditions from site to site

cannot be properly accounted for using prescribed PSFs and that there is not enough

information available to determine appropriate values for PSFs. Fleming (1989) felt that

prescribing universalfactors without nominating a particular method would be

inappropriate and that prescribing design methods would take away the engineers use of

knowledge and experience.

Boden (1981) pointed out that prescribed PSFs applied indiscriminately to soil properties

might even define soils that could not possibly exist in nature. Boden also felt that any

changes made to existing design methods must retain a framework within which past

experience and engineering judgement can be readily applied, particularly where

empirical design is used. An example of this is footing design using Standard

Penetration Testing results. Simpson et al. presented two objections to the use of

prescribed partial factors. The first being that the degree of certainty with which a given

geotechnical parameter, such as undrained shear strength, can be assessed varies

significantly from one project to another. Prescribed PSFs applied to mean or

'characteristic'values of the parameters are therefore not adequate for deriving design

values intended to accommodate the variability. Second, it is not sensible to apply PSFs

to water pressures and geological uncertainties.

Semple (1981) presented four criticisms of PSFs. One, due to the number of PSFs, the

method is cumbersome to use. Two, results of the analysis must fit with existing

experience and therefore do not produce substantial differences in overall safety factors.

Three, splitting the globalfactor of safety (GFS) into components associated with loads

and resistances introduces the possibility that one or more functions of the original GFS

may have been omitted. Finally, when failures occur, it is almost always due to serious



errors or unforeseen conditions. lt seems that this last statement would apply to all

design methods. Semple felt that failures due to excessive variation of recognized

parameters are rare and should not be given undue emphasis by focusing attention on

PSFs. He also suggested that statistics can become a substitute for trying to

understand inherent, non-random variations in soilcharacteristics. ln contrast, Semple

argued that statistics should help enhance our understandÍng of geologic uncertainty and

variability, a process that is more rational than drawing conclusions from raw field data.

More recently, Day (1997 and 1998) echoed these concerns. Day felt that it is

impossible to specify materialfactors or capacity reduction factors based on probability

considerations that can be applied in general to all sites and at the same time take into

consideration the variability of all parameters. He was concerned that the calibration

process, particularly for foundations, may be wrongly conceived. Data used to

determine values of PSFs for resistance are not appropriate because while LSD

separates strength and deformation, WSD does not do so explicitly. Yet the WSD

results are used to determine PSFs that can be used in LSD. lt is noted again that WSD

for foundations applies a high global factor of safety (2.5 - 3.0) to the strength (bearing

capacity) equation to limit settlements.

The references quoted in previous paragraphs all show that PSFs are not solidly based

on probabilistic models or reliability calculations, as originally proposed. Becker (1996b)

showed how PSFs for a LSD code for foundations (NBCC 1995) were calibrated by

fitting with WSD and using reliability methods. Day concluded that many of the new

codes are just a different method for achieving the same result as previous "good

practice". ln his opinion, these new codes tend to distract the engineer with numerical

modeling rather than allowing the engineer to focus on the real behaviour of the system.

More recently, Green and Becker (2000) identified some specific problems and issues

with LSD in geotechnical engineering that are much different than the concerns

presented in earlier papers. They suggested that change is generally not welcomed by

many, especially when it involves switching from a well-known system (WSD) that works

to lesser-known system (LSD) that is not well understood by many engineers. The lack

of acceptance of LSD is likely due to inadequate education on LSD and its benefits.

While much effort has been spent on the mysteries of probability theory, Green and



Becker suggested that engineers should promote a fundamental understanding of how

to identify and assess the limit states associated with different classes of practical

problems. This would then be followed by consolidating the analysis used for designs

based on uncertainty and risk. Geotechnical engineers need to enhance site

investigation methods and the post-processing of field data. They also need to

understand and embrace the fundamental principles of LSD and learn that LSD is much

more than the hidden application of probability and reliability theory. Green and Becker

recognized that more guidance is required in determining appropriate geotechnical

design values to be used in LSD. However, the selection of design values is also a

function of the site characterization program and geotechnical engineering experience

and judgement. Particular classes of problem that need further development include

predicting settlements and soil-structure interaction.

None of the references used for this review disputed the need for using LSD. Many,

however questioned how uncertainty should be accounted for. The obvious problem

with all design methods, including both LSD and WSD methods, is how to select design

parameters and account for geotechnical or geologic uncertainty. ln many classes of

problems, geotechnical engineers have sufficient experience and judgement using WSD

to be able to proceed with an acceptable level of comfort. Use of LSD methods directly

addresses some of the shortcomings of WSD such as uncertainty in loading. Other

uncertainties remain, principally those associated with geologic uncertainty and will

never be easily solved. Engineering experience will play a significant role in bridging the

gap between theory and the real world. Engineers will adapt to new methods once they

start using them and gain experience. There is much more room for growth and

improvement with LSD methods, including the PSF and LRFD methods, than there is

with WSD. Engineers need to be looking for and adopting new and better methods that

enhance and rationalize previous experience and judgement.

A smooth transition from WSD to LSD is required to promote the use of these methods

in geotechnical engineering. Engineers know that existing methods work well in most

cases, but we still don't really know what the level of safety is or how the global factor of

safety is distributed amongst the different variables. Geotechnical engineers have been

using less than satisfactory methods for years, especially for soil-structure interaction

problems, because they are comfortable with them. For new problems and innovative



technologies, we need to improve the methods of analysis. We also need to be able to

provide recommendations to our structural engineering counterparts that can be used

directly in structural design. The author suggests that the catalyst for assisting in

achieving these objectives may be LSD.

APPLICATION OF LIMIT STATES DESIGN METHODS TO NON-CODIFIED

ENGINEERING PROBLEMS

ln many design situations in geotechnical engineering, no design code exists,

particularly for existing infrastructure remediation projects, for example, the buoyancy

assessment project for the Shoal Lake Aqueduct that forms the principal case study in

this thesis document. ln such situations, LSD methods based on partial safety factors or

reliability methods can be used to account for uncertainties. Concerns regarding the use

of prescribed partial safety factors that are not based on probabilistic methods were

identified in Section 2.4.5. In some design situations these concerns can be overcome

by collecting data and using reliability methods (Levels 1,2 or 3) to provide the desired

level of safety. This is especially true when engineering properties can be directly

measured for existing infrastructure. This was the case for the Shoal Lake Aqueduct. In

projects like this there are potential cost savings for remedial work completed on existing

infrastructure because minimal allowance needs to be made for construction tolerances.

This may permit the use of higher partial resistance factors and lower partial load factors

with corresponding economics.

No general guidelines are available on how to complete a limit states-based design

using reliability methods when no design codes have been developed. Each project will

be unique, but application of the approaches outlined in this thesis shows how valuable

this design tool can be to practicing engineers.

Application of LSD methods to non-codified engineering problems requires engineers to

identify all possible limit states and associated variables and as well, an acceptable level

of safety. Appropriate engineering models are required to assess each limit state. Prior

to undertaking a field investigation to collect required information on the variables, a
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simple Monte Carlo simulation model can be set up to determine which variables appear

have the greatest influence on the various lÍmit states.

Computer programs such as @-Risk (Palisade Corporation,2002) can be used to

complete a Monte Carlo simulation. This work requires that a reasonable statistical

distribution for each variable be established. This is done on the basis of available

information, engineering judgement and experience. Statistical output from the model

permits the engineers to evaluate which parameters are most influential. A field program

can subsequently be developed to ensure that sufficient data are collected for each

variable. Post-processing of the field information is an important phase of the work,

requiring statistical methods, engineering judgement and experience. Post-processing

of field and lab data may include deleting some results from the data set due to sample

disturbance or the grouping of data from large sites. Neither of these involve statistics

but do require engineering judgement. Numerous papers have been written on

statistical methods to help with data interpretation, for example Phoon and Kulhav4r,

1999 and the papers from the ASCE Conference "Uncertainty in The Geologic

Environment: From Theory to Practice."

ln this class of problem, there is a good chance that one or more of the variables may

not be measurable. Under these situations, some of the ideas from the preceding

discussion on LSD methods, for example, worst credible or extreme values, can be used

with engineering judgment to determine appropriate design values that may not require

the use of partial safety factors. Examples might be groundwater elevation or unit

weights of backfill. ln both cases there is likely a minimum and/or maximum value that

can be reasonably assumed on the basis of engineering judgement, experience and site

knowledge.

For example, during the buoyancy assessment project for the Shoal Lake Aqueduct it

was not feasible to determine the variability in ground water levels. On the basis of

observed site conditions and measured groundwater levels, it was assumed that

groundwater levels in most areas along the aqueduct were high enough to assume

complete submergence of the aqueduct and the backfill. This may seem like a logical

assumption. However, considering the cost associated with mitigating buoyancy

problems, carefulthought was required in making this 'logical'assumption. There were
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at least two stretches of the aqueduct where the assumption of complete submergence

of the pipe and overlying backfill was not applicable. ln these locations, hydrologic

modelling was used to determine that water levels would not likely rise above the top of

the pipe. This would leave a significant portion of the backfill non-submerged, resulting

in fewer rernedial repairs and substantial savings in construction cost.

Chapters 3 and 4 of this thesis report respectively on the init¡al des¡gn and construction

of the Shoal Lake Aqueduct in the years 1914 to 1919; and on a buoyancy assessment

program undertaken from 1994 to 1999 by UMA Engineering Ltd. in partnership with

CH2M_Gore and Storrie Ltd. and the City of Winnipeg. Chapter 5 shows how three LSD

methods were applied to reduce the risk of buoyancy of the Shoal Lake Aqueduct.
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3.1

SHOAL LAKE AQUEDUCT

BACKGROUND

The Shoal Lake Aqueduct (SLA) is a 157 kilometre (97.5 rnile) long concrete pipe that

transports up to 385 million litres per day (MLD) of potable water from lndian Bay to

Winnipeg, Manitoba, Canada. Winnipeg is located about 100 kilometres north of the

Canada-United States border at the junction of the Assiniboine River and the Red River.

lndian Bay is located about 150 kilometres east of Winnipeg on the west side of Shoal

Lake (Fígure 3-1). The aqueduct was constructed between 1915 and 1919 using

cast-in-place concrete and pre-cast concrete pipe sections.

Much of the following information about the design and construction of the SLA comes

from original manuscripts, reports, drawings and archival photographs. The principal

sources of information include the following references: GWWD 1918, GWWD 1914,

Feurtes 1920 and Chase 1920a and 1920b. GWWD is the Greater Winnipeg Water

District. These archives are located in the Shoal Lake Aqueduct Resource Center at the

City of Winnipeg's Water and Waste Department.

During the 40 year period of time prior to construction of the aqueduct, Winnipeg's rising

population resulted in increasing demands for a bountiful water supply of a quality

suitable for human consumption and industrial uses. In 1874 Winnipeg's population was

1 ,869. By 1890 the population had increased to 23,000; by 1910 it was 132,720 and by

1913 the population had reached 215,000. Before construction of the aqueduct, water

for human consumption and industrial purposes was obtained from either groundwater

wells or the Assiniboine River. In the years before 1882 the water supply for Winnipeg

consisted of a number of groundwater wells. The water was distributed to the

consumers by horse drawn carts or sleighs in winter. Between 1882 and 1900 raw

water was obtained from the Assiniboine River but was filtered before entering the water

mains. From 1900 until 1919, when the aqueduct was first commissioned, water was

taken from an artesian well system located within the city limits, in the general area of

McPhillips Street and Logan Avenue (GWWD, 1907). Although water provided by the

artesian well system was palatable, this water was very hard and resulted in high
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maintenance costs for industrial users. In addition, local groundwater levels were

depleted as the demand for water increased.

The need for a permanent water supply was recognised as early as 1883 but it was not

until 1905 that further action was taken. Two studies were undertaken to determine

suitable sources of soft water, the first recommended the Winnipeg River and the

second recommended Shoal Lake. By 1913 Shoal Lake was selected as the preferred
'source 

of a permanent water supply since it was of higfi quality and quantity and could

be transpoñed by gravity in quantities much larger than those considered to be available

from the Winnipeg River source (Feurtes, 1920).

Economics of construction played a large roll in deciding where to draw the water out of

Shoal Lake. The lntake was located on lndian Bay to provide the most economical route

even though difficult construction conditions were expected over the first 19 kilometres of

aqueduct alignment directly west (downstream) of the Intake. ln general, the water in

lndian Bay is clear but near the proposed lntake location the water was highly coloured.

Turbid water from Falcon River discharged into lndian Bay resulting in highly coloured

water near the proposed intake location. This problem was alleviated by diverting

Falcon River into Snowshoe Bay. The diversion was accomplished by constructing a

dyke across the west side of lndian Bay and a canal across the promontory separating

lndian Bay and Snowshoe Bay (Figure 3-2). These works are known as the Falcon

River Diversion. The colour of water in lndian Bay improved almost immediately after

the Falcon River Diversion was completed.

Approximately five and one-halt (5yz) years after selecting Shoal Lake as the preferred

water source, the aqueduct was commissioned and the first waters were discharged into

the reservoirs located on McPhillips Avenue. The major events that took place during

this period of time include:

. 6-Sept.-1913) the Greater Winnipeg Water District (GWWD) adopted the

report recommending Shoal Lake as the preferred water

source.

the City Council of Winnipeg also adopted the report

recommending Shoal Lake as the preferred water source.

o 8-Sept.-1913)



o

a

o 1-Oct.-1913)

. 2-Oct.-1913)

. 20-Oct.-1913)

. 15-Jan-1914)

February, 1914)

March, 1914)

. October,1914)

¡ Mâ!, 1915)

o End of 1918)

o 26-March-1919)

97 percent of the legally qualified ratepayers of the City

voted to accept the by-law creating a debt of $13.5 million

dollars required to construct the aqueduct.

an order in Council of the Province of Ontario was passed

permitting the G\AíWD to draw from Shoal Lake, up to 454

million litres of water per day.

five field parties were sent out to gather preliminary survey

data.

the International Joint Commission approved the

application permitting the use of water for the GWWD from

Shoal Lake up to 454 million litres per day.

aqueduct route selection completed.

construction began with clearing of the right-of-way,

installation of a telephone line, railway line construction

and construction of the Falcon River Diversion.

construction contracts awarded for 137 kilometres (85

miles) of aqueduct east of Mile 12.5. (Notes: Mileage refers

to the distance from McPhillips Street Reservoir (Mile 0) to

the lntake (Mile 97.5). Separate contracts were later

awarded for aqueduct construction west of Mile 12.5.

aqueduct construction from Mile 12.5 to Mile 97.5 was

started.

aqueduct construction complete (as required by the terms

of the Contract).

the first water flowed into the McPhillips Street Reservoir.

The reference system used to locate and identify specÍfic aqueduct features is 'aqueduct

mileage'. The aqueduct mileage increases in the upstream direction from the McPhillips

Street Reservoir located at Mile 0 of the aqueduct and terminates at Mile 97.5 (the

lntake) on lndian Bay (Figure 3-3). This reference system will be used throughout this

thesis to identify the location of specific aqueduct features. The main components and

the respective mileage's are listed below.
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o McPhillips Street Reservoir - Mile 0

o Branch I Aqueduct (BR1)- Mile 0 to Mile 12.5

. Deacon Reservoir - Mile 12.5

. Shoal Lake Aqueduct (SLA) - Mile 12.5 to Mile 97.5

o lntake - Mile 97.5

From Mile 0 to Mile 12.5 the aqueduct was constructed using pre-cast pipe placed in a

shored trench (Flgure 3-4). The construction technique used was generally

straightforward and accomplished without major difficulty. The 'cut and cover'

construction scheme (Figure 3-5) used between Mile 12.5 and the lntake at Mile 97.5

was simple in design but many challenges were encountered during construction. The

aqueduct construction from Mile 12.5 to the Intake will be discussed in detail as it

pertains directly to the area for which the buoyancy assessment was undertaken and

that forms the principal technical component of this thesis document. Some of the

problems were anticipated, based on soil investigations, while others were not

discovered until the first year of construction. In order to alleviate some of the foreseen

construction problems, the Greater Winnipeg Water District assumed multiple roles

during construction including that of Contract Administrator and Sub-Contractor.

3,2 AQUEDUCT CONSTRUCTION

3.2.1 Aqueduct Features

The aqueduct and allthe appurtenant structures were constructed between May 1915

and December 1918. The general features of the aqueduct consist of about 137

kilometres (85 miles) of gravity flow pipe, 20 kilometres (12.5 miles) of pressure pipe, six

inverted siphons at river crossings, five overflow structures, a tunnel under the Red River

and a series of drainage siphons. Although the aqueduct was designed to be operated

with a reservoir at Mile 12.5 this component was not constructed until 1972. This project

represented a major undertaking for the small Manitoba community in the early 1900's.

The Branch 1 Aqueduct (BR1) (Mile 0 to Mile 12.5) was constructed with precast,

reinforced concrete lock-joint pipe (Figure 3-6). From the McPhillips Reservoir (Mile 0)



to the west side of the Red River (Mile 3.5) the pipe segments are 3.05 metres long and

have an inside diameter o11.22 metres. From the eastside of the Red River (Mile 3.5) to

Deacon Reservoir the pipe segments are 2.43 metres long and have an inside diameter

of 1.68 metres.

The BR1 on the west and east sides of the Red River is connected by the Red River

Tunnel. The Red River Tunnel consists of a 1.52 metre diameter cast iron pipe located

in bedrock about 6.1 metres below the river bed. Vertical shafts on the west and east

sides of the river complete the tunnel. The annulus between the bedrock and the cast

iron pipe was filled with concrete.

The SLA (Mile 12.5 to the Intake at Mile 97.5) is a two piece, cast-in-place concrete

structure through which water flows by gravity to Deacon Reservoir. Before the Deacon

Reservoir was completed water flowed directly to the McPhillips Reservoir by gravity.

This section of aqueduct is essentially a covered concrete lined ditch consisting of an

upper arch resting on a flattened inverted arch base referred to as the invert (Figure 3-

7). Reinforcing steelwas used sparingly due to the high cost and reduced availability

during wartime (World War 1). Only 91 metres of elevation change (grade) was

available between Mile 17 and Mile 97.5. Eleven different aqueduct section sizes were

required, that is the internal dimensions of the SLA were varied to suit the natural slope

(grade) of land along the aqueduct alignment. The smallest aqueduct section measured

1.950 metres wide by 1.632 metres tall (grade = 0.1537o/o). The largest aqueduct

section measured 3.277 metres wide by 2.743 metres tall (grade = 0.011%).

At six locations along the route of the aqueduct it was necessary to cross rivers using

inverted siphons. These rivers include: the Seine River (Mile 4), the Brokenhead River

(Mile 41), the Whitemouth River (Mile 64), Birch River (Mile 74), Boggy River (Mile 78

and Mile 82) and the Falcon River (Mile 97). At these locations the aqueduct was

constructed of reinforced concrete pipes approximately 2.43 metres in diameter.

Overflow weirs were constructed on the upstream end of the inverted siphons located at

Miles 42, 64,74,83 and also at Mile 17. The weirs are rectangular windows cut into one

side of the aqueduct arch just above the waterline at maximum flow. The weirs were

designed to discharge the maximum aqueduct flow of 385 MLD. The weirs protect the
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non-reinforced aqueduct arches from surcharging caused by a partial or complete

blockage in the aqueduct, or by careless operation of the intake gates at Mile 97.5.

ln general, the aqueduct backfill berm is located above prairie level. To allow for natural

drainage across the line of the aqueduct about forty inverted drainage siphons were built

below the aqueduct invert (Figure 3-8). These siphons have a square cross-section and

range in size from single sections measuring 0.91 metres by 1.22 metres sections to

triple barrelled sections with each barrel measuring 1.83 metres by 2.06 metres. The

siphons consist of an inlet and outlet inclined at approximately 45 degrees connected by

a horizontal segment below the aqueduct.

3.2.2 Shoal Lake Aqueduct Design

The SLA was constructed using eleven different aqueduct section types. These sections

are identified by a two letter code. For example, BO. The letter B refers to the internal

size of the aqueduct, which varied to suit the available grade along the route of the

aqueduct. The second letter refers to the type of invert constructed to suit the

foundation conditions along the route of the aqueduct. There are a couple of situations

where a third letter was used to indÍcate a change to the arch, BPM for example. The

third letter, M, indicates that a modified arch was constructed. Only the first letter, which

describes the aqueduct section size, will be used when the discussion is inelevant to the

type of invert constructed. For example, the S section was constructed from Mile 89.09

to the Intake at Mile 97.5. lf the invert type is relevant to the discussion then both letters

will be used. The various aqueduct sections constructed between Mile 85.0 and the

lntake at Mile 97.5 are summarized in Table 3-1. These sections are presented because

buoyancy assessment of the aqueduct was conducted in this area.

The arch design of the aqueduct was influenced by many factors including foundation

rigidity, economy, internal and external water pressures, backfill weight and pressure,

frost protection and practical construction methods. The stresses within the arch were

determined using a graphicalthrust line procedure (Figure 3-9). Prevention of cracking

in arched structures requires a virtually unyielding foundation, invert deflections as little

as 0.6 millimetres can result in cracking of the arch crown and spreading of the arch
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legs. Increasing the thickness of the arch up to three times that required for a perfectly

rigid foundation would not prevent cracking under uneven settlement of the footings of

the arch (Feurtes 1920). Therefore, the engineers assumed that a rigid foundation could

be provided during construction. They were well aware of the challenging foundation

conditions but realized that economy in design was important for a young"community like

Winnipeg. To design the aqueduct on the principle of 'no risk'would have rendered the

project financially impossible. The engineers realized that repairing cracks due to

settlement was much more cost effective than providing perfectly rigid foundations or

thickened arches. Thickening of the arches and inverts by 25 millimetres would have

required an addition al 27,OO0 m3 of concrete. The additional concrete would have

increased construction costs by approximately $500,000, a very considerable sum in the

early 1900's.

The inverts for the aqueduct had to be redesigned following the first year of construction

(1915) due to longitudinal cracking observed in about 2oo/o of the inverts (approximately

4 kilometres) that had been constructed and backfilled. During the first year of

construction (1915), a non-reinforced invert, 150 mm thick was used exclusively (Figure

3-10). This invert is also known as the standard invert or an 'O'type invert. The

longitudinal cracking was attributed to two factors. The first factor was poor or complete

lack of foundation soil compaction along the outer edges of the invert, that is, directly

below the arch legs. This resulted in small settlements and hairline cracks once the full

backfill load was applied. Settlements as small as 1 millimetre could result in hairline

cracks along the invert centerline. Second, inverts constructed on sofVloose

(compressible) foundation soils resulted in relatively large settlements and cracks. The

problem of hairline cracking was largely corrected by requiring the Contractor to place a

thin bed of gravel along the outer edges of the invert foundation and

compacting/ramming this material into the foundation soil. Settlements due to

compressible foundation soils were minimized by reducing the bearing pressure across

the invert. This was achieved by using either a wider invert or a thickened reinforced

invert. The thickened reinforced invert prevented cracking and therefore minimized

settlement at the outside edges of the invert. These invert type are discussed below.

A testing program on full-scale inverts was undertaken in 1916 to investigate the

problem of invert cracking. This represents a very early use of full-scale field tests to



conf¡rm design assumptions. Untilthe results were available, two additional invert

designs were used exclusively in order to reduce the potential for cracking. On all solid

foundations, whether compressible or not, the invert used in 1915 (Figure 3-10) was to

be used but with a slight modification. The outside edges of the invert were extended

200 millimetres past the outside edge of the arch leg to increase the bearing area

(Figure 3-11). On all questionable foundation soils a thickened, reinforced invert was to

be used (Figure 3-12'). The invert was thickened by 50 to 215 millimetres depending on

the aqueduct section size. These two invert types were used throughout the 1916

construction season.

The invert testing program was undertaken near Mile 13 of the aqueduct during the 1916

construction season to aid the Engineer's understanding of actual bearing pressure

distribution on the invert (Figure 3-13). The testing was conducted on a totalof 16 invert

sections representing nine different invert cross-sections. Each test invert was 600

millimetres wide and was loaded using steel rail sections placed upon 600 millimetre

high pedestals shaped like the lower extremities of the arch. Settlement profiles across

the invert were recorded as the loading increased and also at the first sign of cracking.

Of the nine different section types tested, one was the same as the standard invert

section used in 1915 (Figure 3-10) (built as a controlsection), seven were reinforced but

had different concrete thickness and different steel spacing and diameter. The

remaining invert test section was similar to the standard invert except that it was

constructed 300 millimetres wider on each side.

The standard invert section (Figure 3-10) that was built as a control section performed in

a similar manner to those constructed in 1915, indicating that the test method used was

a good approximation of the field conditions. All but the thickest (285 millimetres)

reinforced invert sections had 2 to 6 cracks develop at loads approximately equalto the

arch weight + backfill weight + water pressures. Similar loads on the 150 millimetre

thick, widened invert section only resulted in a single crack. Cracks in the non-

reinforced invert sections could be repaired in a manner that made them as strong as

the originals while the reinforced sections were much more difficult to repair due to the

presence of multiple cracks and reinforcing steel. Cracking of the reinforced sections

would also result in the risk of corrosion of the steel reinforcement. Based on the results

of the invert test, three invert sections were designed for use during the remaining two
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years (1917 and 1918) of the aqueduct construction program. These invert sections are

shown on Figure 3-14 and are discussed below.

Figure 3-14 shows the three invert sections that were selected to minimize construction

costs. Using a single invert for all foundation conditions would have resulted in a much

higher construction cost due to the additional materials required. Having a selection of

three inverts provided the field Engineer's with some flexibility,to choose an invert

section that was appropriate for varying foundation conditions as they were encountered.

The original invert section used in 1915 (Figure 3-10 and Figure 3-14, invert type 'O')

was to be used on what was considered 'so/rd or the best foundations'. A thick,

reinforced invert section (Figure 3-14, invert type 'A') was to be used on what was

considered to be'the worst'loundation conditions and for all other foundation conditions

classified as'better than the worst but poorer than the best a widened invert section was

to be used (Figure 3-14, invert type 'E'). The inverts shown in Figure 3-14 are for the 'B'

aqueduct section size as denoted by the first letter in the two letter identification code.

These invert section types were designed for each of the aqueduct section sizes that

were constructed in 1917 and 1918. Table 3-1 summarizes the dimensions of the

inverts constructed between Mile 85.0 and the lntake at Mile 97.5.

One additional invert section was designed, not to prevent cracking, but to prevent

flotation or buoyancy of the aqueduct. This 'gravity' invert, was used only under the

following conditions:

groundwater levels above the aqueduct crown

light weight backfill (for example, organics or peat)

porous foundation soils

The gravity invert, shown in Figure 3-15, was up to 790 millimetres thick, depending on

the aqueduct section size. The invert thickness was reduced when an'imperuious'

foundation, such as clay, was encountered before excavation below grade reached the

maximum invert thickness. This invert design was determined to be the most feasible

and economical means of preventing flotation of the aqueduct under the above

conditions.

a

a

a
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The engineers were well aware of sulphate attack on concrete structures built on

Winnipeg (Lake Aggasiz) clays. The area of major concern for the aqueduct lies within

the first 42 kilometres of the aqueduct alignment (Mile 0 to Mile 26) where both the

foundation and backfill soils are Winnipeg (Lake Agassiz) clay. Sulphate-resistant

concrete was not available at the time the aqueduct was constructed but the engineers

were aware of the conditions that would lead to sulphate attack. The engineers initially

assumed that hard, dense concrete with a smooth exterior surface would help to resist

disintegration due to sulphate attack. This assumption proved incorrect and in 1917 a

system of vitrified clay tile underdrains was incorporated into the aqueduct construction

plans, where required. This was done to keep the concentration of dissolved sulphates

in the groundwater to a minimum. A considerable portion of the aqueduct constructed

west of Mile 26, prior to 1917, was uncovered and underdrains placed as close as

possible to the outside edge of the invert.

3.2.3 General Construction Scheme

The cut and cover construction scheme shown in Figure 3-5 was straightforward in

principle and generally all operations were kept within an 800 metre long work area.

Excavation by machine was allowed to within 150 millimetres of the final invert

foundation grade. The final 150 millimetres was trimmed manually using templates as a

guide to ensure proper geometry of the invert. Finaltrimming of the foundation soilwas

not allowed untilthe final hour before the concrete was to be placed. This was done to

prevent drying and cracking of the foundation soil. The first inverts were cast in lengths

ot 4.57 metres but spaced every 9.14 metres (Figure 3-16). The 4.57 metre gaps left

open between the first inverts were filled in after sufficient curing time had passed, thus

minimizing shrinkage effects. The first inverts had copper waterstops embedded into the

concrete at both ends of the invert. A wooden waterstop was embedded into the

shoulder of the inverts, the area upon which the arch legs were to rest. To ensure a

good bond between the arch and invert, the shoulder of the invert was prepared using

wire brushes leaving a clean, roughened surface.

Figure 3-17 shows that the arches were also cast in an alternating pattern but were

typically cast in 13.7 metre lengths. They were cast using a system of inner and outer
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steel forms, which were moved from site to site using a temporary tramway system. The

first arches had copper water stops embedded into the concrete at both ends of the

arch.

Where possible the lower 1.2 metres of backfill between the arch leg and the trench wall

was placed in thin lifts and carefully compacted to provide additional lateral stability to

the arch (Figure 3-18). This has been referred to in Chapter 5 as the'compacted

backfill'. The remainder of backfill was placed by machine to a depth oÍ 1.2 metres over

the aqueduct crown when mineral backfill soils were available or to a depth of 1.5 metres

when only organic soils were available for backfill.

3.2.4 Role of the GWWD and the Gontractor

The GWWD desired to have the aqueduct constructed and operating as quickly as

possible. To accomplish this they adopted a larger role than is currently common. Early

in the planning stages, it became apparent that the work should be tendered in five

moderately sized contracts, each about 27 kilometres (17 miles) in length, rather than

one large contract (GWWD 1914). This allowed more Contractor's to bid the job. Due to

poor site conditions (particularly east of Mile 40) and a lack of good quality sand and

gravel sources within each Contract, the GWWD realized that they should also provide

transportation and aggregate to the Contractor. The GWWD also decided to supply

cement to the Contractor at cost. The contracts were structured in such a way that the

GWWD was responsible for transportation of all supplies and personnel to the

construction sites and for the provision of approved cement and concrete aggregate. ln

effect, the GWWD became a Sub-Contractor to the principal Contractor. The

Contractor's work included:

. all necessary excavation

o foundationpreparation

o construction of the aqueduct

o backfilling of the aqueduct

. supply of all materials except cement, sand and gravel, venturi meters,

miscellaneous brass and bronze pieces and transportation of the above.



The GWWD's role was to provide approved cement and concrete aggregate, in addition

to other supplies, to the Contractor on a timely basis. The G\ÂíWD completed numerous

tests to achieve an economical concrete mix that also met the criteria of low

permeability, high compressive strength and minimal cement content. The GWWD

worked with a local cement manufacturer to provide quality control services, assuring

that only approved cement was used in the concrete mix. The GWWD manufactured all

the concrete aggregate from two satisfactory sources of sand and gravel, located near

Mile 31 and Mile 80. The GWWD also mixed the concrete aggregate before delivery to

the Contractor. The work undertaken by the GWWD assured timely delivery of approved

materials to the work areas. The result was a more uniform final product.

3.2,5 Geotechnical Considerations

The aqueduct traverses 157 kilometres (97.5 miles) of predominantly flat, poorly drained

terrain (Figure 3-3). West of Mile 26 the aqueduct is located in the Red River valley.

The soils encountered in this arca arc glaciolacustrine deposits consisting of clay, silt,

sand and minor gravel. The deposits are predominantly silty clays ranging in thickness

from 1 to 30 metres. From Mile 26 to about Mile 40 the soils are primarily glacial

deposits comprised mainly of silt and sand with a discontinuous cover of glaciolacustrine

clay and silt. Some discontinuous surface deposits of sand and gravel are found from

about Mile 31 to Mile 39. From Mile 40 to the Intake (Mile 97.5) the terrain is

predominantly covered with organic deposits such as marsh, fen, swamp and bog

deposits, up to 5 metres thick, and is characterized by seasonalflooding. The organic

deposits are underlain by fine grained proglacial lake and glacial till deposits ranging

from clay to fine sand. Precambrian rock was encountered near the surface between

Miles 70 and 78 while large Precambrian rock outcrops were encountered east of Mile

94. At nearly all locations the groundwater table is within a few feet of ground surface.

(Manitoba Department of Energy and Mines, Map 81-1)

The engineers selected an alignment that would minimize excavation quantities yet

provide balanced cut and fill. A variety of equipment was used for excavation including

draglines, steam shovels and dredges. Comparative cost estimates showed that for

typical conditions and method of payment, an average cut of 1.2 metres for the smallest



aqueduct section and an average cut of 1.68 metres yielded the smallest excavation and

backfilling costs per unit length of aqueduct construction. The trench excavation was

completed with side slopes at 3 Verticalto 1 Horizontal (3V:1H) in what was considered

to be firm soil but flattened to 1V:1H in soils that would not stand at 3V:1H (Figure 3-19).

Typically the Contractor placed all excavated soils in a spoil bank located directly

adjacent to the trench. The spoil bank was subsequently used as a railed for a small

tramway used to deliver concrete and other supplies. The majority of the spoil bank was

replaced into the trench as backfill. The practice of placing excavated soils directly

adjacent to the trench resulted in numerous trench slope instabilities and also

contributed to base heave of the trench floor (Figures 3-20 and 3-21). The majority of

problems occurred east of Mile 85 where the depth of cut ranged Írom 4 to 7 metres. ln

this area the upper 2 to 5 metres consisted of peat underlain by fine grained soils

including very soft to soft clay and loose silts.

Groundwater was a problem because nearly all of the trench excavation was completed

below the water table. Groundwater control was necessary because the Specifications

required that all concrete be cast under dry conditions. The Contractor was also

responsible for damage resulting from the tendency of the work to float prior to filling it

with water. Piping of groundwater, referred to as quicksand, into the trench occurred at

numerous locations (Figure 3-22). When this condition was encountered the sand was

excavated below grade between two parallel rows of wooden sheet piling and

subsequently backfilled with a layer of stone and gravel (Figure 3-23). The stone and

gravel layer permitted free drainage yet prevented upward migration of the underlying

sand.

Groundwater seepage from the trench sidewalls was controlled by small ditches located

at the toe of the trench side-walls. Seepage of groundwater from the trench bottom was

controlled using a wooden box drain (Figure 3-24). The box drain was installed just

below the foundation grade in a longitudinal trench along the invert centerline and

backfilled with coarse stone or gravel. The box drain was left in place below the invert

(Figure 3-25). The water collected from these two systems was directed to sumps and

pumped out of the trench.
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The aqueduct trench from Mile 85 to Mile 94 crossed an extensive peat bog ranging in

depth trom 2 to 5 metres. The groundwater flow from this peat layer into the aqueduct

excavation resulted in numerous water related problems such as trench slope

instabilities (Figure 3-26). A drainage ditch running parallel to the aqueduct trench was

excavated about 90 metres nofth of the aqueduct trench to intercept and redirect

groundwater away from the excavation. The groundwater intercepted by this ditch was

redirected to the Boggy River at Mile 88 and Mile 85.

ln addition to these groundwater problems, many different foundation soils ranging from

peat to rock were encountered and overcome using some innovative techniques. lt was

necessary to provide a firm, dry foundation for the aqueduct to minimize settlement,

particularly differential settlements that could crack the non-reinforced concrete. The

engineers described the following soil conditions and the remedies used to overcome

them.

Soupy Clay - was made firm by casting rip rap sized broken stone into the

clay.

Flowing clay - either a wider trench was provided or the aqueduct was built

with heavily reinforced invert supported on timber piles (Figure 3-27).

Quicksand - sand was excavated below grade between two parallel rows of

sheet piling and subsequently backfilled with a layer of stone and gravel. The

stone and gravel layer permitted free drainage yet preventing migration of the

underlying sand (Figu¡es 3-22 and 3-23).

Rock Cuts - foundation prepared by placing a layer of bedding sand over the

rock.

Peat beds - where these extended below the required invert grade, the peat

was excavated to its full depth. Sand and gravel backfill was placed in the

trench under water to a height of about 600 millimetres above the required

invert grade (Figure 3-28). The backfill was subsequently consolidated by

dewatering the trench. ln some cases, a slightly thickened invert (+l- 200

millimetres) was used where the depth of the peat below the invert grade was

shallow.
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OPERATING HISTORY OF THE SHOAL LAKE AQUEDUCT

The engineers fully expected that the aqueduct capacity would be fully utilized within the

first 25 years following completion. This expectation was based on the population

growth of Winnipeg in the 40 or so years prior to aqueduct construction and the resulting

population predictions made by the engineers. The estimates of the future population

growth were intended to form a basis for proportioning of sizes and capacities of the

future works required to meet the needs of a growing city. The engineers suggested that

these predictions might be wide of the mark, when viewed backwards from the future

(GWWD 1917). The demand for water and development of additional infrastructure

required to utilize the full aqueduct capacity has deviated significantly from the

predictions and expectations made by the engineers.

ln the years prior to the aqueduct design, Winnipeg's growth was unprecedented and the

city was nicknamed "the Chicago of the North." The engineers predicted that by the

early 1950's Winnipeg's population would have reached the design population of

850,000 and the full aqueduct capacity would be required. Figure 3-29 shows the

predicted growth of Winnipeg based on the growth trends of other major centers, such

as Chicago. The population growth of Winnipeg slowed after 1915 and has yet to reach

the design population of 850,000. However, average daily residential and industrial

water demand usage has continued to increase. Figure 3-30 compares the original

population and water demand predictions to the actual population and water demand for

Winnipeg since the SLA was first commissioned in 1919.

The design capacity of 386 MLD for the Shoal Lake Aqueduct was based on the

following objectives:

25 year design period

Assumed average per capita consumption rate of 450 litres per day

Design population of 850,000 people

The SLA was designed to convey water by gravity. ln a pipeline conveying water by

gravity flow under low heads, it is not practicable to quickly increase or decrease the flow

of water in the conduit. Water demand is not constant from hour to hour, day to day or

a
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year to year. The maximum daily use can be 1.5 times greater than the average daily

use for the year and for short times (1 or 2 hours) the actual demand may amount to 2.5

to 3.0 times the average daily consumption. To allow for such great fluctuations it is

more economicalto build reservoirs on long pipe lines than to build pipes large enough

to accommodate the maximum possible demand for short times. The purpose of large

reservoirs is to allow an adequate supply in response to sudden heavy demand without

necessitating sudden changes in velocities in the pipeline and to store excess water not

needed during hours of low demand for later use (GWWD 1917). Therefore, the SLA

required a balancing storage to utilize its total capacity. Having no significant balancing

storage in the system until the early 1960's meant that the SLA had to be operated

continuously at a fairly constant flow rate that was not greater than the capacity of the

Branch 1 Aqueduct (BR1), or about 129 MLD. This operating procedure and the minimal

balancing storage also meant that the aqueduct could not be shutdown to allow for

internal inspections or repairs.

From 1919 until 1960 the useable capacity of the SLA was limited by the capacity of the

BR1. The full capacity of the SLA was to be developed in stages as water demand

increased with the population of Winnipeg. The additional infrastructure required to

develop the maximum safe capacity of the SLA, in the order of importance, is listed as

follows:

balancing storage at Mile 12.5 (Deacon Reservoir)

booster pumping station at the Red River (Mile 3.5), Tache Booster Pumping

Station

booster pumping station at Deacon Reservoir

second branch aqueduct (BR2) from Deacon Reservoir to future distribution

pumping stations

The useable capacity of the SLA was incrementally increased as required through the

addition of the above infrastructure. This is described below and shown on Figure 3-30.

By 1950, water demand had reached 115 MLD and required construction of the Tache

Booster Pumping Station to increase the BR1 capacity and thus the SLA capacity to 160

MLD. (Note: The designers had predicted the full capacity of the aqueduct would be

required by 1950.) By 1960, demand had almost reached the BR1 capacity of 160 MLD

o

o
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and construction of the Branch 2 Aqueduct (BR2) was required to further increase the

capacity of the SLA and to service the southern parts of Winnipeg. Two distribution

reservoirs and pumping stations were added to the BR2, similar to the McPhillips

distribution reservoir serviced by the BR1. The combined gravity capacity of the two

branch aqueducts was about 370 MLD. However, this quantity of flow could not be

realized in the SLA without balancing storage at Mile 12.5 (Deacon Reservoir). From

about 1960 until lgTltheaverage daily demand (ADD) for water increased from 160

MLD to 200 MLD.

A flow test of the SLA was conducted in the early 1960's, which indicated that the safe

operating capacity had dropped to less than 363 MLD due to slime growth on the interior

surface of the aqueduct (City of Winnipeg 1965). Chlorination of water entering the

aqueduct was instituted in 1966 to control slime growth and by 1967 the maximum safe

capacity had been restored to 386 MLD.

Balancing storage was not provided until 1972 when the first of four storage cells (Cell 1)

was constructed at the Deacon Reservoir site. This permitted the SLA to be shutdown

for periods up to 5 or 6 days and also, for the first time, allowed the SLA to be operated

at its maximum safe capacity of 386 MLD, when required. Three more storage cells

(Cells 2, 3 and 4) were built in 1978,1996 and 1997, respectively. The total capacity of

Deacon Reservoir is 8.7 million cubic metres. This volume of water is sufficient to allow

for a28 day aqueduct shutdown while supplying the city with water at a rate equalto the

yearly average daily water demand or about 230 MLD. ConfiguratÍon of the Deacon

Reservoir facility allows for a gravity supply to all distribution reservoirs within Winnipeg.

The capacity of the branch aqueducts can be increased when required by the use of

booster pumps at Deacon and/or at each of the booster pumping stations.

Few shutdowns were initiated prior to about 1990. However, since this time, numerous

shutdowns have been completed to facilitate the Shoal Lake Aqueduct Condition

Assessment and Rehabilitation Program, which is introduced in Section 3.4. One

component of this program was to assess the buoyancy potential of the aqueduct from

Mile 85.0 to the lntake at Mile 97.5. Work completed by UMA Engineering Ltd. and

CH2M_Gore and Storrie determined that some sections of the SLA are at considerable

risk of buoyancy when the aqueduct is dewatered. An operating policy was developed



to minimize the risk of buoyancy during shutdown events. This policy required that the

SLA between Mile 83 and the lntake at Mile 97.5 not be dewatered for more than 48

hours at a time and that a'ballasting flow'of 91 MLD be restored for at least 48 hours

prior to initiating another 48 hour shutdown in this area. In recent years, it has been

necessary to have shutdowns greater than 48 hours in'duration to facilitate inspections

and repairs downstream of Mile 83. Under these extended shutdown events, the

'ballasting floW was directed out of the aqueduct and into the Boggy River at Mile 83 of

the aqueduct. This was accomplished by using stop logs and the overflow weir at this

location. This practice was stopped in September 2001 after all repairs were completed

to minimize the risk of aqueduct buoyancy.

At the time of writing this thesis, future plans for the water supply and distribution system

for Winnipeg include construction of a water treatment plant at Mile 12.5 (Deacon

Reservoir) and possibly some upgrades to the booster pumps for the two branch

aqueducts. A water level telemetry system will also be added to monitor water levels in

the SLA. This will become more important in the near future as the aqueduct will be

operated at or near the safe maximum capacity more frequently and for longer durations.

At present, there seems to be no imminent need to secure a second potable water

supply to supplement the Shoal Lake Aqueduct. Winnipeg's water pumping records for

2000 indicate the average daily demand for water is about 230 MLD with summer time

peaks as high as 295 MLD and winter lows near 180 MLD. The average daily water

demand has dropped since the early nineties from about 300 MLD to the present

average daily water demand of about 230 MLD. This drop has been attributed mainly to

improvements in toilets, shower heads and washing machines and the water

conservation program called 'Slow the Flow' initiated by the City of Winnipeg in the

1990's. Based on current population trends in Winnipeg and the increasing use of water

conserving devices it is estimated that the total water demand will remain fairly constant

and probably not much higher than 300 to 315 MLD over the foreseeable future (Griffin,

leee).
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3.4 SHOAL LAKE AOUEDUCT CONDITION ASSESSMENT AND

REHABILITATION PROGRAM

During the first 46 years of service (1919 to 1964), the lack of any significant balancing

storage capacity along the aqueduct precluded having any aqueduct shutdowns for the

purpose of making repairs or conducting thorough internal inspections. During this time

short sections of the SLA were inspected periodically using a boat placed into the

aqueduct. This form of inspection did not permit more than a cursory inspection of the

aqueduct. By the end of 1964, three water distribution reservoirs had been constructed

within the City limits that provided enough storage capacity to allow for a two-day

shutdown of the SLA. Two shutdowns were undertaken in the fall of 196¿1 in order to

permit a thorough internal inspection of the SLA between Mile 17 and Mile 97.

ln general, the 1964 internal inspection revealed that the SLA was in good condition.

From Mile 19 to Mile 26, some arch cracks were observed;from Mile 26 to Mile 82,

some moderate interior cracks were observed at isolated locations; and from Mile 82 to

Mile 97, the only significant cracks found were in the arch sections forming a bend in the

pipe at Mile 85.65. Groundwater was found to be infiltrating into the pipe through a

significant number of construction joints (City of Winnipeg 1965).

In 1987, an internal investigation revealed that several sections of the SLA required

major repairs. Although repairs to the aqueduct were on-going from year to year the 70

year old aqueduct was due for a thorough condition assessment. This work was

necessary to evaluate the condition of and maintain Winnipeg's only water supply. Early

in the 1990's, the original condition assessment program grew into a comprehensive

condition assessment and rehabilitation program. This program included the aqueduct

and all of its pertinent structures. All engineering work and repairs will be completed by

the end of 2003.

The objective of the condition assessment was to determine the general condition of the

aqueduct and whether it could provide a continuous and reliable supply of water for at

least more 50 years. The condition assessment program revealed that the majority of

the aqueduct was in remarkably good condition but there were some areas of the
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aqueduct requir¡ng attention. The condition assessment program considered the

following performance characteristics (CH2M Gore and Storrie, 1998):

Structural Performance Considerations: all issues related to loads acting on

the aqueduct structure, including hydrostatic pressures (buoyancy), stability

of the structure when cracked, infiltration and exfiltration of water through

cracks.

Environmental Performance Considerations: all issues related to the ability of

the concrete to resist attack caused by environmental conditions such as

chemical attack (for example, sulphate) and temperature changes (frost).

Hydraulic and Operational Performance Considerations: maximum safe

capacity of the aqueduct, hydraulic restrictions, overflow capacities.

SafetyA/ulnerability Performance Considerations: issues relating to a physical

rupture of the aqueduct caused by structural failure and/or sabotage.

The activities required to assess these above performance considerations are too

numerous to list here but included: internal inspections, non-destructive testing, concrete

core sampling, monitoring of cracked sections to determine behavioural characteristics,

soil sampling, surveys, flow tests and analysis (CH2M Gore and Storrie, 1998).

This thesis has been prepared to examine issues associated with just one of these

characteristics, specifically the structural performance consideration of buoyancy. The

engineers who designed the aqueduct were aware of the buoyancy potential of the

aqueduct and they made assumptions regarding the conditions required for buoyancy to

develop (Section 3.2.2). As mentioned in Section3.2.2, the engineers accepted some

risks in the design as it was not financially feasible for a young community like Winnipeg

to build the aqueduct on the basis of no risk. Recent condition assessments (Gore and

Storrie, 1995) have confirmed the buoyancy potential of the aqueduct.

Chapter 4 reviews the Buoyancy Assessment Program and presents work done by the

author in the framework of risk management. This is a relatively new approach in civil

engineering and it is believed that this is the first time it has been used in such a

structured way in a major geotechnical project in Manitoba.
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BUOYANCY ASSESSM ENT PROGRAM

The Buoyancy Assessment Program, a component of the Shoal Lake Aqueduct

Condition Assessment and Rehabilitation Program (SLA_CARP), was undertaken to

determine whether or not the stretch of aqueduct from Mile 85.0 to the lntake (Mile 97.5)

would be at risk of flotation when dewatered for extended periods of time. lt was also to

provide recommendations for safeguarding the aqueduct against buoyancy failures. The

work undertaken to complete the assessment included a review of existing information,

an evaluation of soíl and groundwater conditions, surveys, internal aqueduct

investigations, evaluation of different rehabilitation options, and a buoyancy analysis.

Buoyancy of the aqueduct is the ultimate limit state (ULS) that is the principal focus of

this thesis. There are other limit states that had to be evaluated based on the remedial

option (granular ballasting) selected to reduce the risk of buoyancy. The ultimate limit

states associated with granular ballasting include bearing capacity, and structural

collapse. The serviceability limit states include settlement and cracking. These

additional limit states will be discussed in following chapters.

4.1 BUOYANCY CONCERN

The engineers who designed the SLA identified buoyancy as a concern and believed

this was addressed during design and construction. The issue of buoyancy re-surfaced

in the early stages of the SLA_CARP because the aqueduct would have to be shutdown

for extended periods of time (greater than 48 hours) to facilitate internal inspections and

repairs.

Buoyancy is the tendency of an object to float in a fluid. Buoyancy of the aqueduct is

only of concern during shutdowns when there is no water flowing in the aqueduct. At all

other times the minimum flow rate of about 125 MLD provides enough additional weight

required to protect the aqueduct from buoyancy. ln order to complete the SLA_CARP

numerous shutdowns were required. The City of Winnipeg's Water and Waste

Department also desired to have the operational flexibility to shutdown the aqueduct at a
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moment's notice in the event of an emergency and not have to worry about buoyancy of

the aqueduct. Re-assessment of the potential of the aqueduct to become buoyant was

warranted because the aqueduct is the only source of potable water for Winnipeg and

because the operating requirements of the aqueduct are significantly different from what

was originally anticipated by the design engineers. ln addition, review of original design

documents revealed that the designers made assumptions, not necessarily

conservative, regarding the specific conditions required for buoyancy to occur.

As discussed in Section 3.3, an interim operating policy was instituted to reduce the

buoyancy potential of the aqueduct between Mile 85.0 and the lntake at Mile 97.5 until

the Buoyancy Assessment Program and the required remedial repairs were completed.

This operating policy did not allow the aqueduct upstream of Mile 83 to be completely

dewatered for more than 48 hours.

EXISTING INFORMATION

A significant amount of archived information was available to assist in understanding the

buoyancy problem from the perspective of the original design engineers. The most

valuable information includes drawings of the various aqueduct sections, a record

drawing indicating the aqueduct section and invert types constructed east of Mile 85

(GWWD, 1919), three technical papers summarizing the design process, construction

difficulties and operating guidelines (Chase, 1920a and 1920b and Feurtes, 1920) and a

soil profile drawing (Figure 4-1) showing the soiltypes encountered during excavation of

the aqueduct trench. Construction photographs also helped to understand the

conditions encountered during construction. This information was also used to (1) help

locate stretches of aqueduct having the highest risk of flotation, (2) provide critical

information used in the buoyancy analysis and (3) determine what additional information

was needed to complete the buoyancy analysis.

During the design phase for the aqueduct, the engineers recognized the buoyancy

potential of the aqueduct between Mile 85.0 and the lntake at Mile 97.5 based on the soil

and groundwater conditions encountered during the aqueduct route selection

investigation. Consideration was given to hauling in granular backfillto provide the



necessary resistance but the most economical plan was a special thickened, or'gravity

invert' (Figure 3-15). This invert was designed to:

"secure stability and permanence for the aqueduct, full and empty,

when the groundwater levelwas above the arch of the aqueduct

and the backfillso soft, light and lacking cohesive properties as to

be of practically no value except for frost-proofing" (Feurtes, 1920).

The engineers recommended that the gravity invert only be constructed at locations

where the three following conditions occurred (Feurtes, 1920):

groundwater levels above the aqueduct (completely submerged)

backfill is of light weight (organic in nature)

porous foundation soil

The total length of aqueduct constructed with the 'gravity invert' is about 340 metres.

The locations between Mile 85.0 and the lntake at Mile 97.5 where the'gravity invert'

was constructed are shown on Figure 4-2. These locations were also mentioned in an

operating manual for the aqueduct as follows:

"ln certain stretches of the work along Snake Lake and at Mile 87

where the uncontrollable ground water surface stands above the

conduit and where the material available for the refill was of small

weight per cubic foot, the conduit has been made safe from flotation

by weighting the invert. ln these places the invert is two feet or

more in thickness; these weighted portions are not continuous,

particularly along Snake Lake, but are built where the sub-soil

seemed to be of such a nature as to permit sufficient percolation to

establish at some time an upward pressure sufficient to cause the

aqueduct when empty to rise and float. The experience to date

indicates that allthis aqueduct is safe" (Chase, 1920b).

The aqueduct had been in continuous service for about 1 year when this comment was

made. Interestingly, the flow rate used during this period was similar in magnitude to the
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ballasting flow rate of 91 MLD (Section 3.3) used in the 1990's to reduce the risk of

buoyancy during extended shutdowns

lnformation needed to complete the Buoyancy Assessment Program included: backfill

types and unit weights, concrete unit weights, aqueduct dimensions, foundation soil

types and modern engineerlng properties, groundwater levels.

IMPACT OF ORIGINAL DESIGN ASSUMPTIONS REGARDING BUOYANCY

As mentioned in the previous section, only 340 metres of 'gravity invert'were

constructed between Mile 85.0 and the lntake at Mile 97.5, an area that is 20,000 metres

(12.5 miles) long. The 'gravity inverts' represent less than two percent of the length.

Discontinuous use of the gravity invert may be explained by the following statements:

"to have stood upon the principle of 'no risk'in the designs would

have rendered the project totally impossible, on account of the great

cost involved." (Fuertes, 1920).

"The expense of such an invert was very great and was avoided

wherever the earth of the trench floor seemed fairly tight.' (Chase,

1920a).

It appears that the aqueduct design may not be conservative when the existing soil and

groundwater conditions between Mile 85.0 and the lntake at Mile 97.5 are compared to

the three conditions required for the use of a 'gravity invert' (Section 4.2). The designers

may not have envisioned the aqueduct being dewatered for three to four weeks at a

time. Upon completion of all remedial repairs that address the concern of buoyancy

from Mile 85.0 to the Intake (Mile 97.5) the aqueduct in this area will be shutdown for

periods of time up to 4 weeks in duration. (note: these repairs were completed in May

2001 and the aqueduct was shutdown without incident for a period of about 3 weeks in

the fall of 2001.). The following discussion reviews the original three conditions required

for buoyancy to occur and the existing conditions.
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The first condition required that the aqueduct be submerged. Simple analysis shows

that if the aqueduct, with no backfill, is about sixty percent submerged, as defined in

Figure 4-3, the aqueduct self-weight is approximately equalto the buoyant force. (Note:

A full discussion on buoyancy is presented in Section 4.4. Table 4-1 summarizes the

self-weight and buoyant forces when the pipe is partially submerged (sixty percent).

Uplift resistance due to the backfill has been ignored in this simple analysis. Excluding

the backfill is not unreasonable because the submerged unit weight of organic soils is

very low (typically less than 2 kN/ms) and shearing resistance is unreliable at best due to

the large strains that would be required to mobilize shear strength. This shows that any

portion of the aqueduct that is submerged greater than sixty percent may be at risk to

buoyancy, depending on the nature of the backfill. Under current conditions

approximately ninety percent (11.25 miles) of the aqueduct from Mile 85.0 to the lntake

at Mile 97.5 is fully (100 percent) submerged, including the backfill directly over the pipe.

The second condition required that the backfill be organic (light weight). Between Mile

85.0 and the lntake at Mile 97.5 about 40 percent (5 miles) of the pipe has organic (light

weight) backfill soils, about 43 percent (5.5 mile) of the aqueduct has a mixture of

organic and mineral backfill soils and only 17 percent (2 miles) of the aqueduct has

backfill soils comprised of more than 90 percent mineral soils. The general locations of

mineral and organic soils can be delineated from the soil profile shown on Figure 4-1.

The third condition requires that a porous foundation soil be present. This condition was

based on field observations during construction and it is not known what soiltypes, other

than sand and gravel, were considered porous. Since the first two conditions required

for buoyancy generally exist east of Mile 85.0 the third condition appears to be the over-

riding factor in determining whether or not a'gravity invert'was constructed. Based on

test holes drilled in the area, the foundation soils typically range from sandy silts to silty

clays. Approximately forty-five percent of the aqueduct between Mile 85.0 and the

Intake at Mile 97.5 has a silt foundation and the remainder has a clay foundation.

Two things that the design engineers may have overlooked is the time-dependent nature

of groundwater flow in fine grained soils and the potential influence of the box drain

located directly below the aqueduct invert (see Section 3.2.5). During a shutdown in

June 1998 several core holes were drilled through the invert slab near Mile 94.6 and
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Mile 95.7. Both locations showed considerable seepage from the underlying foundation

soil. Gravity inverts had not been constructed at these locations. Due to dewatering

efforts used during construction to keep the excavation dry until all concrete had cured,

current groundwater and seepage conditions may be different than those observed

during construction. Some pertinent comments from the'Chief Engineer (W.G. Chase)

for the Greater Winnipeg Water District (GWWD) are included below:

uBefore the pouring of invert concrete it was required of the

contractors that they furnish a dry foundation;this was obtained by

means of side ditches in the trench bottom which collected the

water seeping in through the walls of the trench and by use of a

central longitudinal box drain laid in gravel; this box drain, Figures

3-24 andS-25, was temporarily outletted to sumps from which the

water was continuousty pumped during construction. These outlets

were plugged with backfilland it is believed that in time the box

drain itself may be choked with earth, though at the time of

completion of the aqueduct it was noted at several points that the

box drain was free for miles above these points, and that the water

therein was under a considerable pressure head; this pressure

head can at no time be greater than that corresponding to the

elevation of the adjacent ground waters, unless the sub-soils shoutd

be so tight as to prevent percolation from the box drain; it is not

likely that the upward pressure from this pressure within the box

drain can or will do any injury to the conduit" (Chase, 1920b).

Investigations undertaken during the course of the Buoyancy Assessment Program

revealed that the box drains are still hydraulically connected to the groundwater

surrounding the aqueduct. These box drains may now function in a negative manner by

supplying the source of water necessary to generate the uplift pressures required for

buoyancy to develop. Uplift pressure generation in fine grained soils such as silts and

especially clays is a time-dependent factor that could become a concern during

extended aqueduct shutdowns (3 to 4 weeks).
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A thorough review of the aqueduct buoyancy potential was warranted in light of (1)the

assumptions made by the designing engineers regarding the conditions for buoyancy to

develop, (2) the current aqueduct operating requirements, and (3) the great importance

of this piece of infrastructure.

One additional consideration that had to be addressed during the Buoyancy Assessment

Program was the strength of the non-reinforced invert slabs shown in Figures 3-10, 3-11

and 3-14. The hydrostatic or uplift pressure acting on the underside of the invert not

only contributes to the buoyant force but generates stress in the invert slab. The

hydrostatic pressure acting upwards on the invert slab is directly proportional to the

height of water above the invert. As discussed in Section 3.2.2, five main invert sections

were used during construction of the aqueduct, two were reinforced with steel and the

remaining three were not. A full discussion of this issue is beyond the scope of this

thesis. However, a brief summary is included because the type of repairs used to

reduce the risk of buoyancy was impacted by invert strength.

The nature of the invert stresses is variable, depending on how much lateral resistance

is available to prevent spreading of the arch legs. For example, the non-reinforced invert

slabs will go into pure compression if sufficient lateral resistance is available. lf lateral

resistance is provided by a highly compressible backfill, such as organics, non-

reinforced invert slabs will go into bending and the tensile stresses will develop in upper

portions of the invert slab. lf the tensile strength of the concrete is exceeded,

longitudinal cracks will develop along centerline of the invert. ln extreme cases the

invert could fail.

A finite element analysis of the aqueduct structure was completed by CH2M_Gore and

Storrie Ltd. The results revealed that the 'R'and 'B' aqueduct sections, for all invert

types, have enough strength to resist cracking under the range of hydrostatic uplift

pressures expected. The most critical aqueduct section was the 'S' aqueduct section

constructed with the 'E'style invert section shown in Figure 3-14. The 'S'section is the

largest of allthe sections used and measures 3.277 metres wide. The finite element

analysis of the 'E'section invert revealed a stress concentration where the curved invert

bottom abruptly becomes flat or horizontal, this feature is visible on Figure 3-14. The

stresses that would be induced at this location in the invert due to additional backfill load



(granular ballast) could be large enough to break the invert slab. The risk associated

with placing granular ballast on the'SE'aqueduct section was too high. The'SE'section

type was mainly used east of Mile 93.5. However,T0 metres of aqueduct at Mile 91.7

was constructed with the 'SE'section. The invert at this location was strengthened prior

to completing granular ballasting to address buoyancy concerns. East of Mile 93.5,

buoyancy concerns were addressed with static water ballasting. Static water ballasting

will be discussed more fully in Section 4.10.

4.4 AOUEDUCT BUOYANCY CONCEPT

Buoyancy of the aqueduct is only of concern when the aqueduct is shutdown and there

is no water flowing in the pipe. The weight of water in the pipe under the minimum flow

rate of 125 MLD provides more than enough additional weight to prevent buoyancy. The

buoyant force is generated by groundwater pressures acting on the underside of the

aqueduct. The buoyant force is resisted by the weight of the aqueduct and any water it

contains whether static or flowing, the weight of overlying backfill, and the shearing

resistance of backfill soils. A buoyancy concept was developed to help determine what

information would be required for a buoyancy model.

The disturbing (buoyant) force is the net sum (integral) of allwater pressures acting on

the pipe. A simplified model showing the buoyant force and the resisting forces is shown

on the force diagram in Figure 4-4. The aqueduct is stable when the resisting forces are

equalto or greater than the buoyant force. The buoyant force is calculated using

Archimedes principle, which states that the buoyant force is equalto the weight of fluid

(water in this case) displaced by a body (the aqueduct). The use of Archimedes

principle assumes static groundwater conditions, that is, no upward or downward

gradients. The buoyant force always acts vertically upwards. The magnitude of the

buoyant force is a function of the degree to which the aqueduct is submerged. For

example, if the groundwater surface is coincident with the underside of the aqueduct or

lower, the buoyant force is zero. At approximately 60 percent submergence, as shown

in Figure 4-3, the buoyant force is approximately equalto the weight of the aqueduct. lf

the groundwater surface is coincident with or higher than the top of the aqueduct (100

percent submerged)then the maximum buoyant force is realized. The change in



buoyant force with increasing degrees of submergence is illustrated on Figure 4-5. The

groundwater levels between Mile 85.0 and the Intake at Mile 97.5 are generally near the

top of the backfill berm. That is, the aqueduct is 100 percent submerged.

ln fine grained soils such as clay, development of the buoyant force is time-dependent.

At least 50 percent of the aqueduct between Mile 85.0 and the Intake at Mile 97.5 is

founded on clay. The time-dependent nature of porewater response was ignored in the

aqueduct buoyancy model for several reasons. One, the time-dependent nature is

complex and difficult to model. Two, the presence of relatively highly permeable soil

layers (for example, sand seams) just below the foundation level would produce uplift

pressures acting on the overlying clay layer and hence the aqueduct. Given the length

of aqueduct under consideration (12.5 miles) it was not feasible to investigate the

likelihood of this occurring. Three, the presence of the box drain immediately below the

aqueduct invert slab could provide the source of water needed to generate the uplift

pressures. Four, given the importance of the aqueduct to Winnipeg, the risk associated

with including this time-dependent factor in the buoyancy model was seen as being too

great. The costs associated with repairing one 14 metre long aqueduct section that

failed as a result of buoyancy would go a long way towards providing additional resisting

forces to prevent buoyancy. ln addition, if one aqueduct segment failed due to

buoyancy, it is likely that others could fail and remedial repairs to prevent buoyancy

would have to be completed.

As outlined earlier, the forces resisting the buoyant force include:

self-weight of the aqueduct

weight of backfill

backfill shear resistance along the failure surfaces

The self-weight of the aqueduct was determined using the design dimensions for each

aqueduct section type (Table 3-1) and the unit weight of concrete based on measured

values (Section 4.8.3). The dimensions and areas required for the buoyancy analysis of

each aqueduct section type constructed between Mile 85.0 and the lntake at Mile 97.5

are included in Table 3-1. The buoyant force is calculated from the volume of water

displaced by the aqueduct. Any changes in total volume of the aqueduct section result
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in proportional changes in buoyant force and also self-weight. For example, if the

internal dimensions remain constant but the outer envelope increases (thicker concrete)

the buoyant force will increase. However, the incremental increase in self-weight will be

about 2.4 times greater than the incremental increase in buoyant force because the unit

weight of concrete is about 2.4 times heavier than water. This results in a more stable

structure. ln contrast, if the outer envelope decreases in size (thinner concrete) the

decrease in buoyant force is about 2.4 times smaller than the decrease in self-weight.

On the other hand, if the outside shell of the aqueduct remains constant but the internal

dimensions change (increased or decreased concrete thickness) the buoyant force will

remain constant and only the aqueduct self-weight will increase or decrease

proportionally with a change in concrete thickness.

Steelforms, Figure 3-17, were used to cast the arch. Given the way in which the forms

were assembled it is expected that the cross-sections from any given set of forms were

fairly uniform. The largest differences in cross-section would likely have resulted from

differences between sets of forms. lt is not known if the inner and outer forms were

used as matched sets or if they were intermixed, which could account for some

variability in cross-section. The invert section dimensions were controlled using wooden

templates to ensure proper thickness and shape. lt is expected that the tolerances were

fairly rigid because the internal dimensions and concrete thickness are very important for

hydraulic capacity and structural capacity, respectively.

The buoyancy assessment work done at UMA Engineering Ltd. (1994 to 1999) assumed

that the aqueduct was built to the design dimensions. Additional work done for this

thesis includes determining the effect of varying dimensions of the aqueduct section and

incorporating this in to the buoyancy analysis presented in Chapter 5.

As shown in Figure 4-4,the assumed modelfor the backfill weight was divided into two

components, the crown backfill and the arch leg backfill. The arch leg backfill volume is

essentially constant for each aqueduct section type while the crown backfill volume

varies with backfill depth above the crown. The width of the backfill zone contributing to

stability of the aqueduct is assumed to be no wider than the aqueduct at its widest point.

Crown backfill depths were determined using the results from a profile survey of the

backfill berm (Figure 4-2).
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The existing backfillsoils can be categorized as either mineral (clay, silts, fine sands) or

organic soil. Except for a few isolated areas, the backfill is comprised of the soil

removed from the trench during excavation. Figure 4-1 shows the soil profile

encountered during excavation of the aqueduct trench. The weight of the backfill varies

with the degree of submergence. However, in most cases the backfill is nearly 100

percent submerged. Submerged unit weights were used to calculate the weight of the

arch leg backfill. Submerged or bulk unit weights were used to calculate the weight of

the crown backfill, depending on groundwater levels.

Backfill shear resistance depends on the shape of the failure surface and on the type of

backfill soil. Several possibilities exist for the shape of the failure surface. A vertical

failure surface is an appropriate assumption for remoulded cohesive soil such as soft

clays while sloped or curved failure surfaces are more typical for granular soils (Vesic,

1971). A vertical failure surface extending upward from the widest point of each

aqueduct section type (Figure 4-4) was used in the buoyancy analysis because the

majority the backfill soils encountered are expected to behave more like a soft cohesive

material rather than a granular soil.

Organic (peat) backfill soils typically have low shear resistance and require large

(unacceptable) shear displacements to generate any shear resistance. Therefore, only

mineral soils have been considered when calculating shear resistance. Cohesive soils

(clays) provide shearing resistance through cohesion and while coarser soils (silts and

sands) provide shearing resistance through friction.

The cohesive component of shear resistance was calculated using measured undrained

shear strengths of the clay backfill applied over the thickness (or height) of the clay

backfill above the outer edge of the invert. The height of the clay backfill contributing to

shear resistance varied along the length of the aqueduct due the type of soils excavated

from the aqueduct trench (Figure 4-1). Except for a few isolated areas, the material

used for backfill was the excavated material. That is, in areas where the only backfill

available was organic, no clay backfill was available to be placed in the trench. ln areas

where the excavated soilwas about 50/50 organics/clay it was assumed that a

compacted backfill layer of clay, 1.0 to 1.2 metres thick, was preferentially placed at the

bottom of the bacHill zone (Section 3.2.3 and Figure 3-18). This was verified by drilling



test holes in the backfill soils to determine the soiltypes (Section 4.5.2). ln areas where

the backfill was predominantly clay, the height of backfill was determined from backfill

test holes drilled by UMA Engineering Ltd. (Section 4.5.2).

The frictional shear resistance of silt and sand backfill was determined using the

frictional component of Coulomb's shear strength equation. The normalforce acting on

the failure planes is the lateral at-rest earth pressure calculated using earth pressure

theory. The angle. of internal friction for the soil was estimated using an empirical

correlation between Standard Penetration Testing results and angles of internalfriction,

Equation 4-1 (based on charts found in Bowles, 1968).

[4-1] 0=0.28N +27.4

Where:

Q - Angle of lnternal Friction (degrees)
N - SPT Blow Count (blows per 300 millimetres)

The normalforce acting on the failure planes was calculated using Equation 4-2:

14-21 p = (o.sx6xyxH')

Where:

P - normalforce (kN)
lG - lateral at-rest eadh pressure coefficient

f - submerged unit weight (kN/m3)
H - height of mineral backfill

A lÇ value of 1.0 was assumed for the buoyancy analysis largely due to the nature and

consistency of the backfill soils (UMA Engineering, 2000).
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The Buoyancy Assessment Program has led to the following general notes about

buoyancy of the aqueduct.

Where the backfill consists entirely of mineral soils, sufficient resisting forces

may be available to prevent buoyancy even when the aqueduct and the

backfill berm are entirely (100%) submerged.

Where the backfill consists entirely of organic (peat) material, the pipe may

be at risk to flotation even though the aqueduct is not completely submerged.

A detailed discussion of the buoyancy analysis is included in Chapter 5.

FIELD PROGRAM

The field program consisted of four general components to gather information needed to

complete a buoyancy assessment of the aqueduct between Mile 85.0 and the Intake at

Mile 97.5. The work was completed over a period of about 5 years between 1994 and

1999. In general, the work included (1) drilling test holes to collect soil and groundwater

information, (2) performing internal inspectíons of the aqueduct to collect information

about its construction, and (3) topographical surveying to determine backfill and invert

profiles, tie in test holes and measure groundwater levels.

4.5.1 Detailed Test Holes

Following a review of existing geotechnical data, construction records and construction

photographs twenty-one locations were targeted for detailed test holes between Mile

85.0 and Mile 96.7 (Figures 4-1 and 4-2). The locations represent a variety of

subsurface conditions, ranging from soft clay to sandy soils of variable thickness. Test

holes were also targeted in areas where construction problems such as heaving of the

excavation base (Figure 3-20) or side slope instabilities (Figure 3-21) were known to

have occurred.
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Test holes were advanced to auger refusal or to a maximum depth of 21 metres. Depths

in excess of 21 metres were probed by either hydraulÍcally pushing or driving a Standard

Dutch Cone with a 65 kilogram hammer. Probing with the Dutch Cone was limited to a

maximum test hole depth of 26.5 metres or until refusal was reached on suspected

bedrock.

Test holes were logged visually during drilling. Undisturbed (Shelby tube) samples were

taken in cohesive soils at regular intervals. Disturbed (split spoon) samples were

recovered during Standard Penetration Testing (SPT), conducted primarily in non-

cohesive sands and silts. All samples were protected to prevent moisture loss and

freezing and transported to the Soil Laboratory at UMA Engineering Ltd. in Wlnnipeg.

Standpipe and vibrating wire piezometers were installed at selected locations to

measure groundwater levels. Test hole logs that are representative of the general soil

and groundwater conditions between Mile 85.0 and the lntake at Mile 97.5 are included

in Appendix4-1. Groundwater levels measured in the piezometers are shown on Figure

4-2.

4.5.2 Backfill Test Holes

Approximately two hundred and seventy (270) backfilltest holes were drilled along the

aqueduct centerline and just adjacent to the aqueduct. ln the following sections, the test

holes drilled on centerline are referred to as crown backfilltest holes and the test holes

adjacent to the aqueduct are referred to as arch leg backfill test holes. Figure 4-6 shows

the relative locations of the test holes at a typical section. The crown backfill test holes

were advanced to the crown of the aqueduct and the arch leg backfill test holes were

advanced to the foundation level.

Soil and groundwater conditions at each test hole location were logged visually, and

representative (auger cuttings) samples were recovered and preserved to prevent

moisture loss. At selected locations, undisturbed soil samples were recovered using a

thin walled acrylic piston sampler and backfill unit weights were measured directly in the

field. All samples were protected to prevent moisture loss and transported to the Soil

Laboratory at UMA Engineering Limited in Winnipeg for further testing.
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4.5.3 AqueductShutdowns

Approximately ten shutdowns were scheduled to permit access inside the aqueduct for

. collecting information. Because of buoyancy concerns, each of these shutdowns was

limited in duration to a maximum of forty-eight (48) hours (Section 3.3). Due to the

length of time required for dewatering the available work window inside the aqueduct

was limited to about 36 hours.

A number of tasks were completed during the shutdowns. These included:

. collection of concrete cores for unit weight and thickness measurements, and

strength testing;

o collection of backfill soil samples directly adjacent to the arch

. collection of foundation soil samples and undrained shear strengths from just

below the invert;

. verifying the presence (or absence) of the box drain below the invert and

measuring the hydraulic head in the box drain;

. measuring internal dimensions of the aqueduct.

Thirty concrete cores were taken from the arch and the invert. The cores were shipped

to UMA Engineering Ltd. for photographing and to measure unit weights and core

dimensions. Fourteen of the cores were shipped to the University of Alberta for strength

testing under the guidance of Dr. Dave Rogowsky, P.Eng. who had previously been

involved in the aqueduct project while employed at UMA Engineering Ltd.

Where possible, shallow test holes were drilled into the foundation soils (12 test holes)

and backfill soils (5 test holes) to evaluate soil and groundwater conditions. Undrained

shear strengths of the foundation soils were measured insitu with a field vane.

Small diameter (25 millimetres) holes were drilled through the invert slab into the

wooden box drain on centerline. Steel grout injection ports fitted with valves were

installed in each hole to facilitate measurement of hydraulic head in the box drain.

Internal dimensions of individual aqueduct segments were measured about every 160

metres. Each aqueduct segment was measured in at least one location. Additional
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measurements were taken if the measurements varied significantly from the design

measurements. A total of 266 segments were measured between Mile 85.0 and the

lntake at Mile 97.5. This work was originally completed to provide data for hydraulic

modeling of the aqueduct. This information was not used in the buoyancy assessment

work completed by UMA Engineering Ltd. but was incorporated into the subsequent

work done specifically for this thesis.

4.5.4 Surveys

Several surveys were conducted by the City of Winnipeg, Pollock and Wright and UMA

Engineering Limited to tie in test hole locations, measure groundwater levels and to

determine profiles of the backfill berm and the aqueduct invert.

4.6 SITE CONDITIONS

As the Buoyancy Assessment Program progressed it became obvious that drainage and

backfill characteristics defined three distinctly different stretches between Mile 85.0 and

the lntake at Mile 97.5. These three stretches are listed below and delineated on

Figures 4-1 and 4-2:

Boggy River Stretch - Mile 85.0 to Mile 88.5

Summit Stretch - Mile 88.5 to Mile 93.5

Snake Lake Stretch - Mile 93.5 to the lntake at Mile 97.5

These three stretches have unique drainage characteristics that impact the aqueduct

from a buoyancy perspective and an invert stress perspective (Section 4.3). The

drainage and backfill characteristics for each stretch are defined below.

Boggy River Stretch (Mile 85.0 to Mile 88.5)

The east and west extremities of the Boggy River Stretch are fairly well drained but are

joined by a poorly drained peat bog from about Mile 85.8 to Mile 87.8. Groundwater

a

o

a
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levels within this peat bog are typically at or near ground surface. West of Mile 85.5 and

from Mile 87.8 to Mile 88.5 the Right-of-Way is relatively well drained but prone to

flooding when the nearby Boggy River overflows into the aqueduct Right-of-Way. A

hydrology study of the Boggy River in this area helped estimate the maximum

groundwater elevation during flood conditions (UNlES, 1998).

Except for two small areas between Mile 85.0 and Mile 85.5 and from Mile 87.8 to Mile

88.5 the aqueduct and the crown backfill in this arca arc completely submerged (Figure

4-7). The backfill in this stretch is predominantly organic in nature with occasional

pockets of fine grained mineral soils such as clays and silts (Figure 4-1).

The Boggy River Stretch is linked to the Summit Stretch by the drainage ditches on

either side of the aqueduct that run from Mile 88.0 to Mile 93.5. These two ditches

ultimately drain to the Boggy River via the drainage siphon and offtake ditch at Mile

87.99.

Summit Stretch (Mile 88.5 to Mile 93.5)

As shown on Figure 4-1, a natural high point in the terrain occurs near Mile 93.5. This

high point is also a watershed boundary. To minimize the depth of cut for the aqueduct

trench a very shallow grade (0.0011 percent) was used between Mile 91.15 and the

Intake at Mile 97.5. Even with this shallow grade excavation depths up to 7 metres were

required. To minimize the stresses in the aqueduct structure due to backfill weight, the

excavation was not backfilled to the original ground surface. Ditches were subsequently

constructed on the north and south sides of the aqueduct. These ditches drain in a

westerly direction to an offtake ditch at Mile 87.99. Water levels in these ditches are

strongly influenced by beaver dams. lf the dams are not removed on a regular basis

they can impound water anywhere from 0.6 to 0.9 metres above the crown backfill berm.

The aqueduct and a high percentage of the crown backfill in this area are completely

submerged (Figure 4-8). The backfill in the Summit Stretch is generally a mixture of

organic and fine grained mineral soils such as clays and silts (Figure 4-1).
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Snake Lake Stretch (Mile 93.5 to lntake at Mile 97.5)

Drainage in this stretch is typically poor, with water levels mainly controlled by the height

of the aqueduct backfill berm and/or levels in the nearby Snake Lake. East of Falcon

River (Mile 96.7), water levels within the aqueduct Right-of-Way reflect the levels in

Shoal Lake.

The watershed boundary located near Mile 93.6 prevents Snake Lake from draining

west to the Boggy River. This natural watershed boundary was breached during

excavation of the aqueduct trench and was only partially restored when the aqueduct

trench was backfilled. This was done to reduce stress levels in the aqueduct structure

due to the backfill. An earth dam about 60 metres long was built across the fullwidth of

the aqueduct trench near Mile 93.6 at an elevation oÍ 324.1 meters. This elevation

represents the expected high water elevation in Snake Lake, based on available data in

1918. The dam elevation is about 2 metres lower than the surrounding ground surface.

UNIES (1999) prepared a hydrologic study for Snake Lake to help determine flood

elevations for this area.

The aqueduct and the overlying crown backfill in this area are completely submerged

(Figure 4-9). The backfill within this stretch ranges from either organic or mineral soils to

a combination of organic and mineral soils (Figure 4-1).

4.7 SUBSURFACE CONDITIONS

4.7.1 RegionalGeology

Manitoba Department of Energy and Mines has described the regional geology and

history of glaciation for the area east of Mile 85.0 (Manitoba Department of Energy and

Mines, Map 81-1). The region is in Precambrian terrain covered with up to 6 metres of

post glacial organic deposits (swamps and bogs). The organic layer is underlain by fine

textured lacustrine (silts and clays) and glacial (till) deposits ranging in thickness from

less than 1 metre to greater than 18 metres.
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4.7.2 Soil Profile

The general profile of the subsurface (foundation) and backfill soils are described

separately in the following sections. Engineering properties of the various soil units are

presented in Section 4.8.

4.7.2.1 Subsurface (foundation) soils

West of Mile 93.5, the subsurface soils generally consist of soft to firm silty clays of low

to high plasticity and loose silts. East of Mile 93.5, the subsurface soils consist of loose

silts and sands. Depth to bedrock is variable, ranging from outcrop at Mile 93.5 and Mile

95.3 to greater than 26 metres west of Mile 93.5. There is generally good agreement

between the shallow foundation soils encountered in the detailed test holes and the soil

profile shown on Figure 4-1.

4.7.2.2 Backfill Material

The backfill ranges from organic (peat) to mineral soils such as clay, silt and sand and

combinations thereof. ln many cases the soiltypes are layered or intermixed. The

backfill soils have been described in Section 4.6.

The original Construction Specification (GWWD 1914) for backfill required that select

earth be placed by hand and compacted in the base of the trench to a depth of 1.2

metres above the invert (Section 3.2.3 and Figure 3-18). This zone shall be referred to

as the compacted backfill zone. Due to the cost of imported backfill material, only

material taken from the excavation was used for backfilling with mineral soils being

placed preferentially in the base of the excavation. lmported backfill (sand and gravel)

was only used where backfill quantities from the excavation were not sufficient to provide

adequate cover.
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4.8 LABORATORY AND FIELD TESTING RESULTS

4.8.1 Foundation Soils

Soil samples from the detailed test holes were transported to the Soils Laboratory at

UMA Engineering Ltd..for further classification and testing. Tests performed include the

determination of water content, plasticity (Atterberg limits), unit weight, grain size

distribution, undrained shear strength and compressibility (consolidation testing). The

scope of this thesis does not warrant a detailed discussion of these test results, although

the important findings are summarized below. Typical test results for the foundation

soits are included on the test hole logs presented in Appendix 4-1.

4.8.2 Backfill Soils

Samples of the backfill soils were transported to the Soils Laboratory at UMA

Engineering Ltd. to determine water contents and unit weights. The water contents

averaged 134 percent and ranged from 23 percent in silt backfillto 550 percent in

organic backfill. This range of values is too high to be useful in statistical analysis. lt will

be shown later in this chapter and Chapter 5 how the data was interpreted for use in the

buoyancy analysis.

Unit weights of the backfil! soils were determined from undisturbed (Shelby tube)

samples recovered from the detailed test holes and from piston tube samples collected

from the backfilltest holes. The samples were assumed to be fully saturated because all

samples were collected below the water table. From forty-eight samples, the saturated

unit weight ranged from 9.8 to 19.0 kN/ms with an average of 13.0 kN/m3. Figure 4-10

shows a histogram of the measured backfill unit weights. Organic soils tend toward the

lower end and mineral soils (clay, silt, sand) correspond to the higher end of the

saturated unit weight range, respectively. The soils in the middle range represent a

matrix of intermixed organic and mineral soils.
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The saturated and dry unit weights were plotted against sample water content to

determine if a reliable method of estimating backfill unit weight could be developed

based on water content, thus reducing the reliance on detailed sampling and laboratory

testing. The results are shown on Figure 4-11. Non-linear regression analysis methods

were used to fit a power modelto the data. The model was used to estimate dry unit

weights from water content measurements. The dry unit weights were converted to

saturated and submerged unit weights for use in the buoyancy analysis (Chapter 5).

The goodness-oÊfit statistics for the power model are: correlation cóefficient, R2 = 1.151

standard error of estimate = 0.91 kN/m3. Obviously an R2 greater than 1.0 is not

possible. Because these fit statistics were calculated using a transformation of the

criterion variables, the standard error of estimate is a better measure of accuracy (Ayyub

and McOuen, 1997). Ayubb and McOuen state that if the standard error of estimate is

considerably less than the standard deviation and is neat zeto, the regression analysis

has improved the reliability of prediction. The standard deviation for the data set is 4.7

kN/m3. Since the standard error (0.91 kN/ms) is only about 19o/o oÍ the standard

deviation, it can be reasonably concluded that the regression analysis has improved the

reliability of prediction.

Undrained shear strengths were estimated at the ends of Shelby tube samples using a

pocket penetrometer, torvane and a laboratory vane. Field vane tests were used to

measure insitu undrained shear strengths in hand auger holes. Undrained shear

strengths of the clay and silty clay backfill range from 10 to 30 kPa in the loose placed

backfill. Within the expected zone of compacted backfill the undrained shear strengths

ranged from 11 to 46 kPa. Vane shear strengths in the organic backfill range from 12 to

39 kPa. A histogram of these shear strengths is shown on Figure 4-12.

4.8.3 Concrete Gores

Thirty concrete cores were recovered from the aqueduct between Mile 85.6 and Mile

95.7. All cores were transported back to UMA Engineering for photographing,

measurement of dimensions and unit weight testing. Nineteen cores were subsequently

shipped to the University of Alberta for additionaltesting that included depth of

carbonation, petrographic analysis and strength testing (split cylinder tensile strength,



compressive strength and shear testing). The test results directly related to this thesis

project are discussed below.

The unit weight testing was performed according to ASTM Standard C642-97. The unit

weights range from 22.36 to 23.99 kN/m3 with a mean of 23.35 kN/ms and a standard

deviation of 0.39 kN/m3. A histogram of the concrete unit weights is shown on Figure 4-

13. The unit weights measured represent the concrete used in the first three years of.':
construction (1915 to 1917). During this period of time approximately 80 percent of the

aqueduct was constructed. The statistics for the unit weights indicate that a high degree

of uniformity was achieved, which was the objective of the GWWD (Section 3.2.4).

Measurement of the concrete core thickness was done to help determine the variability

in the cross-sectional area of concrete. Of the thirty concrete cores recovered from the

aqueduct, only eighteen were full depth cores that could be measured to determine the

thickness of the concrete in the aqueduct. The measured thicknesses are compared

with the original design thicknesses in Table 4-2. Only for four concrete cores were

thinner than the design value, but within 25 millimetres of the design value. ln general,

the concrete cores were thicker than the design section by 30 millimetres, on average.

ln contrast, the invert core (R213-b) taken at Mile 87.295 was 327 millimetres thicker

than design. This was attributed to an error on the record drawing (GWWD, 1919) which

showed that a reinforced invert (244 millimetres thick)was constructed at the location

where the core was taken. The measured core thickness (571 millimetres) corresponds

more closely to a gravity invert (up to 635 millimetres thick) as shown on Figure 3-15.

This difference may be explained by the following discussion.

The soil profile between Mile 87 and Mile 88 on Figure 4-1 shows that at a few locations

the depth of organics (peat) extended below the foundation grade by about 150 to 450

millimetres. When organic soils were encountered in the original excavation they were

completely removed. The excavation could have been backfilled with sand and gravelto

the required foundation level. However, because sand and gravel is permeable and the

groundwater levels in this area are above the aqueduct and the backfill is organic (low

unit weight) the engineers would have known that the conditions required for buoyancy

existed (Section 4.2). A note on the gravity invert drawing indicates that in situations like

these the thickness of the invert could be reduced if the foundation soil was not highly
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permeable. This would expla¡n why the concrete thickness was less than the design

value of 635 millimetres. Core No. R213-b was not included in the calculat¡on of any

statistics because the thickness of the gravity type inverts varied, based on local soil

conditions.

4.8.4 lnternal Dimensions

The internal dimensions of the aqueduct were measured approximately every

160 metres using specially built telescoping measuring rods. Figure 4-'14 shows the

specific positions within the aqueduct cross-section where measurements were taken. A

summary of the results for the area between Mile 85.0 and the lntake at Mile 97.5 are

presented in Table 4-3. Within this area only three aqueduct section types were

constructed, the B, R and S sections (Table 3-1). The measurements presented in

Table 4-3 are not impacted by the type of invert constructed. On average the internal

size of the aqueduct is slightly larger than design. Except for the inside width of the S

section, which has a standard deviation of 24.9 millimetres, the standard deviation was

less than 20 millimetres. The coefficient of variation, which measures the dispersion of a

random variable, was typically less than about 0.5 percent indicating very little dispersion

of the data.

The measurements undoubtedly have some error in them. Thb measurements are

considered as indicators as to how the size of the aqueduct may vary from the design

values. ln general, the internal dimensions indicate that the aqueduct is slightly larger

than design. lf the concrete thickness is assumed to be as per design then the change

in self-weight and buoyant force due to the larger overall section size is about 1.4 kN/m

and 3.0 kN/m respectively. That is, the buoyant force increases slightly more than the

self-weight. The influence of section size will be further discussed in Chapter 5.

4.8.5 Survey Results

The results of the survey to determine profiles of the backfill berm and the aqueduct

invert are shown on Figure 4-2. Figure 4-15 shows the crown backfill depths calculated



from the survey data. The results of the groundwater level surveys confirmed that the

aqueduct and the majority of the backfill are submerged. Figure 4-16 shows a profile of

the groundwater elevations in the Boggy River Stretch that were delineated from survey

data of groundwater levels.

SUMMARY AND DISCUSSION OF RESULTS

The work presented in this chapter was used directly in the buoyancy analysis presented

in Chapter 5. The need to review the buoyancy potential of the aqueduct between Mile

85.0 and the lntake at Mile 97.5 was demonstrated in Section 4.3. The components of

the buoyancy model used in Chapter 5 were discussed in Section 4.4. The field

program undertaken to collect the necessary data to complete the buoyancy analysis

was described in Section 4.5. The major difficulties encountered due to the variability in

the measured parameters and as a result of the preferred repair strategy (granular

ballasting) are discussed below.

The unit weights and moisture contents of the backfill soils measured between Mile 85.0

and the lntake at Mile 97.5 had a very wide range of values (Section 4.8.2). The data

could not be used collectively in the buoyancy analysis. The variability in unit weight and

moisture content was reduced by grouping the data. The data was grouped to match

the extents of the three stretches mentioned in Section 4.6; the Boggy River Stretch, the

Summit Stretch and the Snake Lake Stretch. The data groups were subsequently used

in the buoyancy analysis for the respective stretches.

The depth of the crown backfill was also highly variable as shown on Figures 4-2and 4-

15. This variability was resolved in the same manner as that for the backfill unit weights.

That is, grouping of the data collected from each of the three stretches identified in

Section 4.6.

Engineering challenges were also faced due to the range in values of the backfill shear

strength (Figure 4-12) and especially the depth of compacted backfill. The undrained

shear strengths of cohesive backfill ranged from 11 to 46 kPa indicating that the level of

compaction was highly variable. The depth of the compacted backfill zone was difficult



to determine with accuracy. Both of these parameters can have a big impact on the

buoyancy analysis. A conservative approach was taken due to the variability and

difficulty in measuring these parameters. Where cohesive backfill was found, a low

undrained shear strength of 12kPa was chosen. The depth of compacted backfill varies

with the type of backfill material that was available from the original excavation. The

areas having a high percentage of either organic (for example, the area west of Mile

88.0 on Figure 4-1), west of Mile 88.0 or mineral backfill soils (for example, the area

between Mile 92.0 and 94.0 on Figure 4-1) were not a problem. This was not a problem

because it was assumed that organic backfill soils would not contribute any shear

resistance and in areas where the backfill was mainly mineral in nature, the weight of the

backfill was sufficient to prevent buoyancy. The areas of largest concern were those

having roughly equal proportions of organic and mineral backfill. For example, the areas

between Mile 88.0 and Mile 89.0, and Mile 94.0 to Mile 95.0. Hand auger holes were

drilled beside the aqueduct to determine if the mineral soils were preferentially placed at

the bottom of the aqueduct trench. The results indicated that this was generally the

case. The depth of compacted backfill used in the buoyancy analyses ranged from 0.6

to 1.0 metres, based on the hand auger test hole results and the soil profile shown on

Figure 4-1.

The measured values of the unit weight of concrete were quite uniform as indicated by a

coefficient of variation = 1.67 percent. As will be shown in Chapter 5, the effect of

measuring the concrete unit weights had a significant positive impact on the buoyancy

analysis.

The variability in the concrete area and totalaqueduct section size could not be

measured directly. The concrete thickness and internal dimensions were measured and

used as an indicator of the variability in concrete area and total section size. The results

of a sensitivity analysis completed to determine the potential variability in these two

parameters are presented in Section 5.1.3.

Some of the biggest engineering challenges encountered in the Buoyancy Assessment

Program are directly related to the preferred remedial option, granular ballasting. The

additional load due to granular ballast results in increased structural stresses,

particularly in the invert and the potentialfor differential settlement. Based on the results
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of the trial ballasting project (described in the next section) bearing capacity and uniform

settlement were not considered to be significant problems. The two potential problems

were compounded where the aqueduct was built with non-reinforced inverts, has signs

of structural distress (cracked sections) and where the aqueduct is founded on piles or

very soft soils. These problems were largely solved by using different repair strategies

as described in the next section.

4.10 REMEDIAL OPTIONS - GENERAL OVERVIEW

Three remedial options were identified in advance as possible ways of reducing the risk

of buoyancy during extended shutdowns. The three options included drainage, soil

anchors and additional weight (ballasting).

Upon first thought, drainage of the surrounding terrain appears to be the most logical

approach to addressing buoyancy concerns. However, the topography and groundwater

conditions along the majority of the aqueduct alignment between Mile 85.0 and the

lntake at Mile 97.5 do not favour drainage. The only locations where drainage could be

effective is west of Mile 85.6 and for a short distance on either side of Mile 88. Drainage

was not considered as a general solution due to its questionable effectiveness and the

requirement for on-going maintenance.

The use of soil and/or rock anchors was considered because they would apply little

additional load to the aqueduct except when it became buoyant during extended

shutdowns. A soil anchor-testing program was undertaken to determine the potential

design load capacities of helical screw type soil anchors. Single helix and multiple-helix

anchors having two or three helices spaced al 1.2 metres intervals were tested (Figure

4-17). The diameter of the anchor helices was 400 millimetres. The single helix anchors

provided approximately the same capacity as the multiple-helix anchors. The design or

allowable capacity (41 kN) for these anchors was approximately one-half of the expected

design capacity (80 kN). The cost of the soil anchor option was about four times the

cost of granular ballasting. In addition, concerns about transferring the anchor load to

the aqueduct and creep of the anchors made this option less attractive.
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The third option was to provide additional weight to the aqueduct structure. This could

be accomplished by placing granular ballast over the original backfill or by static water

ballasting. Static water ballasting consists of damming water inside the aqueduct behind

an inflatable dam.

Concerns identified with applying additional load to the aqueduct in the form of granular

ballast included the following ultimate (ULS) and serviceability (SLS) limit states; (1)

structural capacity (ULS) (2) bearing capacity of the foundation soils (ULS) (3) cracking

of the concrete (SLS) and (4) consolidation settlement (SLS). The structural capacity

and bearing capacity were reviewed prior to undertaking a trial ballasting project to

evaluate the feasibility of placing granular ballast on the aqueduct. The trial ballasting

program consisted of ballasting a 200 metre long section of the aqueduct with a 500

millimetre thick layer of granular ballast (Figures 4-18 and 4-19). The granular ballast is

similar in size and gradation to railway ballast. The material used had a uniformity

coefficient (Do/Dro) of 1.67 and a Dus of 28 millimetres. The trial section was equipped

with vibrating wire piezometers to measure pore water response, mechanically anchored

monuments and settlement points (Borros anchors) to measure settlement of the

aqueduct and settlement plates to measure compression of the backfill. The monitoring

results and an internal inspection of the aqueduct did not reveal any adverse effects that

would preclude the use of granular ballast as a feasible option.

Static water ballasting was not thought to be practical for ballasting long stretches of the

aqueduct because the pipe could still not be dewatered for more than 48 hours to

facilitate aqueduct maintenance repairs. ln fact, in many ways it could defeat the very

purpose of the dewatering process. Hydraulic capacity of the pipe downstream of about

Mile 89 would prevent installation of any permanent weir or dam structures inside the

pipe necessary to hold back water. However, upstream of Mile 89 the aqueduct was

designed with additional capacity (larger internal cross-section) because the design

engineers anticipated the need for a second aqueduct that would be built from Mile

87.45 to Deacon Reservoir. The distinct advantage of static water ballasting over

granular ballasting is that no new load is added to the pipe. This avoids increased stress

levels within the aqueduct invert that unavoidably accompany granular ballasting. As

discussed in Section 4.3, there was a concern regarding invert strength, particularly

upstream of Mile 93.5.



The final design of the remediation works involved a combination of drainage work,

granular ballasting and static water ballasting to protect the pipe from buoyancy.

Granular ballasting was completed over much of the length of the aqueduct determined

to be at risk to buoyancy (Figure 4-20'). However, granular ballasting was not feasible at

all locations. About 800 metres of drainage work was required west of Mile 85.7 due to

the condition of the aqueduct at a bend in the pipe alignment and because a portion of

the pipe was founded on piles. Concern over the stability of the cracked pipe forming

the bend under additional backfill load and the potential for differential settlement and

cracking of the pipe on either side of the pile foundation precluded the use of granular

ballast.

The issue of invert strength and hydrostatic uplift pressures was discussed in Section

4.3. Because of concerns over invert strength, static water ballasting was used

upstream of Mile 93.7. The length of aqueduct located upstream of Mile 93.7 was

largely constructed with non-reinforced inverts such as, the 'E'type invert shown on

Figure 3-14. This style of invert is susceptible to cracking under hydrostatic heads

greater than 3.6 metres. Use of granular ballast in this area would greatly increase the

load transferred to the invert through the arch and result in overstressing the inverts.

The static water ballast profile required to prevent buoyancy was provided by installing

an inflatable rubber dam at Mile 93.7. The dam is operated only when the aqueduct is

shutdown. At all other times the dam lies flat on the invert and causes no significant

head loss. The aqueduct upstream of the dam can not be dewatered for more than 48

hours at a time. Downstream of the dam the aqueduct can be dewatered as required.

The use of granular ballast as the preferred remedial option to minimize the risk against

buoyancy will form the basis of the buoyancy analysis discussed in more detail in

Chapter 5.
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AQUEDUCT BUOYANCY ANALYSIS

The method used for buoyancy analysis of the aqueduct evolved out of necessity. Due

to the number of variables affecting aqueduct buoyancy, a limit state design (LSD)

approach using partial safety factors (PSF) was adopted over a working stress design

(WSD) approach that only uses a single globalfactor of safety. The objective was to

provide an economic means of achieving a consistent level of safety (Gore and Storrie

1995). The PSFs used in the original analysis were taken directly from the Ontario

Highway Bridge Design Code (OHBDC) (1991), with the exception of the PSF for shear

resistance, which was based on engineering judgement. The loading from the required

depth of granular ballast catculated using PSFs from the OHBDC (1991) raised concerns

over the structural capacity of the aqueduct invert. A review of the aqueduct invert

strength and the variability of the parameters in the buoyancy model was completed and

a new approach taken to ensure a more consistent level of safety. This new course of

action involved determining which parameters in the buoyancy modelwere most

influential and calculating project-specific partial safety factors for these variables based

on measured values. The results of this buoyancy analysis were checked using a Monte

Carlo simulation.

As discussed in Chapter 4, the Buoyancy Assessment Program for the Shoal Lake

Aqueduct included the entire area from Mile 85.0 to the lntake (Mile 97.5). The length of

the project was sub-divided into three stretches (Boggy River Stretch, Summit Stretch

and Snake Lake Stretch), each having relatively consistent soil and groundwater

conditions. The following discussion is based on the work undertaken for the Boggy

River Stretch (Mile 85.0 to Mile 88.5). Procedures described in this chapter were also

used for the buoyancy analysis work completed for the Summit and Snake Lake

stretches. Some minor changes to the analysis were required to reflect the different soil

and groundwater conditions in these stretches.

For the purpose of this thesis, four different analyses were completed to show how the

level of safety between methods can vary. Alternative LSD methods were used for three

of the analyses. The WSD method was used for the fourth analysis.
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5.1 PRELIMINARY ANALYSIS

Several stages were identified in Chapter 2 that can be used to aid the application of

LSD procedures to engineering problems where no design codes exist. Such is the

case for assessing the buoyancy potential of the aqueduct. These stages include:

1. Identifying all possible limit states, including ultimate and serviceability limit

states.

2. Selection or development of a model(s) to evaluate each limit state.

3. ldentifying all possible variables or uncertainties.

4. Sensitivity analyses to determine which variables have the greatest influence

on the modeloutput.

5. Data collection and interpretation based on the results of the sensitivity

analyses.

6. Selection of a target level of safety.

7. Analysis and design.

Stages 1 to 5 are discussed in Section 5.1. Stages 6 and 7 are incorporated into the

later sections of this chapter.

5.1.1 Applicable Limit States

The ultimate limit state (ULS) that is the focus of this thesis is buoyancy of the aqueduct.

Other ULSs are associated with the remedial repairs (granular ballasting) used to reduce

the risk of buoyancy. The ULSs associated with granular ballasting include foundation

bearing capacity and structural capacity of the aqueduct. The serviceability limit states

(SLS) include settlement and cracking of the aqueduct. The bearing capacity and

settlement limit states were evaluated using traditional geotechnical methods and a full

scale trial ballasting program. The trial ballasting program consisted of placing 500

millimetres of granular ballast over the aqueduct. No significant settlements, typically

less than 5 to 10 millimetres, were observed in the trial ballasting stretch over a

monitoring period of 1.5 years. The structural capacity ULS and cracking SLS required a

finite element structural analysis. This SLS was partially evaluated during the trial
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ballasting program, which did not result in any new cracks on the inside of the structure.

The finite element analysis was completed by CH2M_Gore and Storrie Ltd. of ïoronto,

Ontario. The consulting firm CH2M_Gore and Storrie Ltd. are partners in the Shoal Lake

Aqueduct Condition Assessment and Rehabilitation Program along with UMA

Engineering Ltd. and the City of Winnipeg - Water and Waste Department.

5.7'¿2 General Buoyancy Equation and Variables Affecting Analysis

The general buoyancy concept for the aqueduct was discussed in Chapter 4 where four

resisting forces and one disturbing force were identified. The resisting forces include:

backfill weight, backfill shear resistance, aqueduct weight and the weight of any granular

ballast required to achieve the target level of safety against flotation. The disturbing

force is the buoyant force acting on the aqueduct.

The general buoyancy equation used in the buoyancy analysis is:

[5-1] (backfill weight + backfillshear resistance + aqueduct weight + granular

ballast weight) > buoyant force

All terms have units of (kN/m). The backfill weight term includes two components, the

crown backfilland the arch leg backfill (Figure 4-4). The crown backfillweight is

calculated as follows:

[5-2] Crown backfill weight (kN/m) = T bacmil Wextemar Duacrr¡¡r

and the arch leg backfill weight is calculated as follows:
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[5-3] Arch leg backfill weight (kN/m) = T backrirr (Wexemar Hextemar * Aharnch - Aaqueouct)

where:

ybackr¡rr (XN/ms) - bulk or submerged backfill unit weight depending on

degree of submergence

Werremar (m) - largest horizontal dimension of the aqueduct (Figure 3-7)

Dbac¡<r¡¡ (m) - depth of backfill above !þg aqueduct crown

Hextemar (m) - vertical dimension from the outside edge of the invert to the

aqueduct crown (Figure 3-7)

Aha,nch (m') - excavation area for the invert below the base of the arch

legs (Figure 3-7)

Aaqueduct (m') - total cross-section area of the aqueduct

For the purpose of calculating the backfill weight component, the aqueduct dimensions

and areas were assumed to be equal to the design values. This is a reasonable

assumption because any changes in backfill area due to changes in the aqueduct

dimensions are small relative to the total backfill area. The backfill zone assumed to

contribute to the resistance is that contained within the area defined by vertical

projections from the outside corners of the aqueduct invert (Figure 4-4). The

uncertainties related to backfill weight are the backfill unit weight and the crown backfill

depth.

The backfill shear resistance term is calculated as follows:

[5-4] Backfill shear resistance (kN/m) = (T D"o,p"cte¿) 2

Where:

t (kPa) - shear strength of compacted mineral soil layer

Dcompacred (m) - depth of compacted backfill

The calculated backfill shear resistance is doubled to account for the shear resistance

on both sides of the aqueduct. The shear strength was based on measured values but

assumed to be zero where the backfill soils are organic in nature. The depth of
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compacted backfill was assumed to be 1.0 metres, that is, about 80 percent of the

compacted depth (1.2 metres) that was required in the original construction

specifications for the aqueduct (GWWD 1914). The assumptions regarding the shear

failure surface were discussed in Chapter 4. The shear resistance from the granular

ballast is small (less than 2 kN/m) because of the low normal stresses acting on the

assumed vertical shear plane. As a conservative solution, no component of shear

resistance was included from the granular ballast.

The aqueduct weight is calculated as follows:

[5-5]

Where:

Aqueduct weight (kN/m) = | concrete Aconcrete

I concrete (kN/ms) - saturated unit weight of concrete

&oncrete (m') - cross-sectional area of concrete

A saturated unit weight for concrete was used because the aqueduct is completely

submerged within the area under consideration (Mile 85.0 to Mile 97.5). Both of the

parameters in Equation 5-5 are considered as uncertainties in the buoyancy model. The

variability of the cross-sectional area has been handled differently in the buoyancy

models discussed below.

The granular ballast weight is calculated as follows:

[5-6]

where:

Granular ballast weight (kN/m) = Tba¡ast Wexemar Dua¡ast

T uarast (kN/ms) - bulk or submerged ballast unit weight depending on

degree of submergence

Wextemar (m) - largest horizontal dimension of the aqueduct

Dba¡ast (m) - depth of ballast
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The width of ballast contributing to the resistance is assumed to be equalto the width of

the aqueduct at its widest point, the same width used in calculating the backfill weight

term. The depth of ballast is equal to or greater than that required to ensure the

resisting force is equal to or greater than the buoyant force. The main uncertainty is with

the unit weight of ballast. The depth of ballast is a calculated quantity and if necessary

can be adjusted during construction to ensure the required ballast weight is applied to

the aqueduct.

The buoyant force is calculated as follows:

[5-7]

Where:

Buoyant force (kN/m) = T water Aaqueduct

]water (kN/m3) - unit weight of water, 9.81 kN/mg

Aaqueduct (m') - total cross-sectional area of the aqueduct

The only uncertainty in calculating the buoyant force is the total cross-sectional area of

the aqueduct because the unit weight of fresh water is a well known quantity. The

variability of the total cross-sectional area was handled differently in the buoyancy

models discussed below.

A resisting ratio is used to evaluate the buoyancy ULS as shown in Equation 5-8.

Resisting ratios greater than 1.0 indicate that the resisting forces are greater than the

buoyant force. Values less than 1.0 indicate that granular ballast is required to provide a

minimum resisting ratio of 1.0.

Resisting Ratio, RR = Totalfactored resisting force (kN/m)

Factored buoyant force (kN/m)

ln summary, the variables or uncertainties in the general buoyancy equation include:

backfill unit weight, crown backfill depth, compacted backfill shear strength, compacted

backfill depth, concrete unit weight, concrete area, granular ballast unit weight, and the

total cross-sectional area of the aqueduct. One additional uncertainty not evident in the

[5-8]
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above equations is the degree of submergence of the backfill and the aqueduct. This is

discussed in Section 5.2.1.

With the possible exception of soil shear strength, the measurement uncertainties

associated with these variables are considered to be reasonably small because unit

weights and dimensions can be measured directly using simple procedures. Uncertainty

in the buoyancy model is assumed to be small because the problem essentially involves

weight calculations and buoyant force calculations. Aside from any variation in the total

cross-sectional area of the aqueduct, the buoyant force can be calculated with accuracy

using Archimedes principle. Uncertainties associated with measurements or the model

are considered to be small and have not been accounted for in the buoyancy analysis.

5.1.3 Sensitivity Analysis To Determine Parameter Significance

ln order to assess which of the uncertainties has the most impact on the buoyancy

analysis, and which ones are worth while measuring, a Monte Carlo simulation was

completed using @ Risk Version 4.5 (Palisade Corporation 2002). This software works

in conjunction with spreadsheet programs and allows probability distributions to be

specified for each uncertainty or parameter in any equation. Each time an equation is

calculated, that is for each simulation cycle, a random value from each probability

distribution is used. Correlation coefficients between different variables can also be

specified. A more complete discussion regarding the set up of a simulation model can

be found in Section 5.2.5. This sensitivity analysis is significantly different than the one

originally developed. lt represents the use of actual data that would have been available

at this point in the Buoyancy Assessment Program. lt is considered to be original work

completed by the author for use in this thesis.

The sensitivity analysis was completed for one aqueduct section type, the 'BO'aqueduct

section shown on Figure 3-10, to determine the significance of each parameter in

Equation 5-1. lt is reasonable to assume that the results will be applicable to all the

aqueduct section types that were constructed between Mile 85.0 and the Intake (Mile

97.5). Normal probability distributions were assigned to the following input parameters:

saturated unit weight of backfill, depth of crown backfill, shear strength and unit weight of



concrete. Triangular distributions were assigned to the area of concrete and the total

cross-section area of the aqueduct.

The probability distributions and statistics for the input parameters are summarized in

Table 5-1. These distributions are based on preliminary information that was available

at the beginning of the project and assumed values for the mean and the coefficient of

variation. The preliminary information included:

. measured backfill unit weights (saturated);

o measured backfill unit weights (saturated);

o shear strengths from the detailed test holes (UMA 2000);

. crown backfill and compacted backfill depths based on archived information

(GWWD, 1914 and 1919) and observations made during site reconnaissance

trips;

o concrete unit weights based on measured densities from concrete cores

previously collected from the aqueduct between Mile 24 and Mile 70 (Gore

and Storrie, 1995).

These uncertainties were defined with normal probability distributions truncated to reflect

realistic maximum and minimum values. The term for granular ballast weight (Equation

5-6) was excluded from the analysis because the objective was to determine which

uncertainties have the most influence in determining which areas of the aqueduct are at

greatest risk to buoyancy.

The variability of the concrete area and the total aqueduct section area was estimated

from the results of a separate sensitivity analysis. This analysis was based on an

assumption that the concrete thickness and internal dimensions are within +/- 50

millimetres of the design values. Nine possible combinations of concrete thickness and

internal dimensions were evaluated. A cross-section of the aqueduct was drawn for

each case and the resulting concrete and total section areas were measured using

AutoCad Version 14. The results are presented in Table 5-2. The results of the analysis

show that the concrete and total section areas have a correlation coefficient of 0.77.

The maximum and minimum values for the concrete and total section areas were used,
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along with the mean design values to specify the parameters for a triangular probability

distribution.

A correlation coefficient oÍ 0.77 was used to relate the concrete area and the total

aqueduct section area input variables. A correlation coefficient of 0.9 was used to relate

saturated backfill unit weight, backfill shear strength and compacted backfill depth. This

was done to reduce the possibility of sampling a high backfill shear strength when a low

backfill unit weight is sampled. In this way, the results would conform with the

assumption that aqueduct sections backfilled with organic soil would have no shear

resistance (Section 4.4).

The simulation model was set up in a manner where Equations 5-2 to 5-8 (excluding

Equation 5-6) were calculated separately. For each simulation cycle, the probability

distribution for each variable or input parameter was sampled and these values used to

calculate each of the equations in the model. Fixed values were defined for the

maximum width of the aqueduct and the area of the arch leg backfill.

Two simulations, each with 30,000 simulation cycles were completed. The first

simulation included the backfill shear resistance, which was not included in the second

simulation. The backfill shear resistance was excluded in the second simulation

because the majority of the Boggy River Stretch has organic backfillthat was assumed

to have no shear strength. The output results available from the @Risk Version 4.5

(Palisade 2002) software package include: histograms of the sampled values for each

input parameter, summary statistics and histograms for each of the calculated values,

detailed input and output statistics and results from multi-variate stepwise regression

and rank order correlation sensitivity analyses.

For the purpose of this parameter sensitivity analysis, the most important results are

those from the multi-variate stepwise regression and rank order correlation analyses.

These results are summarized in Table 5-3. These results for the resisting ratio should

be the best indicator as to which parameters are most important to the buoyancy

analysis. This is because the resisting ratio is calculated using the resisting forces and

the buoyant force.
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The values of the regression coefficient can range from -1 to +1. Values equal to zero

or near zero indicate that the input variable has little to no relationship with the output

variable. That is, a change in the value of the input variable has little impact on the

resisting ratio. Values closer to -1 or +1 have significant impact. A value of 1 would

indicate that the output would change by 1 standard deviation for a 1 standard deviation

change of the input parameter. High values of the square of the correlation coefficient

(R2) determined from regression analysis indicate a strong linear relationship between

the input and output variables.

Correlation coefficients can also range from -1 to +1. A value oÍ zerowould indicate no

correlation between the input and output variables. Values of -1 or +1 indicate

respectively completely negative or positive correlations. All other values indicate partial

correlations that become more significant as the value approaches 1 or -1.

The results from the simulations are summarized in Table 5-3. The square of the

correlation coefficient is close to 1 indicating a good relationship between the inputs and

the resisting ratio. The regression coefficients for the simulation that included shear

resistance indicate that the two most influential parameters are the saturated backfill unit

weight and the shear strength. These are followed in influence by the crown backfill

depth and the compacted backfill depth. The concrete area, concrete unit weight and

total section area appear to have the least influence. The regression coefficients from

the second simulation (no shear) indicate that the saturated backfill unit weight and

crown backfill depth are the dominant parameters. Surprisingly, the concrete unit weight

and total section area are not as significant. This is discussed below in more detail.

Due to the correlation coefficients used to relate the some of the input parameters, the

correlation coefficients summarized in Table 5-3 are not viewed as being good indicators

of parameter significance. This is most obvious in the results for the simulation that

included shear resistance, the three backfill parameters that were correlated together

also have highest correlation coefficients relating them to the resisting ratio.

The statistics for the input and output variables are presented in Table 5-4. The first

observation is that the four most influential input parameters also have the highest

coefficients of variation. This confirms the results of the regression analysis (Table 5-3)

based on the meaning of the value of a regression coefficient. For example, if the
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concrete unit we¡ght changed in value by 1 standard deviation it would have less impact

on the resisting ratio than if the saturated unit weight of the backfill changed by 1

standard deviation. This is valuable information, but when looking at the statistics in

Table 5-4for the output (resisting forces) it is obvious that the weight of the aqueduct

can account for anywhere from 20 to 90 percent of the total resisting force. This clearly

becomes more important as the unit weight of the saturated backfill decreases.

Conclusions drawn from the sensitivity analysis include:

Reducing or confirming the dispersion (uncertainty) in the saturated backfill

unit weight, shear strength, crown backfill depth and the compacted backfill

depth will produce more reliable buoyancy analysis results that can be used

to identify areas of the aqueduct requiring granular ballasting repairs.

Collection of additional data should help to confirm the dispersion of the most

influential input parameters ( saturated backfill unit weight, shear strength,

crown backfill depth and compacted backfill depth)

Collection of field data to confirm the aqueduct size and concrete unit weight

is important because the size and weight of the aqueduct are significant

components of the total resisting force. The aqueduct size also influences

the buoyant force.

5.1.4 Data Gollection and Interpretation

The main purpose of presenting the sensitivity analysis for parameter significance at this

point in the thesis is to show a logical pattern of events that should take place in

developing the buoyancy model. ln actual fact, during this stage of the Buoyancy

Assessment Program, much of the following information had already been collected and

used in the original buoyancy analysis that is discussed in Section 5.2.3. The work

described in Section 5.2.4 explains why the sensitivity analysis was undertaken and

what additional information was collected. The text below is written from the perspective

that minimal information had been collected beforehand. However, it is representative of

the actual work completed over the course of the Buoyancy Assessment Program.

1.
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The field program undertaken to collect the additional data mentioned in the conclusions

at the end of the previous section has already been presented in Chapter 4. The field

work was completed along the entire stretch of aqueduct from Mile 85.0 to the lntake at

Mile 97.5. For convenience, the following sentences provide a brief summary of the field

program. Samples of the crown backfill were taken to measure their saturated unit

weights (Figure 4-10). The dry unit weights of the measured samples were used in a

regression analysis to derive a relationship between dry unit weight and water content of

the backfill samples (Section 4.8.2and Figure 4-11). This relationship was used to

predict dry unit weights and hence saturated unit weights based on water contents from

other backfill samples. The unit weights of the crown backfill varied considerably along

the entire stretch of the aqueduct from Mile 85.0 to the lntake at Mile 97.5. Grouping the

backfill unit weights from each stretch, such as the Boggy River Stretch, reduced the

dispersion of the backfill unit weights within each stretch. Undrained shear strengths of

the backfill soils were measured in areas where mineral backfill soils were encountered

(Figure 4-12). The depth of compacted backfill was difficult to delineate, as described in

Section 4.9. The areas where shear resistance became important was in areas where

there was a mixture of organic and mineral soils. ln these areas, the depth was first

estimated from the soil profile on Figure 4-1 and then checked by drilling hand auger

holes beside the aqueduct. Where the backfill was predominantly mineral in nature the

weight of the backfill was sufficient to prevent buoyancy. Where the backfillwas mainly

comprised of organics a shear resistance oÍ zero was used. The crown backfill depths

were delineated by completing a profile survey of the backfill berm along centerline of

the aqueduct (Figures 4-2 and 4-15). The unit weight (Figure 4-13) and thickness (Table

4-21were measured for each concrete core taken from the pipe. lnternal measurements

of the aqueduct previously collected for hydraulic modeling of the pipe, were used to aid

in determining the variability in the pipe size (Table 4-3). The concrete thickness and

internal measurements were not used in the originalwork completed at UMA

Engineering Ltd. but have been incorporated into subsequent work undertaken for this

thesis.

This information has been used in developing the various buoyancy models based on

LSD that are discussed in the next section. A more complete discussion on how the

data were used with each of the models is presented in following sections.
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L¡MIT STATES DESIGN

Three LSD methods have been completed to show how the uncertainties in the variables

can be accounted for. As mentioned previously, for the purpose of demonstrating these

methods, only one area of the aqueduct between Mile 85.0 and the lntake (Mile 97.5)

was analyzed. This area is the Boggy River Stretch (Mile 85.0 to Mile 88.5). The

principles for the methods shown below can be applied to the Summit and Snake Lake

stretches with only minor modifications to account for the different site conditions.

The first two of the three LSD methods are based on the partia¡ safety factor method

presented in Section 2.4.4. The two methods are essentially the same as they use

partial safety factors (PSFs) to account for uncertainties in the various loads and

resistances. The first method utilizes the PSFs provided in the OHBDC (1991) and the

second method utilizes PSFs calculated specifically for this project. The first method is

presented for two reasons. One, the original buoyancy analysis completed for the

aqueduct used the PSFs from the OHBDC (1991). Two, it shows that the degree of

uncertainty in the results of the analysis can be higher when using PSFs developed for

different conditions. The second method uses project-specific PSFs that take into

account the variability of the uncertainties in the buoyancy model.

The third LSD method used is a Monte Carlo simulation similar to a level 2 or level 3

reliability-based design (Section 2.4.4'). This method was completed to verify the results

obtained using the project-specific PSFs developed for the buoyancy analysis and to

confirm the target level of safety.

5.2.1 General Gonsiderations for the Boggy River Stretch (Mile 85.0 to Mile 88.5)

Some general considerations for the Boggy River Stretch had to be taken into account

for the buoyancy analysis. The aqueduct in this area consists of two aqueduct section

sizes, the R and the B sections (Section 3.2.2). The various invert sections used with

the R and B aqueduct sections include: RPM, RRM, RA, RE, RG, BO, BP, BPM and

Bpiled (Figures 3-10 to 3-15 and 3-27;Table 3-1). Each of these sections had to be
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evaluated separately due to the different dimensions, concrete areas and total section

areas.

This stretch of the aqueduct has predominantly organic backfill, whereas the other

stretches have considerably more mineral backfill. To reduce the dispersion of the

backfill unit weights, only unit weights measured within this stretch have been used. As

mentioned previously, it has been assumed that shear resistance of organic bacKill

could not be relied upon as a resisting force. Therefore the majority of the Boggy River

stretch was assumed to have zero shear resistance. However, east of Mile 88.0 the soil

stratigraphy above the aqueduct invert level (Figure 4-1) shows an increase in the

amount of mineral soils that could have been used as compacted backfill, particularly

east of Mile 88.26. This was verified by drilling hand auger test holes beside the

aqueduct. A small amount of shear resistance was therefore included in the buoyancy

modelfrom about Mile 88.26 to Mile 88.5.

As discussed in Section 4.6, the Boggy River Stretch is generally poorly drained (Figures

4-7 and 4-16) except for two areas. The first area is located between Mile 85.0 and Mile

85.5. The second area is between Mile 87.95 and 88.05. Within these two areas the

groundwater levels are just at the top of the aqueduct. At all other locations the

groundwater levels are near the top of the crown backfill berm. For the buoyancy

analysis, the aqueduct and the arch leg backfill can be considered as fully submerged at

all locations. Submerged unit weights for the backfill have been used for all areas

except within the two areas defined previously, where the groundwater levels are just at

the top of the pipe. Within these two areas, bulk unit weights for the crown backfill were

used. The groundwater levels used in the buoyancy analysis were based on measured

values and a hydrology study (UNlES, 1998). Some improvements to the drainage

ditches west of Mile 85.5 were required to achieve the groundwater levels used in the

analysis. These improvements were required for other reasons that are described in the

next paragraph.

Some structural aspects of the aqueduct had to be considered as well. From Mile 85.48

to Mile 85.61, approximalely 214 metres of the aqueduct was constructed with a timber

pile foundation (Figure 3-27) and from Mile 85.63 to Mile 85.66 (length = 70 metres)

there is a bend in the aqueduct alignment. The four aqueduct segments forming the



bend are cracked. Due to the potentialfor differential settlement of the aqueduct on

either side of the piled section and the concerns regarding structural stability of the

cracked segments in the bend, the area west of Mile 85.7 was not considered for

granular ballasting. As discussed previously, some drainage improvements were

completed to reduce the groundwater levels to the top of the aqueduct in this area. The

increased weight of the crown backfill resulting from lowered groundwater levels was

sufficiently significant to ensure that the total resistance was greater than the buoyant

force.

The concrete area and total cross-sectional area of the aqueduct were difficult to

determine due to the curved shape of the pipe and because the pipe is buried.

However, as discussed in Chapter 4, the thickness of the concrete cores taken from the

aqueduct were generally larger than the design thickness. Only four of the cores were

thinner, but still within 25 millimeters of the design thickness (Table 4-2). The internal

measurements of the aqueduct summarized in Table 4-3 show that the internal size is

typically about 12 millimetres larger than design for the R and B aqueduct sections used

in the Boggy River Stretch. The concrete area and total section area are needed for the

buoyancy analysis. They are somewhat related to the concrete thickness and the

internal dimensions. The measured thickness of the concrete cores and internal

dimensions indicate that the aqueduct was constructed within reasonable tolerances.

Based on this information, a sensitivity analysis was completed to estimate a range of

values for the concrete area and total section area. As described in Section 5.1.3 nine

different cases were checked, assuming that the concrete thickness and pipe

dimensions could not deviate more than +l- 50 millimetres from design. The results are

included in Table 5-2. The variability of the concrete area and total section area were

handled differently in each method of analysis. They will be discussed separately for

each method.

5.2.2 Target Level of Safety

The target level safety chosen for this project is equivalent to a probability of failure of

about 0.011 percent or about 1/9090 (1.1x104). This target level of safety is equivalent

to a reliability index, F = 3.S as shown in Table 2-1 (Becker, 1996b). Design codes
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based on this level of safety and a 50 year design life include the OHBDC (1991) and

the CHBDC (2000) (Becker et al., 1998). The term target level of safety is used because

the actual probability density functions or distribution curves are not known and therefore

the true value of the reliability index, B can not be determined directly (Becker, 1999b).

5.2.3 Partial Safety Factor Method Using OHBDC Load and Resistance Factors

ln the early stages of the Buoyancy Assessment Program, it was recognized that there

were a large number of variables or uncertainties that should be considered in the

buoyancy analysis. A decision was made to use an LSD method employing PSFs to

provide a more consistent level of safety than could be achieved using WSD methods.

The originalwork was based on the PSFs provided in the OHBDC (1991). This work

has been included to show the impacts of using PSFs developed from different data sets

for each variable. In this context, it is interesting to note that Day (1997) felt it would be

impossible to specify PSFs that could be applied in generalto all sites. In keeping with

the chain of events that occurred during the Buoyancy Assessment Program , this

analysis has been completed using the original assumptions and design values prior to

collecting additional information on concrete unit weight and aqueduct dimensions.

5.2.3.1 Buoyancy model

The buoyancy model for this method was set up using a spreadsheet (Appendix 5-1).

As mentioned in Chapter 3, the aqueduct was built in 13.7 metres segments. Each

segment has an identification number, for example B0-1142. Sufficient information was

available for each aqueduct segment in the Boggy River Stretch to calculate the resisting

forces and buoyant force for each segment. The following information was entered for

each aqueduct segment: aqueduct mileage, segment number, crown and invert

elevations, aqueduct design dimensions, concrete and total section areas based on

design dimensions and the elevation for the backfill berm.
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The uncertainties in Equations 5-2 to 5-7 were accounted for by applying PSFs to the

resistances on the left side and to the load on the right side of the general buoyancy

equation as shown below in Equation 5-9.

t5-el [$¡acmrr (backfill weight) * $snear (backfill shear resistance) +

Q"on.,"t" (aqueduct weight) * Qo"n".t (granular ballast weight)l > a (buoyant

force)

Q - resistance factor (RF)

cr - load factor (LF)

Where:

Crown and arch leg backfillweiohts (Equations 5-2 and 5-3)

All aqueduct dimensions used in the calculations were based on the design values

entered for each aqueduct segment. The depth of the crown backfill was determined for

each segment by taking an average of the surveyed backfill berm elevations for each

segment and subtracting the crown elevation of the pipe. Because a unique backfill

depth was available for each segment it was not necessary to use a resistance factor

(RF) to account for the crown backfill depth. The backfill unit weights were entered for

the corresponding aqueduct segment from which the sample was taken. These cells in

the spreadsheet are highlighted. Between segments having measured backfill unit

weights, the unit weight was interpolated. To indicate where the aqueduct and the

crown backfill berm are completely submerged, the backfill weight values in the

spreadsheet are shaded. In areas where only the aqueduct and the arch leg backfill are

submerged the backfill weight values are lightly shaded. The minimum prescribed RF of

0.80 OHBDC (1991) for earth fill (dead load weight ) was applied to the backfillweight

term (Table 5-5).

Backfill shear resistance (Equation 5-4)

As dfscussed in Sectio n 5.2.1no backfill shear resistance was included west of about

Mile 88.26. East of this point a small amount of shear resistance was included and a

conservative undrained shear strength of 12 kPa was used, which was based on

measured values (Figure 4-12). The depth of compacted backfill was set at 1.0 metre.
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The OHBDC (1991) did not have a prescribed RF for shear resistance therefore a

relatively conservative value of 0.5 was selected based on engineering judgement.

Aqueduct weight (Equation 5-5)

The unit weight of concrete was based on the average of the measured unit weights

from concrete cores taken from the aqueduct between Mile 24 and Mile 70. The

concrete area was assumed to be equalto the aqueduct design value. The minimum

prescribed RF of 0.90 OHBDC (1991) for cast-in-place concrete (dead load weight) was

applied to the aqueduct weight term (Table 5-5).

Granular ballast weight (Equation 5-6)

The granular ballast weight was only calculated for segments having a resisting ratio

less than 1 (Equation 5-8). The unit weight was based on the average of measured

values from previous granular ballasting work and the depth of ballast is a calculated

quantity. The minimum prescribed RF of 0.80 OHBDC (1991) for earth fill (dead load

weight ) was applied to the granular ballast weight term (Table 5-5).

Buoyant force (Equation 5-7)

A unit weight of water = 9.81 kN/m3 was used. The total sectional area of the concrete

was assumed to be equal to the design value. A load factor (LF) of 1.05 was applied to

account for any uncertainties in total section area. This value was based on the range of

LF values (0.90 to 1 .10) for hydrostatic pressure in the OHBDC (1 991). Values less than

1.0 are not applicable to this work because the buoyant force is a disturbing force. A

value of 1.10 was thought to be too severe, therefore an intermediate value of 1.05 was

selected (Table 5-5).

The PSFs presented in Table 5-5 were used directly in Equation 5-9 as indicated.
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5.2.3.2 Analysis Results

The ULS of buoyancy was checked using the resisting ratio (Equation 5-8).

lf the resisting ratio is 1 or greater then sufficient weight exists to prevent buoyancy. lf

the resisting ratio is less than 1, additional weight (granular ballast) is required to prevent

buoyancy. A resisting ratio and corresponding granular ballast depth (if required) were

calculated for each aqueduct segment so that all segments had a resisting ratio of at

least 1. The results are shown graphically on Figures 5-1 and 5-2.

Figure 5-1 shows the resisting ratio profiles with and without granular ballast. The erratic

pattern of the profiles is directly related to the variable backfill depths that are illustrated

on Figure 4-2. The large spikes in the profile indicate areas having relatively high

backfill unit weights. These spikes also correspond to the change in soil profile shown

on Figure 4-1. Some of the less pronounced deviations in the profile are a result of the

changing aqueduct sections types as illustrated by the aqueduct weight profile in Figure

5-1.

The minimum depth of granular ballast required to provide a resisting ratio of 1 is shown

on Figure 5-2. ln general, the area from Mile 85.7 to 88.0 requires additional weight. As

mentioned previously, the area west of Mile 85.7 was improved by assuming the

groundwater levels could be reduced to a level no higher than the aqueduct crown. A

small amount of granular ballast was still required near Mile 85.1 due to a shallow depth

of existing backfill. Ballast was included east of Mile 88.0 because the existing backfill

berm was badly eroded in places and required improvement.

The profile of the design depth of granular ballast shown on Figure 5-2 was established

by taking a more global view of the area, recognizing that there is still some uncertainty

in the various parameters used in the buoyancy model. An example of uncertainty

would be the interpolated backfill unit weights. The objectives in establishing the design

profile for the ballast were to ensure the majority of the peaks were covered and to

provide a reasonably uniform depth of ballast that would be straightforuvard to construct.

The risk associated with not placing ballast over the short area where the resisting ratio
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is greater than 1 was deemed to be quite high relative to the cost of placing ballast.

addition, it would be difficult to delineate the exact limits of these areas.

5.2.4 Partial Safety Factor Method Using Project-Specific PartialSafety Factors

The granular ballast depths calculated from the buoyancy analysis using OHBDC (1991)

'partial safety factors (discussed above) raised concernS about the strength of the

aqueduct invert, especially the non-reinforced inverts like the BE invert section shown on

Figure 3-14. A review of the uncertainties in the buoyancy analysis was completed and

a sensitivity analysis was undertaken, as discussed in Section 5.1.3. The results and

conclusions of the sensitivity analysis prompted some additionalfield work to

supplement existing information (backfill unit weights, shear strength) and to collect

concrete core samples for the measurement of unit weights and thicknesses. lnternal

measurements were available and used in this thesis to help estimate the variability of

the concrete area and total section area.

In addition, a decision was made to calculate project-specific PSFs that would better

represent the variability of the measured parameters in the buoyancy model and also

provide a more consistent level of safety. Calculation of the PSFs was very applicable to

this project because the structure had already been constructed. This permits direct

measurement of many of the parameters in the buoyancy model. The importance of this

decision is reflected in the values of the PSFs shown in Table 5-6. The differences are

attributed to the dispersion of the measured parameters as indicated by the coefficients

of variation, which are also shown in Table 5-6. The PSFs prescribed in the OHBDC

(1991) were determined using a coefficient of variation of approximately 0.15.

5.2.4.1 Calculations of Partial Safety Factors

The PSFs were calculated using the second moment probabilistic method described in

Section 2.4.4. This method is also known as a level2 reliability-based design. This

method is well known and has been used to develop PSFs for design codes such as the

OHBDC (1991). Equations 2-7 and 2-9 were used to calculate the PSFs for resistance

99



(Ravindra and Galambos, 1978). These equations are repeated below for ease of

reference. For this analysis the load factor (LF) was based on engineering judgement

and the results of a sensitivity analysis. The equations for calculating LFs can be found

in Section 2.4.4.

Í2-71

[2-e]

where:

0 = ô e -Pov (log-normal distributions)

0 = õ (1-FOV) (normal distributions)

Q - resistance factor (RF)

ô - bias factor (mean value / nominal value for each variable)

B - reliability index

0 - separation coefficient (typical range of 0.6 to 0.8)

V - coefficient of variation (standard deviation / mean)

The first step in determining the resistance factors (RFs) was to collect data for each

variable to be considered. The data for concrete unit weight, backfill unit weight, and

granular ballast unit weight are summarized graphically in Figures 4-13, 5-3 and 5-4.

The concrete unit weight and granular ballast unit weight have been assumed to follow a

normal distribution while the backfill unit weight more closely resembles a log-normal

distribution. Partial safety factors were not calculated for shear strength, concrete area

or total section area for reasons discussed below. A bias factor of 1.0 was selected

because the RFs are applied to the mean measured value, not a design or nominal

value. A reliability index, B of 3.5 was selected as discussed in Section 5.2.2. A

separation coefficient, 0 of 0.6 was selected based on work by Ravindra and Galambos,

1978. The coefficient of variation, V was based on the statistics from each variable. The

calculated RFs are presented in Table 5-6.

Three sensitivity checks were completed to determine the effect of varying either the

reliability index, the separation coefficient or the distribution type for each RF that was

calculated.

Figure 5-5 shows how each RF would vary for different values of B. The RF design

values correspond to B values that are slightly higher than used in calculating the RF.
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This results in a slightly increased target level of safety. The curves in Figure 5-5 are

fairly flat and show that the calculated RF would not change significantly for values in B

ranging from about 3.0 to 4.0.

Figure 5-6 shows how each RF would vary for values of 0 ranging from 0.5 to 1.0. The

RF is inversely proportional to the value of 0 and the slopes of the lines increase with the

coefficient of variation. The slopes are greater for the resistance factors calculated using

the log-normal equation (Equation 2-7). Using the RFs for backfill unit weight for

example, increasing 0 from 0.6 to 0.8 would result in a decrease of the RFs by about

0.08. The effect of reducing the RF for backfillfrom 0.20 to 0.12 only increased the

depth of granular ballast required by about 50 millimetres. The impact was small

because the majority of the backfill is organic in nature with a submerged unit weight of

about 1 to 2 kN/m3. The separation function has little impact on the RFs for the concrete

and granular ballast unit weights that were calculated using Equation 2-9.

Figure 5-7 shows how the RF changes with coefficient of variation for log-normal

distributions (Equation 2-7\ and normal distributions (Equation 2-9). For coefficients of

variation less than about 0.10 both equations return nearly the same value. Therefore,

the selection of distribution type for the concrete and granular ballast unit weights was

not of much consequence. However, for variables having higher coefficients of variation

the selection of the distribution type is important. For example, using Equation 2-9

(normal distribution) to calculate a RF for the submerged backfill unit weight would have

resulted in a negative value for the RF. This would have resulted in negative backfill unit

weights, a physically impossible situation.

Partial safety factors were not calculated to account for uncertainties in the shear

strength or the concrete and total section areas due to the lack of confidence in the data

that has been obtained (undrained shear strengths, concrete thickness and internal

dimensions). The assumptions regarding shear resistance were not changed from those

used in the original buoyancy analysis using the RFs from the OHBDC (1991) (Section

5.2.3). The concrete thickness and internal dimensions indicated that the aqueduct was

built to reasonable tolerances. This is not unexpected because of the method of

construction used (steelforms). Also, the designing engineers were very cost conscious
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(Section 3.2) and the hydraulic design of the aqueduct would require the internal shape

and size be within acceptable tolerances.

As discussed in Section 5.1.3, the potential variation in concrete area and total section

area was investigated by determining the concrete area and total size for nine different

cases (Table 5-2). lt was assumed that the overall thickness of the concrete or the

internal dimensions did not vary by more than +/- 50 millimetres, a reasonably

conservative assumption considering the method of construction (steelforms) and the

design thickness of concrete in a typical aqueduct cross-section (Figure 3-10). The

results showed that the concrete area, and hence the aqueduct weight, could vary by

approximately +l- 20 percent of the design value (Case A). The total section area, and

hence the buoyant force, could vary by approximately +/- 3 percent of the design value

(Case A). These two parameters are related because any change in concrete thickness

results in a change in the total section area. The results indicate a correlation coefficient

of 0.77 between these two parameters.

Applying a RF to the concrete area that is less than 1 and a LF to the total section area

that is greater than 1 would compound the effects because the two parameters are

related. That is, a larger total section area typically corresponds to a larger concrete

area. Since the concrete unit weight, and hence the aqueduct weight, is already

reduced with a RF of 0.95 it is more reasonable to apply a LF to account for changes in

the total section size. This was done by applying a LF of 1.03 to the buoyant force

based directly on the results of the 9 scenarios, where the maximum buoyant force was

3 percent higher than the buoyant force based on the design values.

As shown in Table 5-6, two RFs were calculated for the ballast and backfill unit weights,

one for bulk unit weights and one for submerged unit weights. This was necessary

because there are a few areas in the Boggy River Stretch where the groundwater levels

do not rise above the aqueduct crown (Section 5.2.1). ln these areas, the RFs for bulk

unit weights were used to calculate the weight of the crown backfill and the granular

ballast. The difference between bulk and submerged unit weights is not recognized in

the OHBDC (1991).
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The majority of the backfill and granular ballast is submerged and the corresponding

RFs were calculated for the submerged unit weights and not the saturated unit weights

because there is little uncertainty in the unit weight of water. Also, the use of RFs

calculated for saturated unit weights can result in negative values for submerged unit

weights, which is physically impossible. For example, a design RF of 0.65 was '

calculated for saturated backfill unit weight having an average value of 13.3 kN/ms and a

coefficient of variation of 0.191. The factored submerged unit weight would be

(0.65X13.3 kN/m3- 9.81 kN/m3) = -1.1 kN/m3. In comparison, the factored submerged

backfill unit weight using the RF (RF = 0.2) for submerged backfill, (0.2X13.3 kN/m3-9.81

kN/m3) = 0.70 kN/m3, clearly a more reasonable value. Similar concerns were raised by

Boden (1981) who felt that general use of prescribed or probabilistic factors could define

soils that could not possibly exist in nature.

The RFs were applied to the mean value for each variable as determined from the

measured values, with the exception of the backfill unit weight. The RF for the backfill

was applied to the measured backfill unit weights. This was a direct result of how the

spreadsheet model was set up (Section 5.2.3.1). This was done to give credit to the

areas of the aqueduct where more mineral soils were available for backfill. This is not

consistent with the intended use RFs calculated with Equations 2-7 and 2-9 which

incorporate a bias factor to account for the difference between the mean value and the

nominal value used in design. The effect was negated when selecting the design depth

of ballast to be placed over the aqueduct. Details of the effect of this procedure will be

shown later.

The same spreadsheet format used for the previous buoyancy analysis was used.

Because of the general similarity of the spreadsheets, only the sheets for the analysis

using the PSFs from the OHBDC (1991) has been included in this thesis (Appendix 5-1).

The others can be provided by the author on request. The changes made to the

analysis and spreadsheet are summarized in Table 5-7.
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5.2.4.2 Results of Analysis

Figure 5-8 shows a profile of the resisting ratio (Equation 5-8) calculated for each

aqueduct segment, with and without granular ballast. The erratic pattern of the profiles

is directly related to the variable backfill depths, which are illustrated on Figure 4-2. The

large spikes in the profile indicate areas having relatively high backfill unit weights.

These spikes also colrespond to the change in soil profile shown on Figure 4-1. Some

of the less pronounced deviations in the profile are a result of changing aqueduct

sections as illustrated by the aqueduct weight profile in Figure 5-8.

Minimum and design depths of granular ballast are shown in Figure 5-9. ln general, the

area from Mile 85.7 to Mile 88.5 requires additionalweight. As mentioned previously,

the area west of Mile 85.7 was improved by assuming the groundwater levels could be

lowered to the aqueduct crown. A small amount of granular ballast is still required near

Mile 85.1 due to a minimal depth of existing backfill. The profile of the design ballast

depth was established by taking a more global view of the area, recognizing that there is

still some uncertainty in the various parameters used in the buoyancy model. The

objectives in establishing the design profile for the ballast were to ensure the majority of

the peaks were covered and to provide a reasonably uniform depth of ballast that would

be straightfonryard to construct. The risk associated with not placing ballast over the

short areas where the resisting ratio is greater than 1 was deemed to be quite high

relative to the cost of placing ballast. ln addition, it would be difficult to delineate the

exact limits of these areas.

5.2.4.3 Comparison of Results

The results from the two buoyancy analyses described in Sections 5.2.3 and 5.2.4 are

compared in Figures 5-10 and 5-11. The results from the analysis completed using the

PSFs from the OHBDC (1991) are referenced on the figures as OHDBC and the results

from the analysis using project-specific PSFs are referenced on the figures as P-S. The

following comparison of results represents original work completed by the author for this

thesis.
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Figure 5-10 shows the resisting ratio profile from each analysis. ln general, the areas

having a resisting ratio less than 1.0 are coincident with each other. The largest

differences are coincident with areas having higher backfill unit weights. These

differences in resisting ratio are directly related to the different RF values used for

backfill unit weights.

Figure 5-11 shows a profile of the minimum depths of granular ballast required to

provide a resisting ratio of 1.0. In general, the depths determined from each analysis are

within 50 to 100 millimetres of each other. The largest differences in depth (250 to 500

millimetres) occur between Mile 87.25 and Mile 88.5. These differences are attributed to

the variability of the different parameters and the different RFs used to account for the

uncertainty, particularly with respect to backfill unit weight.

As mentioned at the start of this section, the depths of granular ballast calculated from

the buoyancy analysis using the PSFs from the OHBDC (1991) (Section 5.2.3) raised

concerns about the strength of the aqueduct invert, especially the non-reinforced inverts

like the BE invert section shown on Figure 3-14. ln general, the use of project-specific

PSFs reduced the required ballast depths. The reduced ballast depths were more

pronounced between Mile 87.25 and Mile 87.75. A finite element structural analysis was

completed for the different aqueduct sections. The area of greatest concern, for invert

strength, was the Snake Lake Stretch where a larger aqueduct section was constructed

(S section). The results indicated that invert strength was less of an issue for the smaller

B and R sections constructed in the Boggy River Stretch (Mile 85.0 to 88.5).

Each term in the buoyancy equation (Equation 5-9) is briefly discussed below to indicate

the difference that resulted from using different sets of PSFs and design values. The

changes reflect how the original buoyancy analysis was altered to reflect the measured

variability of the uncertainties in Equation 5-9.

Two changes were made in calculating the backfill weights using the two approaches.

The RF for submerged backfill unit weights was decreased from 0.80 to 0.20 and the RF

for bulk backfill unit weights was decreased from 0.80 to 0.65. The effect was a

decrease in the backfill weight. The magnitude of the change is directly related to the
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backfill unÍt weight used for each aqueduct segment. The resulting differences in backfill

weight are illustrated in Figure 5-12.

No changes were included in the shear resistance term.

Two differences were made in calculating the aqueduct weight term using the two

methods. The design value for concrete unit weight was increased from 22.5to 23.35

kN/m3 and the RF was Íncreased from 0.90 to 0.95. The net effect was an increase in

the self-weight term of about 4 to 5 kN/m.

Two differences were included in calculations for the granular ballast weight term. The

RF for submerged ballast unit weights was increased from 0.80 to 0.85 and the RF for

bulk ballast unit weights was increased from 0.80 to 0.95. The general effect was a net

increase in the granular ballast weight term. The magnitude of the change is about 1 to

2 kN/m and is directly related to the depth of ballast required.

The net effect on the total resistance (excluding the weight of granular ballast) due to

these changes is the net decrease in total resistance, as shown on Figure 5-13. The

most pronounced differences occur where the backfill unit weight is high, as shown by

spikes in the total resistance profile for the OHBDC (1991) based analysis.

One difference was included in calculations for the buoyancy force. The LF for this term

was decreased from 1.05 to 1.03. The general effect was a net decrease in the buoyant

force. The magnitude of the change is about 1.3 kN/m and is directly related to the total

section area of the aqueduct.

The net effect on the resisting ratio (excluding the effect of granular ballast) due to the

changes discussed above is a net decrease in the resisting ratio, as shown on Figure 5-

10. The most pronounced differences occur where the backfill unit weight is high, as

shown by spikes in the resisting ratio profile for the OHBDC (1991)-based analysis.

The depths of granular ballast selected for final design are shown on Figure 5-14. From

Mile 85.0 to about Mile 87.1, the design depths are within 50 millimetres. East of Mile

87.1 From Mile 87.1 to Mile 88.5 the differences in the design depths range from 50 to
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250 millimetres. These larger differences can not be attributed to any single parameter;

the differences are due to differences in each of the terms of the buoyancy equation

(Equation 5-9).

Although the differences between the two analyses methods are not great, it is important

to note that the level of safety for this project could not have been reliably assessed

using the PSFs from the OHBDC (1991). The level of safety using the project-specific

PSFs is more consistent even though the granular ballast depths are less. The most

significant differences in level of safety are reflected by the depths of granular ballast

from Mile 87.25 to Mile 88.50 (Figure 5-11). The area of biggest concern would be east

of Mile 88.0 where very little ballast was required using the PSFs from the OHBDC

(1991). The existing level of safety in this area was overestimated by the OHBDC

(1991) analysis.

5.2.5 Limit State Design Using Monte Carlo Simulation

Simulation techniques are considered to be a level 2 or level 3 reliability-based method

(Section 2.4.4) depending on the amount of data available. Monte Carlo simulation

techniques were used for this thesis. Monte Carlo simulation techniques can be used to

estimate the probability characteristics of a function (See Section 2.4.4). Monte Carlo

simulation consists of randomly selecting values of the basic variables according to their

probability characteristics and then using them in the performance function. (Ayyub and

McCuen, 1997) This type of analysis can be completed using the same software

package @Risk Version 4.5 (Palisade Corporation 2002) that was used to complete the

sensitivity analysis described in Section 5.1.3.

This analysis is significantly different than that completed by UMA Engineering Ltd. and

is considered to be original work completed by the author for use in this thesis. This

type of analysis was undertaken for a number of reasons. The main reason being to

verify the results of the analysis described in Section 5.2.4 where project-specific PSFs

were calculated and used to account for unceftainties in the parameters used for the

buoyancy analysis. lt was necessary to verify the results to ensure the target level of

safety (Section 5.2.2) was achieved and also to ensure that the method and
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assumptions used to calculate the PSFs were reasonable. The second reason is to

show another method that can be used to determine a level of safety for various classes

of engineering problems. Some concerns were raised in Section 2.4.5thalthe use of

prescribed PSFs, like those used in Section 5.2.3 from the OHBDC (1991), would

discourage the use of engineering judgement or developing an understanding of the

inherent geologic variability encountered in many classes engineering projects (Fleming,

1981 , Semple 1981 , Boden, 1981). The use of Monte Carlo simulations requires the

engineer to think about the variability in each parameter because it is necessary to

define a probability distribution for each parameter or variable in the analysis. Current

computer and software technology has made this method of analysis more feasible than

in the past.

5.2.5.1 Probability Distributions

The software program used for the simulation also includes the distribution fitting

program BestFit (Palisade Corporation2QO2a) that can be used to fit probability

distribution functions (PDF) to a data set. Probability distributions were fitted to the data

collected within the Boggy River Stretch (Mile 85.0 to Mile 88.5) for the following

parameters: crown backfill depths, saturated backfill unit weights, bulk backfill unit

weights, concrete unit weights, saturated granular ballast unit weights and bulk granular

ballast unit weights. Due to the lack of appropriate data for the concrete unit area and

total section area, PDFs could not be fitted using the software. These two uncertainties

were modeled in the same manner (triangular PDFs) that was used in the sensitivity

analysis presented in Section 5.1.3. The maximum, minimum and mean values required

for the triangular distributions were determined for each type of aqueduct section

consistent with the procedure described in Section 5.1.3. The PDF for shear strength

was based on the normal distribution used for shear strength in the sensitivity analysis

presented in Section 5.1.3.

Thirty-seven different PDFs are available in BestFit (Palisade Corporation 2002a). The

software fits as many of the available PDFs as possible to the data and ranks the PDFs

in order of Chi-Squared 'goodness of fit'statistics. With the exception of concrete unit

weight and saturated backfilt unit weights, the PDFs having the best'goodness of fit'
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statistics were not normal or log-normal. A sensitivity analysis was subsequently

completed to determine how sensitive the buoyancy modelwould be to the distribution

type. This was completed by running a simulation of 30,000 simulation cycles with the

highest ranked PDFs for each variable to determine a baseline probability of failure (P)

for a resisting ratio of 1.0 and the depth of granular ballast required to achieve the target

level of safety or P1= 0.011% that was identified as the design objective in Section 5.2.2.

Following this step, the PDF for each variable was changed (only one per simulation) to

either a normal or log-normal distribution, whichever seemed to best represent the data

(particularly at the tails of the distributions). A simulation was run (30,000 simulation

cycles) to determine if the change in PDF resulted in a significant change in the baseline

values. Following each simulation, the PDF was switched back to the best fit PDF and

another variable was switched. The last check involved switching all the variables to

either normalor log-normal PDFs and running the simulation. From the baseline model,

the Pr for a resisting ratio less than 1.0 was 60.1 1 percent and the required depth of

ballast was 0.93 metres. The lowest values obtained in the sensitivity analysis were: Pr

= 59.83 percent for a resisting ratio less than 1.0 and 0.91 metres for the required depth

of ballast. The highest values obtained in the sensitivity analysis were: Pr = 60.11

percent (from the baseline model) for a resisting ratio less than 1.0 and 0.95 metres for

the required depth of ballast. The difference between the maximum and minimum

values for Pt and ballast depth is about 0.28 percent and 0.04 metres, respectively.

These differences can largely be attributed to the variability in sampling between

simulations. This variability was demonstrated by performing 10 simulations of 30,000

simulation cycles. The difference between the maximum and minimum values for Pr and

ballast depth is about 0.35 percent and 0.05 metres, respectively. This is comparable to

the range of values presented above.

The results of these analyses indicated that it was reasonable to assume normal and

log-normal distributions for the measured parameters. Graphs of allthe PDFs are

included in Figures 5-15 to 5-18. The use of normal and log-normal distributions should

provide results that are more comparable to the results from the previous buoyancy

analysis that utilized project-specific PSFs based on these distributions types.

109



5.2.5.2 Buoyancy Model Setup

The assumptions presented in Section 5.2.1 regarding groundwater levels and shear

resistance were incorporated into the simulation model. However, the buoyancy model

for the Monte Carlo simulation could not be efficiently set up using the same

spreadsheet format presented in Section 5.2.3. lnstead, a model was set up for each of

the eight aqueduct section types (BO, BP, BPM, RA, RE, RG, RPM and RRM, Table 3-

1) constructed in the Boggy River Stretch. A total of twelve models were generated,

eight were used to evaluate the general site conditions (no shear resistance and

submerged crown backfill) for each section type, two models were used to evaluate the

effect of including shear resistance with the RA and RE sections, and two models were

used to evaluate the effect of having bulk crown backfill unit weights with the BO and RE

sections.

The simulation models were set up using a spreadsheet, which works with the software

program @ Risk Version 4.5 (Palisade 2002). The simulation model (Figure 5-19) differs

from the previous spreadsheet models (Sections 5.2.3 and 5.2.4) in a number of ways.

First, no PSFs or design values are used to calculate resistances, instead each variable

is defined with a PDF which is randomly sampled to obtain a value. Second, the existing

aqueduct segments are no longer considered separately, instead each aqueduct section

type is evaluated for the conditions found in the Boggy River Stretch. ln the previous

spreadsheet models, local conditions for backfill depth and backfill unit weights were

applied to each aqueduct segment. These two parameters are now considered as

variables.

The model has been set up with the following four general categories used in calculating

the terms in the general buoyancy equation (Equation 5-1). The components of the

simulation model shown on Figure 5-19 are described below.

Input variables - defined by PDFs

Fixed values - values specific to each aqueduct section type

Disturbing force - one equation to evaluate the buoyant force (Equation 5-7)

a

a

a
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. Resisting forces - Equations 5-2 to 5-5 are used to evaluate each resisting

force (except the granular ballast term) and the total resisting force. The

value for each input variable is determined by sampling the PDF for that

variable.

o Resisting ratio - Evaluated with Equation 5-8.

. Additional Resisting Force (granular ballast) - this category is used to

determine the minimum depth of granular ballast (Equation 5-6) required to

increase the resisting ratio to 1.0 and to calculate the new total resisting force

and resisting ratio.

lnput Variables

The variables for the model include backfill unit weight (saturated or bulk), crown backfill

depth, shear strength, compacted backfill depth, concrete unit weight, concrete area,

total section area and ballast unit weight (saturated or bulk). Submerged unit weights

were calculated by subtracting the unit weight of water from the sampled value of

saturated unit weight.

Each of these input variables is defined by a PDF that is sampled once per simulation

cycle. Normal or log-normal PDFs were fiüed to the sampled (measured) values for

each of the following variables: backfill unit weights, crown backfill depth, concrete unit

weight and ballast unit weight. Each PDF was truncated to prevent unreasonable values

being used in the simulation. Truncation was necessary because normaland log-normal

PDFs will extend well beyond the range of values that could physically occur. The

truncation points were selected using engineering judgement and knowledge of the site

conditions.

For the two simulation models that used shear strength, the PDFs for shear strength and

compacted backfill depth were based on the PDFs used in the sensitivity analysis

presented in Section 5.1.3. A correlation coefficient of 0.9 was used to relate backfill unit

weight, shear strength and compacted backfill depth. This was done to reduce the

potentialfor high shear strength and compacted depth values from being selected when

the backfill unit weight is low, that is when the backfill is likely organic in nature.
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The triangular PDFs for the concrete area (Figure 5-20) and total section area (Figure 5-

21) are based on the results of the sensitivity analysis Section 5.1.3 that was undertaken

to estimate reasonable maximum and minimum values for these two parameters. For

each aqueduct section type that was analyzed, the maximum and minimum concrete

and total section areas were calculated. The maximum and minimum values were used

as the extreme values in a triangular PDF with the mean value equalto the design value.

The concrete and total section areas were related using a correlation coefficienl of 0.77

(Section 5.1.3) A triangular distribution was selected because little is known about the

true distribution of these two parameters. However, there is likely some variability in the

two parameters and reasonable maximum and minimum values can be estimated based

on expected construction tolerances.

Table 5-8 shows a summary of the probability distributions used in the simulation

models.

Fixed Values

Three parameters used in the buoyancy analysis have fixed values. Two of these

parameters are specific to each aqueduct section type, the maximum aqueduct width

which is used in calculating the crown backfill and ballast weights and the arch leg

backfillvolume which is used to calculate the weight of arch leg backfill. The only other

parameter having a fixed value is the unit weight of water (9.81 kN/m3 ).

Disturbing and Resistinq Forces

The disturbing (buoyant) force and each resisting force were calculated using Equations

5-2to 5-7. During the simulation, these equations are calculated once per simulation

cycle. The value for each variable in the equations was randomly sampled once per

simulation cycle from the corresponding PDF.

Resisting Ratio and Additional Resisting Force

The resisting ratio is calculated once per simulation cycle, using the sum of the individual

resisting forces and the buoyant force. lf the resisting ratio is less than 1.0, a depth of

granular ballast is calculated to provide a resisting ratio equal to 1.0. The unit weight of

ballast is sampled from the PDF defined for this variable.
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Simulation Settinos

Thirty-thousand simulation cycles were completed for of the twelve models. This

number of simulation cycles was selected because it reduced the time to run the

simulation and significantly reduced the size of the output data files while still providing a

stable output. This was tested by running 10 simulations of 30,000 simulation cycles

and 10 simulations of 100,000 simulation cycles. Table 5-9 shows the maximum,

minimum and average values for the probability of the resisting ratio (RR) being less

than 1.0 and the range and average of the required ballast depth having a probability of

being exceeded equal to 0.01 l percent. The results in Table 5-9 also show that

increasing the number of simulation cycles from 30,000 to 100,000 reduces the

difference between the maximum and minimum values for Pr and ballast depth by

approximately 50%. That is, the difference between the maximum and minimum values

for Pr and ballast depth is reduced by 0.189 percent and 0.02 metres, respectively.

From a practical point of view, increasing the number of simulation cycles from 30,000 to

100,000 would not significantly change the depth of ballast chosen for design. In fact,

the design ballast depth chosen for the aqueduct section (BO section) used in this

sensitivity analysis was 0.8 metres, which is equal to or greater than the maximum value

for either scenario. ln addition, the true PDFs for the variables are unknown and

attempting to achieve a tight convergence interval may imply that the probability of

failure is well defined. ln fact, the objective is to achieve a target level of safety. The

number of simulation cycles used for the work presented in this thesis was 30,000.

5.2.5.3 Simulation Results

The amount of statistical data generated by @ Risk Version 4.5 (Palisade 2OO2) for each

simulation is very considerable and is not included in this thesis. A sample of the output

from the BP aqueduct section is provided in AppendixS-2. This section type was

selected because it was the most frequent section type constructed in the Boggy River

Stretch. For allthe other simulations, a summary of the output statistics and a summary

of the simulation results for the resisting ratio, including a histogram, are included in

Appendix 5-3.
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From the perspective of a buoyancy analysis based on reliability methods, the most

important statistics from the simulation include the probability of failure, P1 (defined by

resisting ratio, RR < 1) and the minimum depth of ballast required to provide the target

level of safety, that is â P1 = 0.011"/" that RR < 1 (Figures 5-22 and 5-23, respectively).

The ballast depths corresponding to a probability of 99.989 percent (l00yo - 0.011%)

and 100.0 percent were taken from the output statistics to help determine a practical

design depth. The design depth was subsequently entered into a second simulation

modelfor the respective aqueduct section to determine the corresponding probability of

failure (RR. 1) (Figure 5-24).

The simulation results for each aqueduct section type analysed indicate that there is a

high probability, typically greater than 307o, that buoyancy will occur if the aqueduct is

dewatered. Additional resisting force (granular ballast) is required to reduce the

probability of failure to the target level of safety (Pr = 0.011"/"). A summary of the

probabilities of failure and the ballast depths for both simulations (original conditions and

design values) are presented in Table 5-10.

5.2.5.4 Comparison of Methods

Figure 5-25 compares the minimum ballast depths calculated from the Monte Carlo

simulation and the LSD method using project-specific PSFs (Section 5.2.4). ln general,

the ballast depths are within 50 to 100 millimetres of each other, indicating that both

methods are providing similar levels of safety. Based on the results of the Monte Carlo

simulation, this level of safety is comparable to the target level of safety, that is a

probability of failure of about 0.011 percent. Some of the differences may be attributable

to the rounding down of the calculated RFs to select a design RF

(Table 5-6). Since the design RFs are lower, a slightly higher ballast depth would be

calculated.

There are some subtle differences in the model results. For example, from Mile 85.0 to

Mile 85.5 and from Mile 87.95 to Mile 88.05 the two methods indicate that different

ballast depths are required. The ballast depth from the simulation model is about 200

millimetres for the first area and about 600 millimetres for the second area. ln contrast,
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the ballast depths from the PSF method are zero, except for a short piece near Mile

85.1. The difference in ballast depth is directly attributable to the depths of the crown

backfill. The simulation cycles with resistíng ratios less than 1.0 also had depths of

backfillthat were less than 0.4 metres. However, in these two areas, the measured

depth of backfill over the aqueduct segments is typically greater than 0.65 metres.

Unexpected results from the Monte Carlo simulation can be checked by reviewing the

values used in each simulation cycle. The PSF model utilized these measured depths of

backfill that resulted in sufficient backfill weight to keep the resisting ratio greater than

1.0, that is no ballast was required. The conclusion drawn is that the Monte Carlo

simulation does a good job at modeling the global conditions but the buoyancy model

using PSFs better represents local conditions at each aqueduct segment. This is not a

result of the PSFs used in the analysis but in how the two models were set up. The PSF

model analyzed each aqueduct segment and the simulation model analyzed each

aqueduct section type.

The similarity of the results also indicates that the assumptions made when calculating

the PSFs in Section 5.2.4 are reasonable. These assumptions include: statistical

independence between all variables (a requirement for Equations 2-6 to 2-9), the value

of the separation coefficient (0.6), the value of the safety index (3.5) and the value of the

LF applied to the buoyant force.

5.2.6 Working Stress Design

For comparative purposes and to demonstrate the level of uncertainty in the working

stress design (WSD) method, a fourth buoyancy analysis was completed using this

method. This analysis is considered original work completed by the author for use in this

thesis. lt will be remembered that WSD only requires a single global factor of safety

(GFS). The buoyancy model used for the WSD is simply a copy of the spreadsheet

model used for the PSF analysis in Section 5.2.4. To convert this model to WSD format,

all the PSFs were set to 1.0, the design values for concrete unit weight, undrained shear

strength and granular ballast unit weight remained at the same value. The need for

granular ballast was evaluated for each aqueduct segment with the following equation:
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[5-10] (Total Resisting Force)(GFS) > Buoyant Force

lf the factored total resistance was less than the buoyant force a depth of granular

ballast was calculated to provide the additional resisting force.

The biggest uncertainty here is the value of GFS that should be used. This question

was raised in discussion with several experienced engineers. The responses are

summarized below:

A GFS of 1.1 could be used if the weight of the backfill is ignored in the

stability calculation. That is, only the weight of the aqueduct and the buoyant

force are considered.

A GFS of about 1.3 could be used if the backfill weight is included in the

stability calculation.

One engineer commented that a value of 1.5 would be tried first and if the

required depth of granular ballast seemed unreasonably high a lower GFS

would be used.

There is obviously a lot of variability in the responses. Two questions still remain, what

GFS should be used? and what will the probability of failure be? The only way to

estimate the probability of failure would be to use a simulation model like that shown in

the previous section.

The WSD model was run for a family of safety factors ranging from 1.0 to 1.5. A GFS of

1.25 almost mirrors the ballast depth profile from the PSF method where the PSFs from

the OHBDC (1991) were used (Figure 5-26). This is not a total coincidence because the

most common RF used in that analysis was 0.80 for which the inverse value is 1.25.

The ballast profile required for a GFS of 1.20 is about 100 millimetres less than the

ballast profile for a GFS of 1.25. This indicates that for an increase or decrease in the

GFS of 0.05 the required depth of ballast will change by about 100 millimetres. ln

practice, it is expected that the value of the GFS would be increased or decreased in

increments of 0.1. This would amount to an incremental change of 200 millimetres for

granular ballast depth.
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5.2.7 Discussion

A considerable amount of additional work has been completed for the purpose of this

thesis to gain a larger understanding of limit states and reliability-based design

processes and their applicability to many classes of engineering problems. A listing of

the main components of additional work completed for this thesis is provided below.

. A parameter sensitivity analysis was completed using basic information that

would have been available at the time in the Buoyancy Assessment Program

when the decision was made to determine project-specific PSFs.

o The calculation of the project-specific PSFs has been re-done to reflect the

shape of the probability distributions.

o A sensitivity analysis was completed to determine the influence of each

parameter in the equations used to calculate the PSFs, and to verify that the

assumptions made regarding these parameters were reasonable.

o The variability in concrete area and total section size was incorporated into

the analysis.

. Significantly more work was completed to interpret the results from each of

the analyses.

o A more comprehensive simulation model was developed to verify the analysis

results obtained using project-specific PSFs and to determine if the target

level of safety was provided.

. A WSD analysis was completed to show the potential variability in the

analysis and selection of design values.

A number of objectives were identified in Section 1.3. They are:

1. To show that LSD methods can be successfully applied to non-codified

engineering problems.

2. To show why PSFs from non-related design codes may not be applicable.

3. To show how project-specific PSFs can be developed.

4. To show how reliability-based design methods can be used as an alternative

to the PSF method and to check the results of designs completed with

project-specific PSFs.
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5. To demonstrate the inherent uncertainty in using WSD methods.

6. To demonstrate the importance of engineering judgement in design.

The buoyancy analysis work completed in this chapter demonstrates how well LSD

methods can be adapted to non-codified engineering problems. The remedial repairs to

address buoyancy concerns were completed by September 2001 following which the

aqueduct was shutdown for a period of about 3 weeks, no signs of the development of

buoyancy were observed.

Although the buoyancy analysis completed using the PSFs from the OHBDC (1991)

were not significantly different than the results obtained using project-specific PSFs the

value of the PSFs calculated were significantly different than those in the OHBDC

(1991), as shown in Table 5-7. The thought process and calculations used in calculating

the project-specific PSFs is well documented in Section 5.2.4.

A Monte Carlo simulation was completed to show an alternative limit state or reliability-

based design method that can be used to directly evaluate the target level of safety.

The design depths of granular ballast determined with this method were similar to those

for the two PSF methods indicating they are all providing a similar level of safety.

The potential uncertainty in the level of safety using WSD methods is obvious based on

the discussion in the preceding section and also in the discussion below. The rational

approach used for the LSD methods is well demonstrated in this chapter. When

comparing the work required to evaluate the PSFs and the PDFs used in the different

analyses for this project, the lack of rational thought in selecting a single GFS based on

engineering experience is obvious. The rational process used for the LSD methods

provides a quantifiable target level of safety and provides a good understanding of the

variability involved.

A considerable amount of engineering judgement was used in the LSD-based analyses

and should be evident as the reader advances through Chapter 5. Examples of the

engineering judgement required include, among others, the delineation of a groundwater

profile along the aqueduct, estimating the variability in concrete area and total section

size based on knowledge of original construction practice and some measured values of
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concrete thickness and internal dimensions, the selection of parameters for use in the

shear resistance term of Equation 5-9, the interpretation of the various sensitivity

analysis results and the interpretation of the data measured for the various parameters

in the buoyancy model.

All four of the methods used for the buoyancy analysis can provide reasonably similar

results. lt would be interesting to ask a group of four engineers to complete the

buoyancy analysis using the same information but with each engineer using one of the

four different methods presented in this thesis. The engineers using the three LSD

methods would likely produce similar results because they would be using rational

methods to determine the PSFs and the design values. However, the engineer using

the WSD method could quite easily design a ballast depth profile at least 100 millimetres

above or below the ballast depth profiles obtained from the LSD methods. This is how

much the design depth could vary by changing the GFS by +l- 0.05. lf a GFS of much

more than 1.3 was chosen, the level of safety would be greater than that provided by the

LSD results but would be considerably less economical. lt could also lead to additional

hazard of structuralfailure of the aqueduct. This was a very important aspect of the

work completed, because additional resisting forces were required to reduce the risk of

buoyancy but the structural capacity of the non-reinforced aqueduct was limited.

However, if a GFS much less than 1.25 was used the level of safety drops quite rapidly.

What are the odds that an engineer would have chosen a GFS of 1.25? In any case, the

level of safety could not be quantified using the WSD method.

The three limit state design methods produced similar results. The least rational method

is the one which used the PSFs from the OHBDC (1991). lt is the least rational of the

three methods because no consideration was given to the actual variability of the

different uncertainties in the buoyancy model. The potentialfor error is large when using

PSFs developed for other purposes and having different dispersion statistics.

The other two limit state methods (the LSD method using project-specific PSFs and the

Monte Carlo simulation method) accounted for the uncertainties in rational ways. lt is

noted however, that the probability distributions assumed for the various parameters

may not be normally or log-normally distributed and that this forms a limiting set of

assumptions in the use of these methods, at least for the calculation of the project-
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specific PSFs because that is one of the assumptions made in deriving Equations 2-6 to

2-9. lt is very likely that one or more of the parameters fitted these distributions

reasonably well. The error involved with selecting an inappropriate probability

distribution for a variable diminishes with the number of variables in the model. Others

may have viewed the data differently and may have selected other probability

distributions, this is a subjective matter that can not be standardized.

The Monte Carlo simulation method allows more flexibility from the point of view of being

able to select a number of different probability distributions. These distributions can also

be truncated to prevent unreasonable values from being sampled and used in an

analysis. In addition, the different parameters can be correlated in the event that they

are not statistically independent. This is not possible when using PSFs since that

method assumes that the variables are statistically independent. The Monte Carlo

method also allows sensitivity analyses to be completed and this may help in making

better engineering decisions.

The results of the four different analyses are broadly comparable but the level of

confidence in the results may vary considerably. The LSD method with project-specific

PSFs and the Monte Carlo method provide the best indication of the level of safety

because they directly account for uncertainties in each of the variables.
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6.1

CONCLUSIONS

INTRODUCTION

The work presented in this thesis was undertaken to show that limit states design (LSD)

and reliability-based design methods can be used to solve engineering problems that lie

outside the scope of current design codes. This proposition was successfully tested

through the use of an actual design case that assessed the potentialfor buoyancy of the

Shoal Lake Aqueduct when it was dewatered for maintenance repairs. Three different

LSD methods were used, together with measured data and engineering judgement, to

evaluate the buoyancy potential of the aqueduct. These results were compared with a

WSD analysis to show the degree of uncertainty associated with this latter method.

A number of objectives were listed in Chapter 1 and reviewed in Chapter 5. Results of

the buoyancy analysis show that these objectives have been met.

Chapter 1 proposed the following hypothesis. "A combination of limit states design

(including reliability-based design methods) and good engineering judgement can

provide technically sound, economic solutions to many classes of engineering problems,

particularly problems involving remediation of existing infrastructure." The following

conclusions can be made.

CONCLUSIONS

Engineering judgement is an essential component of design, no matter what

design method is used.

Limit states design using reliability methods provide a rational means of

evaluating different limit states, partial safety factors, design values and

comparing the relative benefits of different designs.

Simulation models (such as the Monte Carlo Method) provide more flexibility

than the partial safety factor method especially when combining various

parameters, provided sufficient data are available.

1.

2.

3.
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4. Reliability-based designs produce increased confidence that limit states will

not be exceeded, resulting in more reliable performance, and/or decreased

project costs.

6.3 RECOMMENDATIONS FOR FURTHER WORK

The work undertaken in this thesis focussed on buoyancy assessment of the Shoal Lake

Aqueduct. The work has shown that LSD methods can be applied to this problem.

Additional work is required to confirm and promote the use of LSD to geotechnical

engineers. These recommendations are summarized below.

1. Development of geotechnical models that are consistent with LSD

methodology in that they evaluate ultimate limit states using strength

equations and evaluate serviceability limit states using strain or deformation

equations.

2. Development of site characterization procedures that will provide more a

consistent level of site information.

3. Development of experience-based databases for geotechnical parameters

that can be used to supplement site investigation results.

4. Education of engineering students and practicing engineers as to the

application of LSD methods and to show how uncertainties in design can be

accounted for using probabilistic and reliability-based methods.

122



REFERENCES

AASHTO, 1994. AASHTO LRFD bridge design specifications, First edition, American
Association of State Highway and Transportation Officials.

Alen, C. and Jendeby, L., 1993. Design value of the bearing capacity for a friction pile at
a given risk level. /n Proceedings of the lnternational Symposium on Limit State
Design in Geotechnical Engineering, Copenhagen, May 26-28. Sponsored by lhe
Danish geotechnical Society. Vol. 1, pp.91-100.

Allen, D.E., 1975. Limit states design - a probabilistic study. Canadian Journal of Civil
Engineering,2:36-49.

Ayyub, B.M. and McOuen, R.H., 1997. Probability, statistics, and reliability for
engineers. CRC Press LLC, New York.

Baecher, G.B. and Christian, J.T., 2000. Natural variation, limited knowledge, and the
nature of uncertainty in risk analysis. 25th Anniversary Engineering Foundation
Conference on Risk and Uncertainty in Water Resources Engineering, Santa
Barbara, October 2000.

Becker, D.8., 1996a. Eighteenth canadian geotechnical colloquium: limit states design
for foundations. Part l. An overview of the foundation design process. Canadian
Geotechnical Journal, 33: 956-983.

Becker, D.E., 1996b. Eighteenth canadian geotechnical colloquium: limit states design
for foundations. Part ll. Development for the National Building Code of Canada.
Canadian Geotechnical Journal, 33: 984-1 007.

Becker, D.E., Burwash, W.J., Montgomery, R.A.and Liu, Y., 1998. Foundation design
aspects of the Confederation Bridge. Canadian GeotechnicalJournal, 35: 750-768.

Bengtsson P.E. et al., 1993. A comparative study on limit state design and total safety
design for shallow foundations. /n Proceedings of the International Symposium on
Limit State Design in Geotechnical Engineering, Copenhagen, May 26-28.
Sponsored bythe Danish Geotechnical Society. Vol. 1 , pp. 13-22.

Boden, 8., 1981 . Limit state principles in geotechnics. Ground Engineering, 14 (6):2-7.

Bolton, M.D., 1981. Limit state design in geotechnical engineering. Ground
Engineering, 14 (6): 39-46.

Bolton, M.D., 1993. What are partial factors for?. /n Proceedings of the lnternational
Symposium on Limit State Design in Geotechnical Engineering, Copenhagen, May
26-28. Sponsored bythe Danish geotechnical Society. Vol. 3, pp. 565-583.

Bowles, J.E., 1968. Foundation analysis and design, First edition, McGraw-Hill lnc.,
New York, NY.

123



CEN, 1992. Geotechnical design, general rules. european committee for standardization
(CEN), Eurocode 7. Danish Geotechnical lnstitute, Copenhagen.

CH2M Gore and Storrie, 1998. Shoal lake aqueduct condition assessment report for the
city of winnipeg water and waste department (draft#l).

' Chase, W.G., 1920a. Construction features of the water works of the Greater Winnipeg
Water District. Proceedings, Annual American Water Works Association Convention,
Montreal, Canada, June 1920. City of Winnipeg, Water and Waste Department,
Resource Centre.

Chase, W.G., 1920b. Notes and instructions for the guidance of the staff responsible for
the care and operation of the aqueduct supplying water to the communities
comprising the Greater Winnipeg Water District. City of Winnipeg, Water and Waste
Department, Resource Centre.

City of Winnipeg, 1965. Report on shoal lake aqueduct. City of Winnipeg, Water and
Waste Department, Resource Centre.

CSA, 2000. Canadian highway bridge design code (CHBDC). Standard
CAN/CSA-S6-00, Canadian Standards Association, Rexdale, Ontario.

Day, R.A., 1997. Structural limit states design procedures in geomechanics. Bridging
the millenia, Proceedings of the Ausroads 1997 Bridge Conference, Sydney, G.J.
Chirgwin ed. 1, 275-286.

D"y, R.4., 1998. Limit states design in geotechnical engineering - consistency,
confidence or confusion?. Unpublished.

Fleming, W.G.K., 1989. Limit state in soil mechanics and the use of partial factors.
Ground Engineerin g, 22 (7): 34-35.

Fueñes, J.H., 1920. The basic principles used in the designs for the new water supply
works of Winnipeg, Manitoba. Proceedings, Annual American Water Works
Association Convention, Montreal, Canada, June 1920.

Gore and Storrie, 1995. Buoyancy assessment program. Working paper no. 1 (draft),
phase 1. Buoyancy assessment from mile 82 to intake. Assessment and
rehabilitation of the shoal lake aqueduct.

Green, R. and Becker, D.E., 2000. National report on limit state design in geotechnical
engineering: Canada. LSD2000: lnternational Workshop on Limit State design in
Geotechnical Engineering, Melbourne, Australia. November 1 8, 2000.

Gritfin, D. and Morgan, D., 1998. - A new water projection model accounts for water
efficiency. Western Canada Water and Wastewater Association Conference,
Calgary, Alberta, October 1998.

GWWD, 1907. Report on a new water supply for the city of winnipeg manitoba. City of
Winnipeg, Water and Waste Department, Resource Centre.

124



GWWD, 1914. Contract Numbers 30, 31 , 32, 33, and 34. Greater Winnipeg Water
District. For construction of aqueduct from Shoal Lake. City of Winnipeg, Water and
Waste Department, Resource Centre.

GWWD, 1917. The development of the plan for supplying water to the various
municipalities forming the Greater Winnipeg Water District, City of Winnipeg, Water
and Waste Depaftment, Resource Centre.

GWWD, 1918. Aqueduct construction scheme, what it is, what it means. City of
Winnipeg, Water and Waste Department, Resource Centre.

GWWD, 1919. Drawing P-180 - Contract 34, Profile of aqueduct as constructed. City of
Winnipeg, Water and Waste Department.

MacGregor, J.G., 1975. Safety and limit states design for reinforced concrete.1978-79
National Lecture Tour. Sponsored by the Structural Division of the Canadian Society
for Civil Engineering and the Portland Cement Association.

Manitoba Department of Energy and Mines. Surficial Geological Map of Manitoba, Map
81-1.

Meyerhof, G.G., 1984. Safety factors and limit states analysis in geotechnical
engineering. Canadian Geotechnical Journal, 21:. 1-7.

Meyerhof, G.G., 1995. Development of geotechnical limit state design. Canadian
Geotechnical Journal, 32: 128-1 36.

Ministry of Transportation of Ontario, 1983. Ontario Highway Bridge Design Code
(OHBDC). 2nd ed., Downsview, Ont. Two vols.

Ministry of Transportation of Ontario, 1991. Ontario Highway Bridge Design Code
(OHBDC). 3'd ed., Downsview, Ont. Two vols.

Morgenstern, N.R., 1995. Managing risk in geotechnical engineering. Proceedings of Xth
Panamerican Conference on Soil Mechanics and Foundation Engineering,
Guadalajara, Mexico, Vol.4, 1996.

NRC, 1975. National building code of canada (NBCC). National Research Council of
Canada, Ottawa, Ontario.

NRC, 1995. National building code of canada (NBCC). National Research Council of
Canada, Ottawa, Ontario.

Oliphant, J., 1993. A proposed limit state design approach for geotechnical design. ln
Proceedings of the lnternational Symposium on Limit State Design in Geotechnical
Engineering, Copenhagen, May 26-28. Sponsored by the Danish geotechnical
Society. Vol. 1 , pp. 41-49.

Orr, T.L.L. and Farrell, E.R.,2000. Geotechnicaldesign to Eurocode 7. Springer-Verlag
London Limited 1999.

125



Ovesen, N.K., 1981. Towards a european code for foundation engineering. Ground
Engineerin g, 1 4 (7): 25-28.

Palisade Corporation, 2002. @Risk Version 4.5 Professional. Risk analysis and
simulation add-in for Microsoft Excel, Version 4.5. Newfield, New York.

Palisade Corporation, 2OO2a. BestFit. Probability distribution fitting software, add-in for
Microsoft Excel. Newfield, New York.

Phoon, K.-K., Kulhawy, F.K. and Grigoriu, M.D. , 1993. Observations on reliability-based
design of foundations for electrical transmission line structures. /n Proceedings of
the International Symposium on Limit State Design in Geotechnical Engineering,
Copenhagen, May 26-28. Sponsored by the Danish Geotechnical Society. Yol. 2,
pp.351-362.

Phoon, K.-K. and Kulhawy, F.H., 1999. Characterization of geotechnical variability.
Canadian Geotechnical Journal, 36:- 612-624.

Ravindra, M.K., and Galambos, T.V., 1978. Load and resistance factor design for steel.
Journal of the Structural Division, ASCE, Vol. 104, No. ST9, September 1978, pp.
1337-1353.

Semple R.M., 1981. Partial coefficient design in geotechnics. Ground Engineering, 14
(6):47-48.

Simpson, 8., Pappin, J.W. and Croft, D.D., 1981. An approach to limit state calculations
in geotechnics. Ground Engineering, 14 (6):21-26.

UMA Engineering, 2000. Assessment and rehabilitation of the shoal lake aqueduct.
Buoyancy assessment program. Geotechnical investigation Mile 85 to Mile 95.
Working paper 18.

UNIES Ltd., 1998. GWWD aqueduct project - Boggy river flood potential along right of
way, mile 85-89.

UNIES Ltd., 1999. GWWD aqueduct project - Snake lake buoyancy assessment, mile
93.5 to 97.5.

Vesic, F., 1971, Breakout resistance of objects embedded in ocean bottom. Journal of
the Soil Mechanics and Foundations Division, ASCE, Vol. 97, No. SM9, September
197'1, pp. 1183-1205.

126



TABLES

127



Table 2-1. Approximate relationship between safety index and
probability of failure.
(MacGregor 1975 and Becker 1996b)

Safety lndex, B Probability of Failure

(log-normal distribution)

1.0 0.159

1.28 0.100

1.64 0.050

2.00 0.023

2.32 0.010

3.0 1.35x10-"

3.5 1.1xl0*

4.O 3.2x10-'

4.5 3.3x10-'
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Table 3-1. Summary of aqueduct sections constructed between Mile 85.0 and the lntake.

'NOTE: . first letler of sæütr type rofêrs to the lnternal sizo of he plp€
- sæmd lotlêr of sætø type refers to ho styls of lru€rt 6ed.
- thkd lett€r of section typ€ r€fers to a sllghüy thlck€ned ach.
- 'B' sætü coretræt€d b€twæn Mlle 85.0 md Mtls 86.98, L = 3,186 mebæ
- 'R' sælim cmbucted b€twæn Mllê 86.98 and Mlle 89.09, L = 3,395 metræ
- 'S'sæütr constrætêd b€twæn Mile 89.09 úd Mlle 97.517 (lntaks), L = t3,562 mebæ
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Table 4-1. Summary of forces for 60 percent submergence of the aqueduct. Assumes
no backfill weight or backfill shear resistance.

Section

Type"

Aqueduct

Self-Weight, W

(kN/m)

Buoyant

Force, B

(kN/m)

Ratio Of

Forces,

(W/B)

BO 45.3 47.8 0.95

RO 45.6 46.5 0.98

SO 65.1 65.8 0.99

"Three general section sizes used between Mile 85 and the lntake at Mile 97.5.
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Table 4-2. Summary of measured concrete core thicknesses.

Core No. Aqueduct

Mileage

Section

Type

Thickness (millimetres)

Measured Design Difference

s232 95.680 SE 276 183 94

S362-a 94.585 SE 229 177 52

s362-b 94.585 SE 191 177 14

S700-a 91.746 SE 236 165 71

s700-b 91.746 SE 141 165 -24

S700-c 91.746 SE 185 165 20

s701 91.738 SE 170 165 5

s923 89.853 SR 191 178 13

R130 88.009 RE 278 287 -9

Rl29 88.009 RE 179 177 2

R213-a 87.295 RRM 355 287 68

R213-b 87.295 RRM 571 244 327*

81047-a 86.595 BP 301 299 2

81047-b 86.595 BP 234 244 -10

81159-a 85.643 BO 322 299 23

81159-b 85.643 BO 159 177 -18

81162-a 85.617 BO 315 305 10

81162-b 85.617 BO 177 177 0

Average* 18.4

Maximum* 94

Minimum -24

*Note: measurement difference for core no. R213-b not included in statistics.
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Table 4-3. Summary of measured internal dimensions. Figure 4-14 shows the
measurement locations inside the aqueduct.

lnside

Height

lnside

width

Diagonal

(d1)

Diagonal

(d2)

(millimetres) (millimetres)
S - Section

Design Value. 2743 3242 3297 3297
Measurements 338 338 338 338
Averaqe 2747 3244 3288 3286
Difference From Desiqn +4 +2 -9 -11

Standard Deviation 14.7 24.9 19.8 18.8
Coefficient of Variation 0.00s35 o.oo767 0.0060 0.0057

R - Section
Desiqn Value 2276 2670 2693 2693
Measurements 55 55 55 55
Average 2283 2688 2698 2700
Difference From Desion +7 +18 +5 +7
Standard Deviation 10.7 13.5 15.5 16.2
Coefficient of Variation 0.00469 0.00502 o.oo574 0.006

B - Section
Desiqn Value 2251 2637 2659 2659
Measurements 50 50 50 50
Averaqe 2257 2666 2671 2673
Difference From Desiqn +6 +29 +12 +14
Standard Deviation 8.4 10.2 12.4 15.2
Coefficient of Variation o.oo372 0.00382 0.00464 0.00568
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Table 5-1. . Probability distributions used in parameter sensitivity analysis.

Parameter Distribution

Tvpe

Mean std.

Dev.

Max. Min,

T sat. bac¡1is (kN/m") Normal 15.5 3.0 23.0 10.0

Crown backfill depth (m) Normal 0.9 0.3 1.5 0.2

Shear strength (kPa) Normal 21.0 11.4 50.0 0.0

Compacted backfill depth (m) Normal 0.9 0.4 1.2 0.0

T concrete ßN/ma) Normal 22.5 0.79 25.O 20.0

Concrete area (m=) Triangular 1.94 N/A 2.33 1.56

Total section area (m") Triangular 6.58 N/A 6.79 6.38
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Table 5-2. BO aqueduct section - Sensitivity analysis results for concrete area and total section area.

Case Total
Section

Area

lm2l

A
B

lnside
Area

lm2ì

c
D

E

6.54

F

6.79

(joncrete

Area

lm2ì

u

6.38

H

6.58

4,6¿

6.58

4.6r

Note: calculated correlation coetf¡cient between total section area and concrete a¡ea = O.77

6-79

4.64

Aqueduct Weight

6-38

4.81

6.38

4.46

1.91

T corcrere = 23.35

470

4.45

2.1e

lkN/ml

4.42

1.71

4.41

1

45 :{5

¿

ao 37

1

o/^nf dosinn

40 49

1_!

41.30

1

49

1

Buoyant
F^r â

1.0c

54 41

T mter = 9.81

46 3i

36.44

1.11

/kN/mì

ôAq
oo1

64 53

66 56

1.0e

o/^nf daqian

62 56

'1.2c

oan

64 5:

0.98

64 53

RR = self wUbuov force

Resisting
Ratio. RR

1.02

1.0(

66 56

1.0f

62 56

O C¡]

62 5,ê,

FIFI

66 56

1.0(
1.0(

o.70

1.0Í

o/^ôf .lâciñn

0.76

oq7

0.65

oo7

0.64

1.0Í

0.77

1.00

o.82

1.08

0.58

d¡mensions as per design

0.92

o.7'l

inside area as per desiqn, outside shell otfset 25.4 mm outward

0.91

ñ7n,

inside area as per des¡on, outside shell offset 25.4 mm inward

1.09
outside area as per desiqn, inside shell offset 25.4 mm outward

1.1

outside area as per desiqn, inside shell offset 25.4 mm inward

0.83
outside shell otfset 25.4mm outward, inside shell otfset 25.4mm inward

1.0
outside shell otfset 25.4mm inward, inside shell otfset 25.4mm outward

ôoq

Comments

both shells otfset inward 25.4mm
both shells otfsêt outwârd 25.4mm
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lnput Parameter Regression Coeff icient Correlation Coefficient

(with shear) (no shear) (with shear) (no shear)

Sq. of Correlation Coeff. (R') 0.980 0.981 N/A N/A

I 
""t. 

u""niir (kN/m3) 0.465 0.927 '0.959
0.935

ihear strength (kPa) o.427 N/A 0.952 N/A

]rown backfill depth (m) 0.131 0.302 0.117 o.284

)ompacted backfill depth (m) 0.119 N/A 0.943 N/A

loncrete area (m") 0.079 0.181 0.058 0.141

I concrere (kN/ms) 0.035 0.079 0.038 o.072

Iotalsection area (m') -0.033 -0.052 0.035 0.081

Table 5-3. Regression and correlation analysis results for the parameter sensitivity
analysis. The results indicate how strong the input variables are related
to the resisting ratio.
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Table 5-4. Statistics for the input and output variables from the parameter sensitivity
analysis.

Min. Max. Mean std.

Dev.

Coeff.Of

Variation

lnput Variables

.T sat. backrir ftN/ms) 10.00 22.99 15.68 2.70 o.172

Crown backfill depth (m) o.20 1.50 0.89 o.27 0.303

Shear strength (kPa) 0 49.98 21.68 10.29 o.474

Compacted backfill depth

(m)
0 1.20 0.76 0.28 0.368

T concrete (kN/m') 20.00 24.99 22.50 o.78 0.035

Concrete area (m') 1.56 2.33 1.94 0.16 0.082

Total section area (m') 6.38 6.79 6.58 0.08 0.012

Output (Forces)

Crown backfillweight

(kN/m)
0.19 69.98 19.13 10.88 0.569

Arch leg backfill weight

(kN/m)
0.65 45.09 20.07 9.23 0.460

Shear resistance (kN/m) 0 119.95 37.94 26.80 0.706

Aqueduct weight (kN/m) 32.59 56.36 43.73 3.86 0.088

Total resisting force (kN/m) 36.55 275.39 120.86 44.48 0.368

Resisting ratio o.57 4.27 1.87 0.69 0.369
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Table 5-5. Partial safety factors obtained from the OHBDC (1991).

Variable PSF Symbol

(Equation 5-9)

PSF

Backfillweight Qbacktill 0.80*

Backfill shear resistance Gn"", 0.50

Aqueduct weight Oconcrete 0.90*

Granular ballast weight 0¡"tl""t 0.80*

Buoyant force CX, . 1.05*

"From OHBDC Third Ed., Table 2-5.1 (b)

0 = resistance factor
a = load factor

137



Table 5-6. Project-specific partial safety factors.

PSF based on engineering judgement

0 = resistance factor
a = load factor

Variable Coefficient

Of Variation

Probability

Distribution

PSF

Calculated

PSF

Design

TConcrete 0.017 Normal 0 = 0.965 0 = 0.95

fsubmerged ballast 0.054 Normal 0 = 0.887 0 = 0.85

Tbulk baltast o.024 Normal Q = 0.949 0 = 0.95

y'submerged backfill 0.728 Log-normal þ = 0.217 0 = 0.20

Tbulk backfill 0.191 Log-normal 0 = 0.670 Q = 0.6s

Shear strength N/A N/A Q = o.5o* Q = 0'50.

Buoyant force N/A N/A cr = 1.05* cr = 1.03*
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Table 5-7. Summary of the buoyancy analysis parameters used with the partial
safety factor methods.

0 = resistance factor
cr = load factor

Analysis OHBDC Project-Specif ic

Variable Units
Mean/Design

Value
PSF

Mean/Design

Value
PSF

TOoncrete (kN/ms) 22.50 0 = 0'90 23.35 0 = 0.9s

'l/submerged ballast (kN/m") 8.19 0 = 0.80 8.19 0 = 0.85

Tbulk baltast (kN/m3) 14.40 Q = 0.80 14.40 0 = 0.95

'/submerged backfill (kN/ms) Varíable 0 = 0'80 Variable 0 = 0.20

Tbulk backf¡ll (kN/m3) Variable 0 = 0.80 Variable 0 = 0.65

Shear Strength (kPa) 12.O S = 0.50 12.0 Q = 0.50

Buoyant Force

(total section area)
(m')

As per

design
a = 1.05

As per

design
a = 1.03
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Table 5-8. Probability distributions of the input parameters used in the monte carlo
simulation.

Parameter Distribution

TyPe

Mean std.

Dev.

Min Max

I sat. backr¡ll (kN/m') Log-normal 13.32 2.92 10.0 20.0

Crown backfill depth (m) Normal 1.08 0.27 0.15 2.O

Shear strength (kPa) Normal 21.0 11.4 10.0 40.0

Compacted backfill depth (m) Normal 0.9 0.4 0.30 1.20

I concrete (kN/m3) Normal 23.35 0.39 21.0 25.0

Concrete area (m') Triangular 1.94 N/A 2.33 1.56

Total section area (m') Triangular 6.58 N/A 6.79 6.38

]burk barast (kN/ma) Normal 14.36 0.35 12.3 16.3

%ar. ba¡ast (kN/m.) Normal 18.02 0.45 16.0 20.0
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Table 5-9. Variation in the simulation results using 30,000 and 100,000
simulation cycles. Summary of probabilities for a resisting ratio less
than 1.0 and the corresponding depth of ballast required to provide a
resisting ratio of 1.0.

30,000 simulation cycles 100,000 simulation cycles

Pf (%) thar

RR<1.0

Ballast

Depth (m)

Pr (%)that

RR<1.0

Ballast

Depth (m)

Maximum 49.760 0.801 49.726 o.794

Minimum 49.406 0.746 49.561 0.760

Difference 0.354 0.055 0.165 0.034

Average 49.630 0.772 49.618 0.776
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Table 5-10. Monte carlo simulation results - lnitial simulation shows the probability
of failure (RR<1.0) that the resisting ratio is less than 1.0 and the
minimum depths of ballast required to provide a resisting ratio of 1.0.
The final simulation results show the probability of failure (RR<1.0) for
the design depth of ballast.

Aqueduct

Section

lnitial Simulation

(original conditions)

Final Simulation

(design values)

RR*<1 Minimum Ballast Depth

(m)

Design Ballast

Depth (m)

RR*<1

P1 f/") P =99.989% P=100% Pt P/")

BO 49.56 o.76 0.78 0.80 0.007

BP 33.56 0.61 0.64 0.65 0.003

BPM 27.82 o.57 0.61 0.60 0.007

RA 38.48 0.72 0.75 0.75 <0.011

RE 36.59 0.63 0.65 0.65 0.007

RG 0.143 0.09 0.13 N/A

RPM 29.60 0.58 0.60 0.60 0.010

RRM 12.83 0.49 0.53 0.50 0.003

BO-bulk* 0.19 0.15 0.21 0.20 <0.011

RA-shear* 5.04 0.48 0.54 0.55 <0.011

RE-bulk* 0.067 0.07 0.10 N/A

RE-shear* 5.82 0.46 0.51 0.50 <0.011

*Notes: BO-bulk denotes modelwhere bulk crown backfillweights are used

RA-shear denotes model where shear resistance included.

RR = resisting ratio

"" - see Section 5.2.5.3 for additional information.
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Figure 2-1 Risks for selected natural events and engineering
p@ects designed in keeping w¡th current practice.
(from Becker 1996a)
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Figure 3-2. Falcon river diversion.
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Figure 3-4. Pre-cast pipe segment in shored trench.
(Construction Photograph No. 669)

Figure 3-5. Cut and cover construction. (Construction Photograph No. 552)
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Figure 3-6. Pre-cast pipe segment used to construct the Branch 1 Aqueduct.
(Construction Photograph No. 667)

Figure 3-7. Aqueduct section consisting of an arch and invert.
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Figure 3-8. lnverted drainage siphon used to maintain drainage paths perpendicular to the alignment of the aqueduct.
(From GWWD Drawing D-gZ7)
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Figure 3-9. Typical arch stresses and bearing loads for the aqueduct.
(from GWWD Drawing D317)
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Figure 3-10. Typical aqueduct section used in 1915. The invert is 150
millimetres thick and is non-reinforced. The invert section
shown is also referred to as the standard or'O'type invert.
(from GWWD Drawing B-128)

Figure 3-11. Widened invert slab, used in 1916, to reduce the
foundation bearing pressure. This invert type was used on
all solid foundations, whether compressible or not. (from
GWWD Drawing D-334)
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Figure 3-12. Widened and reinforced invert slab used in 1916 on all
questionable foundation soils. (from GWWD Drawing D-334)

Figure 3-13. lnvert testing program undertaken in 1916.
(Construction Photograph No. 581)
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Figure 3-14. Three invert sections used for construction in 1917 and
1918 based on the results of the invert testing program
from 1916. The inverts in this figure are for the 'B'
aqueduct section. The same invert shapes were used for
all the aqueduct section types constructed in 1917 and
1918. The 'A' invert section was used on what was
considered to be the 'worst'foundation conditions; the 'E'
invert was used where the foundation conditions were
considered to be'better than the worst, but poorer than the
best'; and the 'O' invert section was used on what was
considered to be the 'best'foundation conditions. (from
GWWD Drawing 8-304)
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Figure 3-15. Special gravity invert used to prevent buoyancy. The thickness of the invert was sometimes reduced if a foundation
soil of low permeability was encountered before the full depth of the invert was excavated.
(from GWWD Drawing 8-291)
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FÍgure 3-16. Cast-in-place inverts constructed in 4.57 metres lengths.
(Construction Photograph No. 418)

Figure 3-17. Arches cast-in-place using steelforms. The arch
segments were cast in 13.7 metres lengths that covered
three, 4.57 metres invert segments.
(Construction Photograph No. #91 6)
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Figure 3-18. Compacting backfill beside the lower extremity of the arch leg.
(Construction Photograph No. 629)

Figure 3-19. Steep trench side slopes (3V:1H) were excavated where
possible. Side slopes were flattened to 1V:1H when loose or
soft soils were encountered.
(Construction Photograph No. 919)
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Figure 3-20. Approximately 1.0 to 1.5 metres of base heave in the
aqueduct trench, Mile 85.5. Note the spoil banks adjacent
to the excavation. (Construction Photograph No. 334)

Figure 3-21. Slope failure of the aqueduct trench near Mile 90.
(Construction Photograph No. 360)
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Figure 3-22. Groundwater piping into the base of the aqueduct trench at Mile 97.2.
(Construction Photograph No. 373)
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Figure 3-23. Method used to establish a'firm'foundation when groundwater piping conditióhs were
encountered. (from GWWD Drawing A-376)
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Figure 3-24. Wooden box drains installed just below grade to help control
groundwater seepage. (Construction Photograph No. 442)

Figure 3-25. Box drain and offtake to drainage sump.
(Construction Photograph No. 494)
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Figure 3-26. Slope failure of the aqueduct trench near Mile 92.S.
(Construction Photograph No. 920)

Figure 3-27. Timber pile foundation used where 'flowing clays'were
encountered. (from GWWD Drawing 8253)
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Figure 3-28. Sand and gravel backfill used where the trench was over-
excavated to remove organic soils.
(Construction Photograph No. 190)

Figure 3-29. Predicted population growth for Winnipeg in the
early 1900's. (from GWWD Drawing A-700)
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Figure 3-30. Predicted versus actual population and average daily water demand (ADD). The aqueduct capacity was
developed in stages as the average daily water demand increased.
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Figure 4-1. Sub-surface profile and detailed test hole locations.
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Figure 4-2. Aqueduct profile and detailed test hole locations.



Figure 4-3. Minimum degree of aqueduct submergence required for
buoyancy to occur is about 60 percent of the maximum
external height.

Simplified force diagram showing the resisting forces and
the net upward hydrostatic or buoyant force.
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Figure 4-4.
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Figure 4-5' The buoyant force acting on the aqueduct changes with increasing degrees of submergence. The buoyant force
is approximately equalto the weight of the aqueduct when it is about 60 percent submerged. The maximum
buoyant force is generated when the water level is equal to or higher than the top of the ãqueduct.
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Figure 4-6. Typical locations of the backfill test holes.

Figure 4-7. Typical site conditions in the Boggy River Stretch
(Mile 85.0 to Mile 88.5).
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Figure 4-8. Typical site conditions in the Summit Stretch (Mile 88.5 to
Mile 93.5). The higher ground levels on either side of the
ditches are a result of not backfilling the original excavation
to natural grade.

Figure 4-9. Typical site conditions in the Snake Lake Stretch (Mile 93.5
to Mile 97.5).
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Figure 4-10. Histogram of saturated bacHill unit weights measured between Mile 85.0 and Mile g5.0. These measurements
were used to develop the relationship between dry unit weight and water content shown in Figure 4-11.
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Figure 4-1 1. Relationship between dry backfill unit weight and water content determined using non-linear regression
analysis.
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Figure 4-13. Histogram of saturated concrete unit weights measured from the concrete cores taken between Mile 85.6 and
Mile 95.7.
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Figure 4-14. Diagram of the locations where internal measurements
used in the buoyancy analysis work were taken.

176



500

450

400

350

! soo
cI zso
Eo
È eoo

150

100

50

0
4

0-0.25 0.25- 0.50 0.50 -0.75 0.75 - 1.00 1.0- 1.25 1.2s-1.50 1.50 -1.7s 1.75-2.00 2.OO- 2.25 2.25-2.50

Crown Backfill Depth (metres)

Figure 4-15. Histogram of the crown backfill depths determined from the profile survey of the backfill berm.
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Figure 4-16. Groundwater profile delineated from survey data taken in the Boggy River Stretch (Milê 85.0 to Mile Bg.5).
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Figure 4-17. Details of the helical screw type anchors used in the soil
anchor testing program.
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Figure 4-18. Typical site conditions at the trial ballasting site. Note the
geotextile in the background used as a separation layer
between the original backfill soils and the granular ballast.

Figure 4-19. Placing granular ballast on the aqueduct at the trial
ballasting site. Note the monitoring instrumentation
located along the centreline of the aqueduct and the
instrumentation offset from centreline (Section 4.10).
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Figure 4-20. Placing granular ballast in the Boggy River Stretch (Mile
85.0 to Mile 88.5). Construction was completed during the
winter season due to difficult site access.
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Figure 5-1. Resisting ratio profiles with and without granular ballast determined using the partial safety factors from the
.HBDC (1991). 
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Figure 5-2. Profiles_ of the depths of granular ballast (minimum and design) determined using the partial safety factors from the
oHBDC (1eel).
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Figure 5-5. Relationship between the reliability index, p and the calculated resistance factor, Q for each of the variables included
in the buoyancy analysis.
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Figure 5-6. Relationship between the separation function, e and the calculated resistance factor, O for the each of the variables
included in the buoyancy analysis.
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Figure 5-7. Relationship between the coefficient of variation and the resistance factor, Q calculated using Equations 2-7 and
2-9.
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Figure 5-8. Resisting ratio profiles with and without granular ballast determined using project-specific (P-S) partial safety
factors.
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Figure 5-9. Profiles of the depths of granular ballast (minimum and design) determined using project-specific (P-S) partial
safety factors.
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Figure 5-10. Comparison of the resisting ratio profiles from the two buoyancy analyses completed using partial safety factors.
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Figure 5-11. Comparison of the profiles of the minimum depths of granular ballast determined from the two buoyancy
analyses completed using partial safety factors.
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Figure 5-12. Comparison of the profiles for the backfill weights calculated using the project-specific (P-S) partial safety factors
and those from the OHBDC (1991).

85.0

L-

86.0 87.0

Aqueduct Mileage

ir
,¡ rl
lr
t-J

r¡
¡! |
, li;it

rrli
-Ìi;¡l-------

il '

88.0

193

89.0



140

120

E> 100
5
0l

Ë80
G
o'6 60otr
E40oF

20

0

84.0

Figure 5-13. Comparison of the profiles for the total resistance calculated using the project-specific (P-S) partial safety factors
and those from the OHBDC (1991).
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Figure 5-14. Comparison of the profiles for the depths of granular ballast selected for final design. The design depths were
based on the minimum depths of granular ballast that were calculated using the project-specifiC(p-S) partial
safety factors and those from the OHBDC (1991).
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Figure 5-15. Normal probability distribution function fitted to data for the depths of crown backfill.
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Figure 5-16. Normal probability distribution function fitted to data for the unit weight of granular ballast.
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Figure 5-17. Log-normal probability distribution function fitted to data for the unit weight of backfill.
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Figure 5-18. Normal probability distribution function fitted to data for the unit weight of concrete.
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'ANCY ASSESSMENT
Monte Garlo Simulation Model

BP Aqueduct Section (no shear reslstance)

Reliability = 1 .1xl0* (0.01 170)

Saturated backfill unit wt. =
Backfill dePth =

Shear strength =
Compacted depth =

Concrete unit weight =
Concrete area =

Total section area =
Saturated ballast unit weight =

12.95
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0.00
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Maximum aqueduct width = 4.06
Archleg backfill volume = 4.11

Unit weight of water = 9.81
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Buoyant Force =

Crown backfill wt =
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76.45

kN/m
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Arch leg backfill wt =
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Aqueduct self wt =

Total Resisting Force =

Resisting Ratio = 1.15 Total Resist. Force ouþul
Buoyant Force

Additional Resistinq Force (qranular ballast):

Minimum depth of ballast required =
New Total Resisting Force =

New Resisting Batio =

0.00
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Figure 5-19. Typical set up of a monte carlo simulation model used for the buoyancy
analysis.
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Figure 5-20. Typical triangular probability distribution function used to estimate the variability of concrete area for each
aqueduct section analyzed using monte carlo simulation. This distribution is for the 'BP' aqueduct section.
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Figure 5-21. Typical triangular probability distribution function used to estimate the variability of total section area for each
aqueduct section analyzed using monte carlo simulation. This distribution is for the 'BP' aqueduct section.
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Figure 5-22. Distribution of resisting ratios calculated for the BP aqueduct section over 30,000 simulation cycles. The
probability that the resisting ratio is less than 1.0 is 33.5 percent.
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Figure 5-23. Distribution of the depths of granular ballast calculated for the 'BP' aqueduct section using 30,000 simulation
cycles. The depths represent the amount of granular ballast required to provide a resistiñg ratio of 1.0.
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Figure 5-24. Distribution of resisting ratios calculated for the 'BP' aqueduct section including the weight of granular ballast
(design depth = 0.65 metres). The probability that the resisting ratio is less thãn 1.0 ¡s õ.OOg þercent. The
target probability of failure (Pr = 0.011%) corresponds to a resisting ratio of 1.017.
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Figure 5-25. Comparison oJ the profiles of the minimum depths of granular ballast determined using project-specific (p-S)
partial safety factors and Monte Carlo (MC) simulation. The depths of ballast are the min¡mum ciepths
required to provide a resisting ratio of 1.0.
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Figure 5-26. Comparison of the minimum depths of granular ballast calculated using the limit state design method using
PSFs from the OHBDC (1991) and using the working stress design method with a globalfãctor of safety =1.25. 
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APPENDIX 4-1. Test hole logs.
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PROJECT: AQUTDUCT BUOYANCY PROGRAM DRILLED BY: PADD0CK DRILIING BOREHOLE N0: 1

CLITNI GORE & S i0RRtt/crry 0F \tfrNNtPEc DRILL IYPE: l'rlOB|LE 861 C7llV 200mmHS AUGE PROJICT NO: +895-006-04-( t+

PROJECT ENGINEER: KMS LDCAT]ON: MlLt 95.000, l.2m S 0F CL ELEVATION: 325.81 (m)

SAMPLT TYPE ]RAB SAMPLE JHELBY TUBT IXISPLIT SPOON F=NO RTCOVERY IELD VANE II{IRE UNE

BACKI ILL TYPI ]ENTONITE leen ennvei ffisLouor ficnour ]RILL CUÏTìNGS SAND

E

-t--
o-
LJ
Õ

¡ 8ULK UNIT M. (kN/m^J) ¡,
14 1Â 18 ?n

J
Om

LN)
tn

Soil

Descriplion

!
II
r-

Oz.
LJ
J
o_-
(ñ

z.
ts-4
<n

êUND.SHE'{R STRNGIH (kPo) I20 4¡ 60 80

E
z.
-'<
lt
J
t!

PI.ASI'IC M.C. UQUID

40 80 r20 160
âCoNE (BL0V/S/J00mm)r
20 40 60 8tì

IU.U

21.0

22.O

2t.0

24.0

25.0

26,0

27.O

28.0

- 29,0

_ SEEPAGE DURING DRILLING

- STANDPIPE PIEZOI./TI'TR Pl INSTALLTD

TOP 0F PIPE AT [LEV. J25.01m

JOJ,O

-J02.0

J01.û

-300 0

-299,0

298.0

297.O

-296.0

-295.0

-29+.0

UMA Engineering Ltd.
Winnìneo ìf anitnha

OGGTD Bf DY IOMPLEIION DEPTH: 25.0 m

IEVIMED BY: KMS ]OMPLfIE: 2+/02/9+
:io. No: Poqe ofJ
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PROJECT: AQUEDUCT BUOYANCY PROGRAM DRILLED BY: PADDOCK DRILUNG BOREHOLE NO: B

CLIINT GORI & STORR|E/CIIY 0F WTNNIPEG DRILL ïPt: lr'tOBILE 861 C/W 200mmHS AUGER I PROJECT N0: +8S5-006-04- +

PROJECT ENGINEER: Kll{S LOCATION: MlLt 91.40û, 32.6m S DF CL ELEVATION: 524.6 (n

SAMPLT ffPE IGRAB SANPLE I

,ISHE].BY TUBI IXISPffi SPOON F=NO RECOVMY :IEI.-D VANE i{IRE UNE

BACKFILL TYPE PEA GRAVEL IIIIISLOUGH Ii.IGROUT )RILL CUMNtS SAND

E
-t--
o_trlô

¡8ULK UNIT M. (kN,/m^i)r
14 16 18 20

z
J

É

U)
J

U)

Soil

Description

!
f-

-!

l-

tn

z.
t!J
o_

(n

F
o_v) +UND.SHEAR STRENGIH (kPo)+

20 40 s0 80

E
z.
-,<
ú
J
L!

Pì-ASIIC M.C, UQUID

40 80 120 160

,r CONE (810\ls/500mm) r.
10 dn Aô 

^n

t-0

2.0

J.0

4.0

5_0

6.0

7.0

8.0

on

lnn

ORGANtCS (PEAI)

-frozen lo 0.45 metres

-f ibrous

-brown
-wet
-compressìble

IJB

J9

+0

+

+2

+3

-J24.0

-J2J.0

-322.8

-JLt,V

-J I 9.0

-3 t8.0

-J 17.0

-l tb.L

-J15.0

i : 564o/"

'/,/
,4,

71,

ut
2
v
,2
',/,/
'./,/

Ø
7Z

Ø//

t
v
Ø

,I
Ø,b

SILT

-lìght grey, vrlth fÍne sond, wei, loose

r

CI-AY

-grey, silty, hiqh plosticily

-trcce of orgonics (rootleis), wet

-firm to soft

CLAY *ttAQUEDUCT INVERT AT 5.58m ***x**

-grey, silty, intermediote plosticity

-troce of scnd and grovel (10-12mm dio

iypìcol)

-wet, soft

. .l ::ilr
ili,li
:l::l
il

:l!:
, l' I

: : : : t: : :

:l:;l:
iö:
:...1 -.

: l:
:\:

UMA Engineering Ltd.
ïlinninpo ìfanitoh¡

-OGGED BY: DY SOl\lPLI ION DEPT H: 15.9 m

lEVltWtt) BY; KMS ]Ol\,lPLT E, 21 /02 '94
:io. No: Poqe of2
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PROJICT: AQUEDUCT BUOYANCY PROGRAM DRILLED BY: PADDOCK DRILLING BORIHOLE NO: 14
CLIENI G0Rt & sTORRrE/CilY 0F ll\JINNII

)r^
DRILL TYPI: II1OBILE 861 C/\trl 200rnmHS AUGER I PROJECT N0: 4895-006-04-04

PROJECT ENGINEER: KMS LOCATION: MILE 87.071, 2.9m S 0F CL ELEVAION: 520.5a (m)

SAlrllPl E TYPI ]MB SAMPTT SHELBY TUBI IXISPLIT SPOON F=NO RECOVERY FIELD VANE WRE UNE

BACKI ILL IIPE ]ENÏONITE rtÁ GRAVEL llllISLOUCH Ii.l0Aour )RILL CUI ÏNGS SAND

E
-F
o_
L!Õ

¡ EULJ( UNIT M. (kN,zm^i) ¡
tL 1Â 1R 7l\

d
!f,:=3cJNn+

a

I

J
O
cê

=
U)
J

U)

Soil

Description I

Oz.
t!J
o_

(n

z.
ô_(f) ÒUND.SHEAR SI'RENGIH (kPo) 0

20 40 ù0 80

E
zo
=(r
J
t!

PUSIIC M.C. UAUID

40 8ö t?o 160
àCONE (8l0vls/500mm)f
20 40 ô0 80

U,U

r.0

2.0

J.0

4.0

5.0

6.0

7.0

8.0

s:0

nn

ì 588%

FILL

-Urgonrcs (Peot)

-fibrous, brown

-wet, very compressible
96

gÁ

9S

100

101

102

l0l

i20.0

J t9.0

il 8,0

i t7.0

-Jt 6,0

ft 5,0

-Jl 4.0

JIJ,O

-J r2.0

-J I 1.0

:o?sìñirs-(pìoi) - - - -
-troce of fine grey silty sond, brown

-fibrous, rvet, very compressible

/_

t::
| 235Y"

: I : :\æ--:<:\:
3657" !ì -Cloy

-with orgonics (loyered with peot)

-silty, some sond incìusions

-grey, wet, soft
***,***AQUEDUCT INVERT AT 1.41 lvltTRtS***,*r,*

F

-ï

CLAY

-silty
-trcce of grovel, low plosticity

-wet, firrn
SILT

-clcyey
-brown to grey

-[roce of sond ond grovel

-moìst fo wet

-compoct

::.1
.::l:,:,i
i!!l

tl: : :l
:::l
t.tl
::"1ril
il
,,1
.ii
,:lr!i| ,l

.t
!¡
i.i
:i

AUGER REFUSAL AI 9,14 [,{EI'RES

NOTES - STEPAGE DURING DRILLING
_ SIANDPIPE PIEZOI\/TI-TR P,14 INSTALLED

UMÄ Engineering Ltd.
ïIinninps fuf¡nitoha

-OGGED BY: DY 30[,lPLEllON DEPTH: 9.1 m

ttVltWtD BY: K[/S s0MPLtTÉ 17/02/94
-rq. No: Poqe of1
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APPENDIX 5-1. Spreadsheet model used with partial safety factors from
;r OHBDC (leel).
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SHOAL LAKE AQUEDUCT BUOYANCY ASSESSMENT - Bocov River Stretch ( Mile 85.0 to 88.5) - Partial Safetv Factor Method Usino OHBDC (1991) Load and Resistance Factors

or pred¡ct€d unil w€¡ght

un¡tw€¡ghts

Bacmll SlHr Ræl3tanæ:
Depth of ConmclÊd Brcmll Above lnvert

[--ì.õ-l= peat oackfill (no sh6r r6¡st¿rce)

W= ctay ¡ayer (m) (d€püì conùibuting to shea r€slslance) 22.50 (kl',üms)

0.so

Submerg€d BacK¡ll, 0sub.
Non-Submerged Crom BacK¡ll, obulk

BacKill Shetr, 06h€tr
LJndminêd Shêd

Buovanw Læd Pârameteß

1-.*= 9.81 (kl't/m3)

Buoyacy Læd Factor, a= 1.05

Granular Bãllãat PofamêteB

1.*hú='..'.1{:ì0 (kÎ'¡/ms)

Rêsistanc€ Faclor, obulk =::... :::. b:BO Non-submerged battæt

R€sistancê Factor,

ceneral Buoyancy Equat¡on: lobdd (backfillweighl) + otu (backf¡llshear Í€sistancs) + 0ffiob (wsight of aqueduct) + 0æ (granular ballæt we¡ghD] ¿ a(buoyant forc€)
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SHOAL LAKE AQUEDUCT BUOYANCY ASSESSMENT - Boqov River Stretch ( Mile 85.0 to 88.5) - Partial Safetv Factor Method Usinq OHBDC (1991) Load and Resistance Factors

or pred¡cled unit w€lght

we¡ghb

Backfll Sher R€lslanæ:
fÞott¡ ol ComBcled Bsckf ll Aboye l;vert

flll]]= æat uacmlt(no sheü rsistance)

lffil= "l"y 
tayer (m) (depth conùibuting to shed r€slstanc€) tæ=

Rs¡slancs Factor, oconcrste =

æ.SO (kl.l/nr)

0.90

Submerged BacK¡ll, 06ub.
Non.Submerged CroM Backf¡ll, obulk

Backfill Sheil, 06hea

UndEined Sheù

Buovanw L@d PafameteE
'y-,*= 9.Bl (kt¡/ms)

Buoyæy L@d Factor, c = 1-o5

Granular Ballagl Parametera

I'uuur=. . ,1i.¿ô (k1'/m3)

Bes¡stance Factor, Qbulk =::, , ,6;¿9 
"on-subm€rged 

bal¡æt
(krvm3)

R€s¡stanc€ Factor, 06ub

General Buoyancy Equatlon: [0wù (backf¡ll wsight) + Otu (backfill shoar resislance) + Offi€þ (wsight of aqu€duct) + O@d (granular ballast ws¡ght) 2 o(buoyant forc€)
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SHOAL LAKE AQUEDUCT BUOYANCY ASSESSMENT - Booqv Biver Slretch I Mile 85.0 to 88.5) - Partial Safetv Factor Method Usinq OHBDC 11991) Load and Resistance Factors

Backlll Shear RBlslanæ:
lÞoth of ComEcted Båckf,ll Above lnyert

l]]3ll]]= æat oackrìlr (no sheã r6ista¡cê)

ffil= clay tayêr(m)(d€pth conbibuting to sheil rs¡stance)

Submerg€d Backf¡ll, Fub.
Non-Submerged Crom Backl¡ll, obulk

Backlìll Sher, Qsh€a

GbnulaÌ Ballagt Pahmebß
1ÈMú=::::.:::i¡iô (kl'¡/mr)

or pred¡cted unit welghl

unit we¡ghb

Buovand L@d Pa6meterg

I-,ø= g.gj (kMms)

Buoyilcy Load Factor, c= .t.05
Res¡stance Facto( Qbulk =

lÉ8es¿l¡¡d=
Rssistancs Factor, osub =

Non.Subm€rged ballæl
(k¡Um1

I
'I
g

:l

i
--1

I

;
:$

I

F53-

;t

à.:,]

cen€ral Buoyåncy Equatlon: foEd¡ (backf¡ll w€¡ght) + Otu (backfillshear r€s¡stanc€) +Qffie (wêight of aqueduct) + ftd6 (granular ballast w€¡ght)l ¿ a (buoyant lorcs)
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SHOAL LAKE AQUEDUCT BUOYANCY ASSESSMENT - Boqov River Stretch ( Mile 85.0 to 88.5) - Partial Safetv Factor Method Usino OHBDC 1199f ) Load and Resistance Factors

or pred¡ct€d un¡t w€¡ght

un¡lweighb
= p€at backf¡ll (no sh€il rGistanco)

= clay layêr (m) (deph conùibuting to sheã ræ¡stance) fæ= 22.50 {ktümr}

SuÞmerged BæK¡ll, Gub.
Non-Submorgod Crom BacK¡l¡, obulk

Bæklill Sheil, osheil

Buovanw Ldd Panmelefg

1-ræ= 9.gr (k¡UmJ)

Buoyilcy L@d Factor, o = 1.05

Gf anular Bållast Pannetefs
r'u*ú=',.. ',.'i;:¡o (kr'um3)

Res¡stance Faclor, Qbulk = :: 9:gg ¡on-Subm€rged bailæt

r-*sffi=W (kMm3)

Res¡stance Factor, Qsub

General Buoyancy Equatlon: loHfl (backfill weight) + Otu (backlìll shear rssistancs) + Offieb (w€ight of aqusduct) + obhe (granular ballast weight)l ¿ a (buoyant forc€)
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SHOAL LAKE AQUEDUCT BUOYANCY ASSESSMENT - Boqov River Stretch I Mile 85.0 to 88.5) - Partial Safetv Factor Method Usino OHBDC (1991) Load and Resistance Factors

or predlcted unit weight

unlt weighb

Backfll Sher R€lslanæ:
Deptl¡ ol Com$cted Backf,ll Above lnvert

f]Ill]]= æar lacktitt(no sheã rsisrancs)

E#ffiffiffiH$ffi|= .luv taver (m) (deph conùibuting to sh€ü ræistance)

Subm€rged Backf¡ll, Fub.
Non-Submerged Crom Bækf¡ll, Obulk

BacK¡¡l Sh€il, oËheil

UndE¡ned Sh€a

Buovanw L@d ParamebE
'l-,*= 9.81 (kMm3)

BuoyilcyLoad Factor, e= 1.Os

Granular Ballast Panmeterg

rEeú=,:::j:.:..i¡:¡ò (kr.um3)

Res¡stanco Factor, obulk =::r. . Oîd Non-Submergsd bailæt

l.**=W (kÌ'üm3)th=
R6istance Fætor, ocorcrete =

22.50 (kN/ml

0.90

Generål Buoyancy Equatlon: loHru (backl¡ll ws¡ght) + 0M (backf¡ll shêar resistance) + offi€b (w€ight of aqueduct) + 6dB (granular ballast weighl)l ¿ a (buoyant lorce)
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APPENDIX 5-2. Simulation model output for the'BP'aqueduct section.
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Monte Carlo Simul¡

Workbook Namebl¡abil¡V æalvsis BP sêction.

¡tion Summaryfor the BP Aqueduct Section

Numbor of S¡mu

-Ms:"Í,ß
Numbor of

9qqq9
6

.. l¡'}lÍì!p-f.-o: 9,-t

..... ..........-s-"e!IP-lit,e

S¡mulation Stert

9"..

. . . ". 'I+it .llv"p"9rc-sþ"9.
4l29l2OO2 17:33

Simglation S

Simulation

4t2st2w17i!.
0O:0O:32

)rom BacK¡llwo¡ght iB26 o.50: t3.818 75.5U o.757 o.o1101 68.49( ..9"s'.9-8.:97
qo oâqor\rch Lêo BacH¡ll Weioht iB27 1.22( lz.as3i 41.a45 | 376 o.o11"t 41.79t

ìh€ar R€sistanco iB28 0.00( 0.000: 0.00c 0.00( o.o1 o.oü 99.98901

{queduct Sêlf Wsight 829 38.54: 49.730
.......9.1.'?.1"1

171.89,
-9-q,9q1
45.388

o.01

0.01
...91':!9.:!

163.124 9ft.989"1lotal Resistino Forcê 830 44.62'l 76 44

ìes¡stinq Ratio lB32 0.681 1.151 2.55f 0.695 o.o110/, 2.452 @ qÂool

|il¡nimum ballast deDth 837 o.o0{ o.06l 0.64f 4.051 0.01 0.60; 99.989/

!9.9l-9!el.B"o-9-'-s. j¡9.F"9ç_€"

{âw Rês¡slind Rãt¡ô

æ--q ..
Rî0

64.32r 78.4il 171.492 64.348 o.o1|v, 163.124 99.989p/

1.00( 1.142 2.559 1.000 o.o1101 2.452 eoa@,

iaturated backfill unit wt. B8 10.10f 12.948 l9.9tX 10-145¡ O-Ollo/ 19.987 9!t.989Þ/

þ-c3!!!-qeP!¡: iBe 0.15: 1.084 1.99i o.171 o.01101 1-576i 99.989o/

)oncrsts un¡tweioht= iB12 21.47i 23.351 24.49i 21.W o.o110r 24.741 99.989o/

)oncrsts area = iB13 ... .7,7:I
6.55i

?,1"q9
6.765

...................-?,:9-4"9

6.974
.1.ñJ
6 55f

. 9'0111
0.0t l.l

?'9.4F
6.972

ee."e--8.91

e qner:otal section aroa = iBl4
ìaturat€d ballast unit reioht = i815 16.251 18.025 tq Âßq 16.377 o.o1101 19.67 99.9890r
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Monte Carlo Simulation Summary for the BP Aqueduct Section
Summary of lnput Statistics

Simulation

Saturated
Backfill

Unit Weight
lkN/msì

Crown
Backfill
Depth
lml

Concrete
Unit Weight

lkN/m3ì

Concrete
Area

lm2)

Total
Section

Area
lm2l

Saturated
Ballast

Unit Weight
lkN/m3l

Minimum 10.10ç 0.155 21.47i 1.71C 6.557 16.252
Mâximum 19.99S 1.997 24-493 2.54ç 6.974 19.88€
Mean 12.949 1.084 23.35 2.13( 6.765 1A-O25
Standerd Deviet¡on 1.98€ 0.268 0.395 o.172 o.086 0.446
Coeff. Of Variation 0.1s3 o.247 0.01 o_o81 0.013 0.025
Variance 3.942 o.o72 0.15€ 0:030 0.007 0.r99
Skewneis 1.'t95 -0.002 -o.002 0.009 o_012 o_oo0
Kurtosís 4.055 2.932 3.O00 2.400 2.404 2.996
Number of Errors 0.000 o_ofì0 0.00c 0.00c 0.000 0.000
Mode 11.41¿ 1.O74 23.152 2.127 6.692 r7.58S
5o/o 10.70t o.M2 22.702 1.842 6.622 17.291
1îP/" 10_93t 0.74C 22.445 1.89t 6.64ç 7.453
15o/o 11.11 0.805 22.942 1.93S 6.67( 17.562
2Oo/" 't't.29î 0.85€ 23.01S 1.97t 6.68t 17.645
250/. 11.465 0.903 23.O85 2.OOt 6.70C 17.724
l0o/" 11.63f O.g¿tg 23.144 2_03¡ 6.71i 17.791
35o/" I 1 -816 0.98C 23.19S 2.0ô1 6.730 4.055
400/" 12.003 1.016 23.251 2.OAE 6-742 17.912
15"/o 12.20C 1.05( 23.30 2.101 6.754 17.969
if)/" 12.413 1.08r 23.351 2.129 6.764 18.025
i5o/" 12.648 1.11 23.401 2.151 6.775 18.081
ìO"/o 12.902 152 23.451 2.174 6.787 r8.138
i5% 13.191 1.187 23.503 2.198 6.79S 18.197
tOo/" 13.524 1.22! 23.558 2.224 6.81 18.25S
l5o/o 13.917 .26Í 23.617 2.253 6.82( 18.326
80o/o 14.395 1 .31C 23.683 2.284 6.842 18.401
850/" 15.00( 1.362 23.76C 2324 6.86( 18.488
loo/o 15.84€ .428, 23.457 2.363 6.881 18.59i
l5o/o 17.16C 1.52e 24.OOO 2.418 6.90€ 18.759
Filter Minimum
Filter Maximum

Ine_(1 pr ?)
Valuês Fi¡tered o c 0

Scenario #1

Scenario #2
Scenario #3
farqet#1 (Valuel 10.145 0.17 21.904 1.716 6.55S 16377
Ie.rse!fl (Pe.rç:1e) O.O11o/o o.o11"/< o.o1 10l" 0.O11"/o O.O11o/" O.O11"/a
faroet #2 fvaluel 19.987 1.97( 24.781 2.545 6.972 19.67r
Iarqet #2 (PercTo) 99.989.1 99.989"1 99.98901 99.98901 99.989o/o 99_9890¿

Ierye!.t9 gdrre)
Iaroet #3 lPercol"ì
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Stat¡sl¡cs

Mtntmum
Mâxlmum
Meân

ç99fr.:.9!.-v.îf !1119.T.

Varlance

Crown
Backfill
We¡ght
lkN/ml

ùKewneS€
Kurtosls

llHr.F.r..9!..F-qe.re
Mode

s_',ll

Monte Carlo Simulat¡on Summaryforlhe BP Aqueduct Section
Summary of Output Statistics

10./"

Arch Leg
Backfill
Weight
fkN/mì

?.Y:

0.50t

200/"

75.594

25o/o

'l3.a1f

30"h

1.4

35Uo

Shear
Resistance

lkN/mì

197.:.................................
6"/.

92.21

7.752

I ??9

41.444

i.97.:.................................

5.6

12 A9?

?.ill:.................................

(J-ooo

991{:.................................

8.1 54
o 632

3.442

Aqueduct
Weight

/kN/m\
îla

66 ¿C5

4.MC

Oo/o

nla

750/o

5 2Aç

I .195

ile

800/6

4 0-5F

6.1 26

nla""""'iìiä

nla

o onn

6.878

nla

6.5E€

N%

7.69

3.68€

Total
Resisting

Force
lkN/mì

61.37¿

4.473

:lller Mlnlmum

4.60

3U,54t

9.32s

49.73C

nla

5.37

1.9,??1.

LL,L9ç
12.254
iä:äää
i?:ööi
iö:Töä

:llter Maxlmum

nJa

l'.v..pe.(!..9.r.?.....................

.....f,.19Í
0.08Í

nla

6.797

t y-q! ge,e_ L!!!9.f.9-d...............

nla

16.834

7.508

icenarlo #1

nla

Resisting
Ratio

lF. r?f !9.f.2-.....................

nla

44.62

11.644

toenarlo #ll

nla

171.892

0.02s

nla

18.017
àö:är;ä
ää:iöä
äi:öää

hte.s.itL.[v.?.Lye)..............

2.454

12.699

76.44

fãroet #l lPêrcol^ì

0.00(

nlà

17.820

43.35¡

feroet #2 fvelml

îte

42.918

Ietdet #i2 lPefco/-l

Minimum
Granular Ballast

Depth
lml

0.233
317.537

r 3.888

NIà

44.239

fefoêl #3 fvelæl

33.478

nlâ

15.255

0

45.2U

fãfdel *3 íPefcc/.\

1 .185

nla

l6 86¡

46.066

4.368

nla

äö

18.82(

46.800

0.000

iä

79.783

nla

2t -l1:ttì

47.456

,.267

n/a

55 273

\.23

¿4 78P,

48.071

nla

5E.01¿

30. t 8¡

63.57

4R 627

07

nJa

New Total
Resisting

Force
lkN/ml

60. 1 os

49.157

61

nla
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Monte Carlo Simulation Summaryforthe BP Aqueduct Section

Distribution for Crown Backfill
WeighUB26
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Monte Carlo Simulation Summary for the BP Aqueduct Sect¡on
Simulation Results for Arch Leg Backfill Weight
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Monte Garlo Simulation Summary for the

Distribution for Aqueduct Self
WeighVB29
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Regression Sensitivity for Aqueduct
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Monte Carlo Simulation Summary for the BP Aqueduct Section

Distribution for Total Resisting
Force/830
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Monte Carlo Simulation Summary for the BP Aqueduct Section

Distribution for Resisting Ratio/832
X<=O.7 X <=2.45
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Monte Carlo Simulat¡on Summaryforthe BP Aqueduct Section

Distribution for Minimum ballast
depth/837
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Monte Carlo Simulation Summaryfor the BP Aqueduct Section
Simulation Results for New Total Resisting Force

Distribution for New Total Resisting
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Monte Carlo Simulation Summary for the BP Aqueduct Section
Simulation Results for New Resisting Ratio

Distribution for New Resisting
Ratio/B39
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APPENDIX 5-3. Simulation model output statistics and simulation summary for

the resisting ratio, all aqueduct section
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Monte Carlo Simulation Summaryforthe BO Aqueduct Section
Simulation Results for Resistino Ratio

Distribution for Resisting Ratio/832
X<=0.66 X<=2.17
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Monte Carlo Simulation Summary for the BO Aqueduct Section
(bulk unit weights for crown backfill)

Distribution for Resisting Ratio/832
X<=0.88 X<=3.13
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Monte Carlo Simulation Summary for the BP Aqueduct Section
Simulation Results for Resistinq Ratio

Distribution for Resisting Ratio/832
X <=0.7 X <=2.45
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Monte Carlo Simulation Summary for the BPM Aqueduct Section

Distribution for Resisting Ratio/832
x<4-72 x<=2.36
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Monte Carlo Simulation Summary for the RA Aqueduct Section
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Monte Carlo Simulation Summary for the RA Aqueduct Sect¡on
(includes shear resistance)

Distribution for Resísting Ratio/832
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Monte Carlo Simulation Summary for the RE Aqueduct Section

Distribution for Resisting Ratio/832
x <4.67 X <+.5
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Monte Carlo Simulation Summary for the RE Aqueduct Sect¡on
(bulk unit weights for crown backfill)

Simulation Results for Resisting Ratio
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Monte Carlo Simulation Summary for the RE Aqueduct Section
(includes shear resistance)

Distribution for Resisting Ratio/832
x<4.77 X <-J.88
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Monte Carlo Simulation Summaryforthe RG Aqueduct Section
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Monte Carlo Simulat¡on Summary for the RPM Aqueduct Section
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Monte Carlo Simulation Summary for the RRM Aqueduct Sect¡on
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